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FOREWORD 



The Prestressed Concrete Institute, a non-profit 
corporation, was founded in 1954 for the purpose 
of advancing the design, manufacture and use of 
prestressed and precast concrete. The Institute rep- 
resents the prestressed concrete industry, and a 
large segment of the architectural precast concrete 
industry, in the United States and Canada. 

The many technical, research and development 
programs of the Institute are financially supported, 
primarily, by about 200 Company Members, repre- 
senting some 300 plants throughout the United 
States and Canada and in many foreign countries. 
These firms are engaged in the manufacture of pre- 
cast and prestressed concrete products and pre- 
stressing materials for the construction industry. 

Important financial and technical support is also 
received from Associate Member companies, sup- 
plying materials and services related to the industry, 
and from individual Professional Members engaged 
in the practice of engineering, architecture or re- 
lated professions. Affiliate and Student Members 
are other important categories of individual PCI 
membership. 

As spokesman for the prestressed and precast 
concrete industry, PCI continually disseminates in- 
formation on the latest concepts, techniques and 
design data pertinent to the industry and to the ar- 
chitectural and engineering professions through re- 
gional and national programs and technical publica- 
tions. These programs and publications are aimed at 
advancing the state of the art for the entire industry. 

The primary objective of this, the First Edition 
of the PCI Manual for the Structural Design of Ar- 
chitectural Precast Concrete, is to enable the design- 
er to greatly improve and shorten his procedures 
for designing architectural precast concrete. It is in- 
tended to provide the designer with information suf- 
ficient to permit the safe design of architectural 
precast concrete, in accordance with commonly ac- 
cepted industry practice. 

This Manual should be used in conjuction with 
PCI Architectural Precast Concrete and the PCI 
Quality Control Manual for Plants and Production 
of Architectural Precast Concrete Products in order 
to become familiar with all aspects of architectural 
precast concrete production and design. 



Substantial effort has been made to ensure that 
all data and information in this Manual are accurate. 
However, PCI cannot accept responsibility for any 
errors or oversights in the use of material in the 
Manual or in the preparation of engineering plans. 
This publication is intended for use by professional 
personnel competent to evaluate the significance 
and limitations of its contents and able to accept 
responsibility for the application of the material it 
contains. 

The user of this Manual should recognize that 
even though Architectural Precast Concrete has 
been an established construction material and tech- 
nique for many years, it continues to develop at a 
rapid pace. Therefore, the Manual includes proce- 
dures and practices that may not be common to all 
areas. Some of the recommendations presented are 
under further review and study by PCI Committees 
even as the Manual goes to press. The designer must 
use engineering judgment, especially when these rec- 
ommendations differ from current codes or indus- 
try standards. This is especially true for Chapter 2, 
Connections, where some of the criteria are pre- 
sented to show a procedure or to suggest a design 
approach. 

Users of this Manual are encouraged to offer 
comments to PCI on the contents of this publica- 
tion and to offer suggestions for changes to be in- 
corporated in the Second Edition. Questions con- 
cerning the source and derivation of any material 
in the Manual should be directed to PCI. 
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INTRODUCTION 



Architectural precast concrete products are those 
precast concrete units of custom-designed or occa- 
sionally standard shape and size that, through either 
application, finish, shape, color or texture, contrib- 
ute to the architectural effect of the structure. 

The rapid growth in the use of architectural pre- 
cast concrete has created many innovations in ar- 
chitecture. Today, architectural precast concrete is 
available in complex shapes which serve not only as 
non-load bearing (cladding) walls, but also combine 
their attractive appearance with the ability to serve 
as main structural members. The realization of the 
precast concrete market potential has resulted in 
the development of a highly specialized industry. 
The successful and economical use of architectural 
precast concrete is dependent upon the designer's 
understanding of the production and erection limi- 
tations as well as the structural behavior of the ele- 
ment in place. 

STRUCTURAL DESIGN AND ANALYSIS 

Architectural precast concrete construction can 
be considered in three parts: 

1. The precast elements individually. 

2. The support system(s) for the precast element. 
The support system for a given precast element 
is the beam, wall, column, foundation, or any 
other part of the structure which provides ver- 
tical and horizontal support to the element. 

3. The connection, which is that part of the con- 
struction that serves to join the precast ele- 
ment to its support system. 

The structural design of the architectural precast 
elements and the system of which they are a part 
involves load transfer and consideration of stability. 
Achievement of structural design objectives also re- 
quires the consideration of movement or the poten- 
tial for movement within the system of which the 
precast element is a part. 

The potential for element volume change requires 
consideration. The volume changes that must be 
considered are: 

1. Elastic and inelastic deformations resulting 
from stresses within the element. 

2. Shrinkage. 

3. Expansion and contraction resulting from tem- 
perature changes. 



The potential for movement in the support sys- 
tem must also be given consideration. Movement 
can result from: 

1. Temperature change in the vertical and hori- 
zontal elements of the support system. 

2. Elastic and inelastic deformation in the ele- 
ments of the support system. 

3. Shrinkage of the concrete that makes up the 
support system. 

4. Horizontal displacement of the support sys- 
tem resulting from wind and earthquake loads. 

5. Elastic and inelastic vertical displacement of 
horizontal elements of the support system 
from gravity loads. 

6. Vertical displacement of the support system 
related to foundation movement. 

In most cases, the potential for movement may 
be estimated on the basis of rational analysis, and 
provisions made to accommodate these movements. 

The structural design of architectural precast con- 
crete requires that the Engineer first determine all 
loads which will act on the precast element, and 
then consider all of the following: 

1. Forces and strains induced during the han- 
dling, transportation, and erection processes. 

2. Acceptable crack locations and crack widths. 

3. The strain gradients across the thickness of 
the panel, and the restraint forces developed 
due to thermal differentials and non-uniform 
drying. 

4. The wind forces which can be expected on 
localized areas of a structure, and the res- 
ponse of a precast element to these transient 
loads. 

5. Forces which may develop in a precast ele- 
ment and connections due to distortion of the 
structural frame. 

6. Deflection response of a precast member un- 
der the action of: (a) live and dead loads, (b) 
wind loads, and (c) thermal loads and the re- 
lationship of these deformations to those ex- 
pected for elements attached to the precast 
member. 

7. The disparity which exists between acceptable 
tolerances for structures and those for precast 
members. 



8. Historical performance of various types of 
connections. 

The designer must recognize that loads and be- 
havior cannot be established precisely, particularly 
with respect to members continuously subjected to 
the environment. The imprecise nature of design 
loads will generally not affect the safety of the mem- 
ber, provided that reasonable values have been es- 
tablished and the above factors considered. This 
Manual attempts to provide the designer with the 
procedures to establish these values and suggests 
methods of design which have been successfully 
employed for a number of years. 

LOAD TRANSFER: GENERAL METHODS 

The forces which must be considered in the de- 
sign of architectural precast concrete structures can 
be classified as follows: 

1. Those which originate with a specific precast 
member. 

a. The weight of the element 

b. Earthquake forces 

2. Those loads that are externally applied to the 
element or transferred to the element by the 
behavior of the supporting structure. 

a. Wind 

b. Snow loads 

c. Floor loads 

d. Soil or fluid pressures 

e. Other design loads 

f. Construction loads 

3. Forces that develop as a result of restrained 
volume change or restrained support system 
movement. These forces are generally conce- 
trated at the connections. 

All non-load bearing elements should be designed 
to accommodate movement freely and whenever 
possible, with no redudant support (except where 
provisions are necessary to restrain bowing). Rela- 
tively simple analytical procedures will provide the 
forces required for connection design. The calcu- 
lations for the movement accommodation require- 
ments are more complex, but the designer can em- 
ploy the simplified methods discussed in the Man- 
ual with confidence. 

When redundant supports are necessary or where 
movement is to be resisted; the load-deformation 
characteristics of the element, the connections and 
the support system should be taken into account. 
Designs that restrain support system deformations 
generally require consideration of the interaction 
of more than one element of the support system 
and may require the use of relatively complex ana- 
lytical procedures. When element volume change is 



restrained, connection strain is generally necessary. 
Designs that employ connection strain require con- 
sideration of the load-deformation characteristics 
of the connections. 

APPLICATION 

The most common applications of architectural 
precast concrete in building construction are those 
in which the precast elements function as walls. 
Concrete is a nearly ideal wall material, since it has 
excellent sound transmission characteristics, is fire 
resistant, and is durable. In addition, architectural 
precast concrete provides almost unlimited poten- 
tial for economically achieving aesthetic design ob- 
jectives. 

Early applications were those involving the use 
of thin cladding or veneer panels where the func- 
tion of architectural precast was to provide a dec- 
orative surface. Designers soon began to recognize 
that architectural precast elements were capable of 
functioning as a wall without backing. Larger ele- 
ments provided the complete wall, and often were 
made with integral window openings. 

It is apparent that precast walls which are of suf- 
ficient mass for requirements related to manufac- 
turing, sound transmission, and fire resistance are 
also capable of sustaining significant loads. The use 
of precast concrete to separate or enclose space and 
to also function as load bearing walls is therefore 
an economical alternative to the use of more tradi- 
tional structural systems and wall materials. 

Among the many wall applications for architec- 
tural precast concrete, a distinction could be made 
between load bearing or non-load bearing elements. 

1. A non-load bearing (cladding) element is one 
which could theoretically be removed from 
the structure without significant consequence 
to the integrity of the building as a whole or 
the integrity of other structural elements or 

j systems within the building. Although non- 
load bearing walls are normally provided only 
for the purpose of separating space, they are 
subjected to externally applied loads, such as 
those produced by wind and earthquake. 

2. A load bearing element is one which resists and 
transfers loads applied from other elements. 
Therefore, a load bearing element is one which 
cannot be removed without affecting the ver- 
tical and lateral strength or stability of either 
the building as a whole or any of its parts. 

The use of architectural precast concrete walls to 
resist and transfer horizontal loads has become an- 
other efficient application. Here the architectural 
panels act as shear walls, transferring wind forces 
to the foundation. In order to accomplish this, the 
behavior of connections between panels must be 



evaluated. Precast panels can also be introduced in- 
to existing frames which may require strengthening 
for lateral load resistance, such as the updating of 
structures in seismic zones. 

Architectural precast concrete elements also func- 
tion as a beam in which significant bending mo- 
ments and shears are involved in the horizontal or 
nearly horizontal transfer of loads to supports. The 
loads transferred, in addition to the weight of the 
element, include floor or roof constructions as well 
as other dead and live loads originating on or with- 
in other elements within the structure. The beam 
could also participate in the transfer of lateral loads. 
The simplest form of participation in the transfer 
of lateral loads occurs when a beam serves as a strut 
between two lateral load resisting elements or sys- 
tems such as columns or shear walls. In these cases, 
part of the horizontal force applied at one point in 
the building is transferred as an axial force in the 
beam to other parts of the structure. There are cases 
in which the precast beam interacts with columns 
in a frame, thereby serving as a part of the lateral 
load resisting system. The use of wall-beam archi- 
tectural precast concrete elements to transfer the 
applied loads to isolated foundations is a common 
and effective use of precast concrete. Walls which 
are essentially solid are treated as deep beams, while 
those with significant openings are treated either as 
penetrated beams or as trusses. 

In composite construction, precast concrete ele- 
ments may be used as forms for cast-in-place con- 
crete. This solution is especially suitable for com- 
bining architectural and structural functions in load 
bearing facades, or for providing a significant degree 
of ductility for use in locations of high seismic risk. 

DESIGN ANALYSIS 

In some cases, the structural design of a single 
precast element can be completed with very little 
consideration of other materials and elements in the 
same structure. Here, the weight of the element to- 
gether with forces applied to the element are simply 
transferred to supports. Relatively simple calcula- 
tions will generally produce sufficiently accurate 
estimates of connection forces and the element can 
be considered independent of the structure. Occa- 
sionally, however, it is necessary to consider the 
characteristics of other materials and elements with- 
in the same structure. For example, determination 
of connection reactions which are based on the as- 
sumption that relative movement between two sup- 
port points may be neglected, may lead to inaccur- 
ate estimates of connection forces and therefore re- 
sult in designs that are likely to fall short of achiev- 
ing the designer's objectives. 

I n other cases, architectural precast elements may 
be used to interact with other precast elements or 



other parts of the structure in the transfer of loads. 
Here, the design of the interacting system and the 
individual precast elements must be based on anal- 
ysis of the characteristics of the system. 

Load transfer through architectural precast con- 
crete elements is generally an efficient and eco- 
nomical concept. The Structural Engineer can, by 
design, accomplish effective load transfer or inten- 
tionally choose to avoid significant load transfers 
through the precast elements. In some systems, the 
precast elements can be used along with other parts 
of the structure in the transfer of both vertical and 
horizontal loads. For example, precast elements 
can interact with a frame of columns and beams in 
the transfer of horizontal loads. 

In the preliminary design phase, the Structural 
Engineer should therefore recognize that he is able 
to choose the structural characteristics rather than 
simply analyze what appears to be a predetermined 
set of characteristics. 

DESIGN OBJECTIVES 

The design objectives for construction of which 
architectural precast concrete is a part are similar to 
those objectives which apply to the design of an in- 
dividual precast element. 

Structural integrity of the completed structure is 
the primary objective. Deflections must be limited 
to acceptable levels, and distress that could result in 
instability for an individual element or for the struc- 
ture as a whole must be prevented. Precast panels 
permit these objectives to be achieved. The inher- 
ent stiffness of architectural precast concrete panels 
will significantly stiffen a structure, thereby reduc- 
ing deflections and improving stability. 

Economy is an important design objective. The 
total cost of a completed structure is the determin- 
ing factor. What seems to be a relatively expensive 
precast element may, in fact, result in the most eco- 
nomical solution as a result of structural efficiency 
and the reduction or elimination of other costs. In 
some cases, uneconomical use of a precast element 
may be due to its inefficient application or the nec- 
essity for complex on-site construction procedures. 
Therefore, the designer should attempt to optimize 
the entire structure and consider the advantages 
provided by multi-functional precast panels. In this 
regard, the designer should be aware of the major 
economies offered by standardization. 

The aim of standardization is to reduce costs by 
increasing productivity. Standardization means 
fewer molds and a consequent reduction in mold 
making. Production-line working can be implemen- 
ted in the plant, enabling a particular casting se- 
quence to be repeated each day, leading to im- 
provements in efficiency through the repeated op- 
erations of familiar tasks. Handling, storage and 



delivery are simplified with consequent reductions 
in the risk of errors. Site efficiency is also improved 
through the repetiion of familiar erection sequen- 
ces. These benefits can only be achieved if there is 
a high degree of standardization in the design of 
the precast elements. 

It is often the case that, in the initial design stage, 
a high degree of standardization appears possible. 
However, as the details are finalized, a very strict 
discipline is required on the part of the designer if 
the creation of a large number of non-standard units 
is to be avoided. Any budget costs given at the ini- 
tial design stage should take into account the possi- 
bility that the number of different units will in- 
crease as the design progresses. If non-standard units 
are unavoidable, the increase in cost can be mini- 
mized if they can be cast from a master mold with 
simple modifications without the need for complete- 
ly special molds. In general, it is relatively straight- 
forward to alter a mold if the variations can be con- 
tained within the total mold envelope, i.e., by use 
of bulkheads or blockouts rather than by cutting in- 
to the mold surface. 

The term standard is difficult to define, but pa- 
nels cannot truly be described as standard unless 
they are identical in every respect. Even relatively 
minor variations, e.g., in the position of connec- 
tions, are sufficient to make a unit non-standard, 
causing increased cost. 

The aesthetic design objectives for the structure 
should be a matter of concern to the Structural En- 
gineer. A precast element or a system of elements 
may be capable of achieving all other design objec- 
tives, but may fall short of aesthetic objectives for 
the overall structure. 

DESIGN CRITERIA AND METHODS 

The selection of appropriate design criteria is one 
of the many important choices that must be made 
in the design process. In some cases, criteria are used 
in lieu of analysis. An example would be the use of 
a 1/4 in. provision for differential movement be- 
tween two adjacent stories in a multi-story building 
as a criteria for the design of the connections. By 
adopting this criteria, the designer is making a judg- 
ment. He could choose instead to calculate the 
amount of movement for his specific structure un- 
der applied loads. Whenever criteria is adopted, the 
designer should consider the limitations involved in 
the application of that criteria. 

Building codes contain design criteria. In some 
cases, these criteria are general and it thus becomes 
necessary for the designer to develop specific criter- 
ia. The Prestressed Concrete Institute, the American 
Concrete Institute, and other organizations have as 
a part of their purpose the development of useful 



design criteria and methods. The manufacturers of 
materials and products used in architectural precast 
concrete construction often publish design criteria 
and recommendations for methods to be employed 
in design involving their particular materials and 
products. The Engineer should review published 
manufacturers' recommendations to determine that 
tests or analysis upon which recommendations have 
been based are valid for a specific design problem. 
Much of the design criteria in use for precast as 
well as other building materials is derived from prac- 
tice. In this Manual, design criteria and methods em- 
ployed in practice by experienced engineers have 
been included for consideration by the designer. 

DESIGN EXAMPLES 

Design examples are included in the Manual for 
the purpose of illustrating the manner in which de- 
sign objectives, considerations, criteria, and meth- 
ods are defined, selected and used. The designer is 
cautioned against using a design example for his 
specific problem without a conscious determina- 
tion of its applicability. 

DESIGN RESPONSIBILITY 

It is in the interest of all parties — Prime Consul- 
tants, (Architect and/or Engineer of Record), Con- 
tractors, and Precasters — to have a clear under- 
standing of the duties and responsibilities of each 
party to avoid confusion of roles and to promote a 
more uniform working relationship. 

The design resjponsibilities are determined by 
the design option selected as indicated in the table 
on the following page. 

Most precast work today is covered by Option I. 
Option II (b) may occur when no Engineer is in- 
volved with the Architect for panel design, and 
where doubtful areas of responsibility therefore 
may exist. Under this Option, the manufacturer 
should employ or retain a Structural Engineer ex- 
perienced in the design of precast concrete, who 
will ensure the adequacy of those structural aspects 
of the erection drawings, manufacture, and installa- 
tion for which the manufacturer is responsible. Op- 
tion 1 1 1 is not yet a common practice but might be 
used for design of systems buildings. 



Contract Information 

Supplied by 

Prime Consultant 



Responsibility of 
the Manufacturer 



OPTION I 



Provide complete drawings and specifications de- 
tailing all aesthetic and functional requirements 
plus dimensions. 



The manufacturer shall make erection and production drawings (as re- 
quired) with details as shown by the prime consultant. He may suggest 
modifications that in his estimation would improve the economics, 
structural soundness or performance of the precast installation. The 
manufacturer shall obtain specific approval for such modifications. Full 
responsibility for the precast design, including such modifications, shall 
remain with the prime consultant. 



OPTION II 



Detail all aesthetic and functional requirements but 
specify only the required structural performance of 
the precast units. Specified performance shall in- 
clude all limiting combinations of loads together 
with their points of application. This information 
shall be supplied in such a way that all details of 
the unit can be designed without reference to the 
behavior of other parts of the structure. 



The manufacturer has two alternatives: 

(a) Submit erection and shape drawings with all necessary details and 
design information for the approval and ultimate responsibility of 
the prime consultant. 

(b) Submit erection and shape drawings for general approval and assume 
responsibility for his part of the structural design, i.e, the individual 
units but not their effect on the building. Firms accepting this prac- 
tice may either stamp (seal) drawings themselves, or commission en- 
gineering firms to perform the design and stamp the drawings. 

The choice between alternatives (a) and (b) shall be decided between 
the prime consultant and the manufacturer prior to bidding with either 
approach clearly stated in the specifications for proper allocation of de- 
sign responsibility. . 



OPTION III 



Cover the required structural performance of the 
precast units as in Option II and cover all or parts 
of the aesthetic and functional requirements by per- 
formance specifications. Define all limiting factors 
such as minimum and maximum thickness, depths, 
weights and any other limiting dimensions. Give ac- 
ceptable limits of any other requirements not de- 
tailed. 



The manufacturer shall submit drawings with choices assuming respon- 
sibilities as in Option II. 
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1.1 CONCRETE 

Concrete used to produce architectural precast 
concrete panels and members has special character- 
istics. The compressive strength is high due to the 
low water to cement ratio and the high cement 
content. Drying shrinkage and creep is low due to 
the low slump and the low water content. The con- 
crete is highly durable because of the low water to 
cement ratio, the use of entrained air, and the re- 
quirement for strong aggregates. 

Aggregates commonly selected for exposed con- 
crete facings are quartz, granite or marble which 
offer a wide variety of color and texture. These ag- 
gregates are much more expensive than normal 
sand and gravel aggregates which may also be used 
to produce architectural concretes. Special atten- 
tion should be paid to local aggregates to deter- 
mine that these lower-cost more-available aggre- 
gates do not have a rusting or staining problem 
when the aggregate is exposed to the environment. 

During production, architectural precast con- 
crete panels generally do not receive accelerated 
heat curing, as do precast prestressed concrete 
structural members. They are removed from forms 
at an age of about one day, after the concrete has 
reached a minimum compressive strength of 2000 
psi to 2500 psi. 

The properties of architectural concretes depend 
principally upon the mix proportions, aggregates, 
type of cement, consolidation technique, curing 
conditions, and age. Architectural concretes are 
affected by environmental conditions such as 
temperature, relative humidity and exposure. 

Tests to determine strength characteristics are 
commonly made to evaluate the properties of hard- 
ened concrete. There are three reasons for this: 

1. The strength of the concrete in compression 
or tension has a direct influence on the per- 
formance of the member. 

2. Of all the properties of hardened concrete, 
strength can usually be determined most 
easily. 

3. The results of strength tests can be used as an 
indication of other important qualities of 
hardened concrete. 

This section emphasizes the physical properties 
of hardened concrete which may be of specific 
interest to the designer of architectural precast 
concrete elements. If a thorough description of the 
properties of concrete is desired, an appropriate 
reference is the "Handbook of Concrete Engineer- 
ing." 1 

1.1.1 Compressive Strength 

The water-cement ratio and the degree to which 



hydration has progressed to a large extent deter- 
mine the quality of architectural concretes. For a 
given cement and aggregates, the strength that may 
be developed is influenced by (1) ratio of water to 
cement, (2) ratio of cement to aggregate, (3) grad- 
ing, surface texture, shape, strength, and stiffness 
of aggregates, and (4) maximum size of the aggre- 
gate. Other factors which may affect the strength 
are (1) type and brand of cement, (2) amount and 
type of admixture, (3) mineralogical makeup of 
the aggregate, and (4) consolidation. 

The compressive strength of concrete increases 
as the water-cement ratio decreases. Since archi- 
tectural concrete is proportioned to have a relative- 
ly low water to cement ratio, the compressive 
strength is high. Typical 28-day compressive 
strengths for architectural concretes range from 
5000 to 8000 psi. 

Compressive strength is preferably measured by 
making and testing standard 6 x 12-in. concrete cy- 
linders in accordance with the procedures in ASTM 
C31, "Making and Curing Concrete Test Specimens 

in the Field", ASTM C192, "Making and Curing 
Concrete Test Specimens in the Laboratory" and 
ASTM C39, "Compressive Strength of Cylindrical 
Concrete Specimens." However, the architectural 
concrete industry also uses 4 x 8-in. cylinders and 
4-in. cube shaped specimens. 2 Since a cube will ex- 
hibit a higher compressive strength than a cylinder, 
the equivalent standard cylinder strength is usually 
considered equal to 80% of the cube strength. 2 - 3 A 
particular precast manufacturer may have data to 
justify a different correction factor. 

Cement Type 

An estimate of the relative compressive strength 
of architectural concrete made with Type I and 
Type III cement at four different ages, assuming 
that concrete made with Type I cement has a rela- 
tive strength of 100 percent at each age, is presen- 
ted in Table 1.1. 

Table 1.1 Relative strength of architectural concrete as 
affected by type of cement 



Type of 
Portland 
Cement* 


Compressive Strength — % of 

strength of concrete made with 

Type 1 cement 


ASTM 


1 day 


7 days 


28 days 


3 months 


1 
III 


100 
150 


100 
125 


100 

110 


100 

105 



*Type I — Normal Portland cement 
Type III — High-early strength Portland cement 

The early-age strength gain associated with the 
use of Type 1 1 1 cement illustrates why precast con- 
crete producers use high-early-strength cement in 
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many applications. 

Architectural concretes are generally made with 
grey or white cements that meet the provisions of 
ASTM C150, "Portland Cement." Type III, as well 
as Type I white portland cements are produced. 
Type I white cement generally has strength gain 
characteristics between that shown for Type I and 
Type III cements in Table 1.1. Type III white ce- 
ment generally has strength gain characteristics 
similar to those shown for Type III cement in 
Table 1.1. 

Recent experience with super water reducing ad- 
mixtures has indicated that architectural concretes 
can be made with a strength in one day equal to 
80% of the compressive strength at 28 days. 

Curing Techniques 

Initial curing of architectural concrete takes 
place in the form, usually by covering to prevent 
loss of moisture and, in some instances, by the ap- 
plication of radiant heat. Subsequent curing is gen- 
erally unnecessary, because the maximum stresses 
in the concrete product frequently occur during 
stripping and handling. 

Information relating to the effect of time and 
temperature on curing of architectural concrete is 
sparse. The effects of low and high temperature, 
however, may be anticipated from Figs. 1.1 and 
1.2, even though these data are based on continu- 
ously moist-cured concrete. 

Fig. 1.1 Effect of low temperatures on concrete 
compressive strength at various ages 
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Fig. 1.2 Effect of high temperature on concrete 
compressive strength at various ages 
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Fig. 1.1 shows the relative age to compressive 
strength relationship for concrete containing 
Type I cement that has been mixed, placed, and 
moist-cured at temperatures of 40, 55, and 73 F 
continuously for 28 days. 4 After 28 days, the con- 
crete was moist-cured at 73 F. The relatively slow 
strength gain characteristics at 40 and 55 F would 
occur in a winter environment when heated ag- 
gregate and water were not used, and when heat- 
curing techniques were not used. A comparison 
for concrete containing Type III cement would be 
similar except for higher early-age strengths. 

The effect of mixing and moist-curing concrete 
at temperatures of 73, 90, 105, and 120 F continu- 
ously for 28 days is illustrated in Fig. 1.2. 4 After 
28 days, the concrete was moist-cured at 73 F. 
Such conditions might occur in a summer climate. 

Curing in the forms will generally produce con- 
crete with a compressive strength of 2000 to 2500 
psi at an age of 16 to 20 hr. if higher early-age 
strength is needed to improve performance during 
stripping, such as cracking resistance, then heat- 
curing may be used to accelerate the early-age com- 
pressive and tensile strength of the concrete. When 
accelerated heat-curing techniques are used, the 
concrete is raised to temperatures of 110 to 140 F 
during a short 10 to 18 hr heat-curing cycle. A typ- 
ical heat-curing cycle is shown in Fig. 1.3. 

Fig. 1.4 shows that heat-curing at 125 and 150 F 
can increase the 18-hr stripping strength up to 50- 
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Fig. 1.3 A typical heat curing cycle 
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65% of the 28-day compressive strength of moist- 
cured concrete made with Type I cement. 4 If Type 
III cement had been used, the 18-hr strengths may 
range from 60-80% of the 28-day moist-cured 
strength. 

With regard to Fig. 1.4, it should be noted that 
the delay period prior to applying the heat normal- 
ly ranges from about 2 to 6 hr. A delay period be- 
yond 6 hr is seldom practical. 

Test data and experience shows that the 28-day 
strengths of heat-cured concretes cast at normal 
temperatures and cured at elevated temperatures 

Fig. 1.4 Relationship between 18-hr strength and 
delay period 
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for short periods typically range from 90-105% of 
28-day strengths for similar concrete continuously 
moist-cured at 73 F. 

Air-Entrained Concrete 

The PCI Manual for Quality Control 2 recom- 
mends that architectural concrete subjected to 
freezing and thawing conditions should be made 
with air-entrained concrete. However, many archi- 
tectural concrete mixtures have difficulty in en- 
training the "normal specified air contents", i.e., 4 
to 7% due to their high cement contents, low 
slumps, and the grading of the aggregates. Thus, it 
is recommended that a "normal dosage" of the air- 
entraining agent be used instead of specifying a 
particular range of air content. Since architectural 
concrete elements are generally constructed in an 
above-grade vertical position, which is a moderate 
environment, air contents as low as 3 to 5% appear 
to provide the required durability. 

The architectural concrete industry does not use 
Type I A, 1 1 A, or IMA air-entraining portland ce- 
ments. Instead, admixtures are added to the con- 
crete during the mixing cycle to entrain the air. 

At a given water-cement ratio, the compressive 
strength of common construction concrete is re- 
duced by approximately 5% for each 1% of en- 
trained air. At the same workability, air-entrained 
concretes have lower water-cement ratios than non- 
air-entrained concretes. Therefore, reductions of 
strengths due to entrainment of air are minimized. 

However, strength reduction may be greater in 
mixes containing more than about 550 lb of ce- 
ment per cu yd. Since architectural concrete mixes 
contain high cement factors, reductions of strength 
may be anticipated. Attainment of high strength 
and air entrainment may be difficult with certain 
concretes. 

1.1.2 Tensile Strength 

Performance of architectural precast concrete 
depends substantially on its resistance to cracking. 
The extent of cracking will be minimized if the 
concrete has a high tensile strength. Reinforcement 
in the concrete controls crack widths after cracking 
occurs. 

High tensile strength is needed at the time archi- 
tectural concrete is removed from forms. It is in a 
fully moist condition at this time. Subsequently, 
the tensile strength is influenced by air drying. 

In determining the tensile strength of concrete, 
three types of tests have been used: (1) direct, (2) 
flexural, and (3) splitting tension. The direct ten- 
sion test is not in common use, because it is diffi- 
cult to perform. However, data from research indi- 
cates that direct tension strength varies from 12 to 
7% of the compressive strength when strength var 
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ies from 2500 to 7000 psi, respectively. 
Flexural Tension 

The flexural test, easily made on small plain con- 
crete beams in accord with ASTM C78, "Flexural 
Strength of Concrete (Using Simple Beam with 
Third-Point Loading)", does not directly measure 
the tensile strength of concrete, but determines 
what is commonly known as the modulus of rup- 
ture. Modulus of rupture depends to a considerable 
extent on the distribution of load, size of speci- 
men, moisture condition, and the rate of loading. 
The value of tensile strength inferred by modulus 
of rupture tests is considerably higher than values 
given by either the direct or splitting tension tests. 

Lightweight aggregate concrete which is allowed 
to dry has a lower modulus of rupture than con- 
tinuously moist-cured lightweight concrete. Sand 
and gravel concrete which is allowed to dry shows 
similar results; however, the percentage of strength 
reduction due to air drying is considerably greater 
for lightweight concrete than for sand and gravel 
concrete. Flexural strength is affected by the 
strength of the coarse aggregate particles and by 
the bond between the coarse aggregate particles 
and the paste. The lower flexural tensile strength 
of air-dried lightweight concrete is characteristic 
when air -dried lightweight and normal weight con- 
cretes are compared on an equal compressive 
strength basis. 

Flexural strength is not a constant proportional 
part of the compressive strength. The proportion- 
ality ratio decreases as compressive strength in- 
creases. It is generally accepted that the modulus 
of rupture is approximately a function of the square 
root of compressive strength, as given by: 



f r - K/T 



, psi 



(Eq. 1-1) 



where 

f r = modulus of rupture, psi 

f' c = compressive strength, psi 

K = a constant, usually between 8 and 10, but 
implied to be equal to 7.5 for design 
purposes in the ACI Building Code (ACI 
318-77) 5 . 

Eq. 1-1 applies to concrete strengths ranging from 
2500 to 8000 psi. The constant, K, is lower when 
lightweight concretes are used. 

Splitting Tension 

The splitting tensile strength, f ct , of concrete 
cylinders determined in accord with ASTM C496, 
"Splitting Tensile Strength of Cylindrical Concrete 



Specimens/' is a convenient relative measure of 
tensile strength. The test is performed by applica- 
tion of diametrically opposite compressive loads to 
a concrete cylinder laid on its side. 

The cylinder splitting method is a more reliable 
measure of tensile strength than the modulus of 
rupture beam test, particularly for architectural 
concretes which are always subjected to air-drying 
conditions. Perhaps the most important advantage 
is the simplicity, which affords the opportunity to 
test economically a large number of specimens. 
The test results will satisfactorily reflect such varia- 
bles as compressive strength, age of concrete, and 
type of curing. 

Air-drying delays and reduces the ultimate po- 
tential tensile strength of concrete made with light- 
weight aggregate. Normal weight concretes actually 
show an increase in splitting tensile strength when 
subjected to air-drying, as shown by Fig. 1 .5 6 . 

The tensile splitting strength of air-dried, all- 
lightweight concrete varies from approximately 70 
to 100% of that of normal weight concrete, when 
comparisons are made at equal compressive strength. 
The reduction is more pronounced for high-strength 
concrete and is also greater for all lightweight con- 
crete than for sand lightweight. Replacement of 
lightweight fines by sand generally increases the 
splitting tensile strength of lightweight concrete 

Fig. 1.5 Effect of moist curing and drying time on splitting 
tensile strength 

600 



400 



200 



I 
h- 

Z 
UJ 
DC 

f- 

co 

LU 

i\ 

H 

o 



CL 
CO 



- 


CO 


ntinu 


ous 


noist cur 


ng 






- 


S^ s 


^~- 




±&. 


^drying after 
" initial curing 


-/ 

















days: 3 7 14 28 90 180 360 720 

AGE AFTER CASTING LIGHTWEIGHT CONCRETE 



ow 




dry 
init 


ng a 

al cu 


fter 
ring 


^ry: 


---- 


- — -= 


^^r 


400 








-e-T" *"" 


































continuous moist curing 


200 


































n 



















days: .3 7 14 28 90 80 360 720 

AGE AFTER CASTING NORMAL WEIGHT CONCRETE 



1-5 



subjected to drying. In some cases, this increase is 
nonlinear with respect to the sand content, so that 
partial sand replacement is as beneficial as com- 
plete replacement. Also, air-dried all-lightweight 
concretes with inherent high splitting strengths 
show little improvement as the sand content is in- 
creased. In all cases, the tensile splitting strength of 
heat-cured lightweight concrete is less than that of 
heat-cured normal weight concrete. 

Tensile splitting tests are not required by the 
ACI Building Code 5 (ACI 318-77) if shear and tor- 
sion stresses, cracking moment, modulus of rupture, 
and bar development lengths are based on the ten- 
sile strength of lightweight aggregate concrete 
(with or without sand replacement) as a fixed pro- 
portion of that for normal weight concrete. The 
proportion of normal weight concrete shear stress 
permitted is 75% if all-lightweight aggregate is used, 
or 85% if natural sand is combined with lightweight 
coarse aggregate to produce sand-lightweight con- 
crete. Linear interpolation is used for partial sand 
replacement of fine aggregate. 

Alternatively, these values may be increased if 
splitting tensile tests demonstrate that the tensile 
strength is higher than the specified percentages. 
For normal weight concrete, the splitting tensile 
strength, f ct , is approximately equal to 6.7 V f' c 
Therefore, when f ct is specified and determined for 
a particular lightweight aggregate concrete, the 
value of f ct /6.7 may be substituted for yj f' c in 
using the provisions of the ACI Code. 

In any case, the test for splitting tensile strength 
is primarily intended for laboratory determination 
of the relationship of tensile to compressive 
strength. It is not intended for control of or for 
acceptance of concrete in the field. If use of the 
splitting tensile strength of lightweight aggregate 
concrete yields shear values greater than allowed 
for normal weight concrete, the values for normal 
weight concrete must be used. 

Most structural lightweight aggregate producers 
have test data available to recommend splitting 
tensile strength values to the engineer for concrete 
in which the aggregate consists entirely of light- 
weight aggregate, and for concrete containing light- 
weight aggregate and natural sand. 

1.1.3 Modulus of Elasticity 

Although concrete is not a truly elastic material, 
the typical compressive stress-strain curves shown 
in Fig. 1.6 7 indicate linearity for stress levels up to 
35 to 50% of ultimate stress. Important features 
are that the maximum compressive stresses are 
reached at compressive strains of about 0.0020 to 
0.0025, and that concrete cracks at a tensile strain 
of about 0.0001 to 0.0002. 



Fig. 1.6 Stress-strain curves for normal weight concrete 
8000 




UNIT CONCRETE STRAIN 

The modulus of elasticity, E c , is defined as the 
ratio of normal stress to corresponding normal 
strain. It depends on the modulus of the cement 
paste, the modulus of the aggregate, and the rela- 
tive amounts of paste and aggregate. The modulus 
also varies according to its definition, whether ini- 
tial tangent, tangent, or secant modulus. The secant 
modulus is commonly used. Because it decreases 
with an increase in stress, the stress at which the 
secant modulus is determined should be stated. In 
general, concretes yield similar tensile and com- 
pressive secant moduli of elasticity values up to 
40-50% of their ultimate strength. 

The modulus increases as the degree of hydra- 
tion increases. Thus as strength increases, the mod- 
ulus also increases. A general empirical relationship 
between strength, weight, and modulus of elasticity 
in the ACI Code for normal weight concrete is: 



E c = 33 w 1 - 5 



(Eq. 1-2) 



where 

E c = modulus of elasticity, psi 

w = unit weight, pcf 

f' c = compressive strength, psi 

The variation of E c with w and f' c is illustrated in 
Fig. 1.7, as calculated from Eq. 1-2. If values for E c 
critically affect the design, tests may be appro- 
priate on the specified concrete, in accordance 
with ASTM C469 "Static Modulus of Elasticity 
and Poisson's Ratio of Concrete in Compression." 

Depending on the type of lightweight aggregate 
and the sand content, the modulus of elasticity of 
lightweight concrete is generally 20 to 50% lower 
than that for normal weight concrete of equal 
strength, Eq. 1-2 may be modified in order to esti- 
mate the modulus of elasticity of structural light- 
weight concrete as follows: 
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Fig. 1.7 Modulus of elasticity as a function of strength 

and air-dry unit weight of normal weight concrete 
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(Eq. 1-3) 



in which C is a factor dependent upon the value of 
f' c . Values of C are given in Fig. 1.8. This empirical 
formula is reliable for structural lightweight con- 
cretes with compressive strengths ranging from 
2500 to 7000 psi. 

Concretes that are heat-cured to accelerate com- 
pressive strength have been found to have the same 
modulus of elasticity values as those indicated by 
Eqs. 1-2 and 1-3. 

1.1.4 Poisson's Ratio 

Poisson's ratio is the ratio of transverse strain to 
axial strain resulting from uniformly distributed 

Fig. 1.8 Modulus of elasticity as a function of strength and 
air-dry unit weight of structural lightweight 
concrete 
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axial stress. Values of Poisson's ratio, \i, like modu- 
lus of elasticity, vary with the aggregate and the 
cement paste. It also varies with moisture condi- 
tion and age of the concrete. Values generally 
range between 0.11 and 0.27. For elastic strains 
under normal working stresses, Poisson's ratio 
may be taken as 0.20. It is approximately the 
same for structural lightweight and normal weight 
concretes. 

1.1.5 Volume Changes 

Volume changes of architectural concrete are 
caused by variations in temperature, drying shrink- 
age due to air-drying, and by creep caused by sus- 
tained stress. The magnitude of these volume 
changes is directly related to the properties of the 
constituent materials. By careful selection of 
materials and proportions, volume changes can be 
kept to a minimum. Their magnitude is stated in 
linear rather than volumetric units, and these vol- 
ume changes are small, generally ranging in terms 
of unit change in length from 100 to 1000 mil- 
lionths in. /in. For example, a change in length of 
600 millionths in./in. may also be expressed as 
0.000600, or 0.06% or 0.72 in. per 100 ft. 

If architectural precast concrete were free to 
deform, volume changes would be of little conse- 
quence. If these members are restrained by founda- 
tions, connections, steel reinforcement, or connect- 
ing members, significant undesirable internal 
stresses may develop over an extended period of 
time. 

The volume changes due to temperature varia- 
tions are seasonal and as such can be positive 
(expansion) or negative (contraction). On the 
other hand, volume changes with architectural con- 
crete due to drying shrinkage and creep are gener- 
ally only negative (contraction). Since architectural 
precast members are generally not subjected to 
large sustained stresses, creep volume changes are 
usually small. Thus, the major volume changes in 
architectural concrete which must be recognized 
and accounted for are temperature and drying 
shrinkage. The consideration of temperature and 
shrinkage in design may be critical for some archi- 
tectural elements. They can affect performance, 
appearance, extent of cracking, effective tensile 
strength, and warping. The amount of temperature 
change and drying shrinkage movement that is 
tolerable depends on jointing and design details of 
the structure. 

Architectural precast concrete members are usu- 
ally 28 days or older when they are erected. Thus, 
much of the drying shrinkage will have taken place 
during yard storage, particularly if the elements are 
thin sections. However, connection details and 
joints must be designed to accommodate the long- 
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term drying shrinkage and creep, if any, and tem- 
perature change movements which will occur after 
the precast member is erected and connected to 
the structure. Experience and research data indi- 
cate that 28 days of drying prior to making the 
final connections will, in most cases, reduce the 
potential shrinkage and creep volume changes to 
manageable proportions. 

Temperature Effects 

The coefficient of thermal expansion of con- 
crete varies in proportion to the thermal coef- 
ficients and quantity of aggregate in the mix- 
ture, as shown in Table 1.2. 1 Ranges for normal 
weight concretes are 5 to 7 x I0" 6 in./in. per deg 
F when made with siliceous aggregates and 3.5 to 
5 x I0" 6 in./in. per deg F when made with lime- 
stone or calcareous aggregate. 

Approximate values for structural lightweight 
concretes are 3.6 to 6 x 10" 6 in./in. per deg F, de- 
pending on the type of aggregate and amount of 
natural sand. A coefficient of 5.5 x 10~ 6 in./in. per 
deg F, is frequently used. If greater accuracy is need- 
ed, tests should be made on the specific concrete. 

Table 1.2 Average coefficients of linear thermal 

expansion of rock (aggregate) and concrete 



Type of Rock 
(Aggregate) 


Average Coefficient of 

Thermal Expansion 
ax 10' 6 in./in. per deg F 


Aggregate 


Concrete* 


Quartzite, Cherts 

Sandstones 

Quarts Sands & Gravels 

Granites & Gneisses 

Syenites, ) 

Diorites, Andesite / 

Gabbros, Diabas, Basalt ) 

Linnestones 

Marbles 

Dolomites 

Expanded Shale, 

Clay & Slate 
Expanded Slag 
Blast-Furnace Slag 
Punnice 
Perlite 
Vermiculite 
Barite 

Limonite, Magnetite 
None (Neat Cement) 
Cellular Concrete 
1:1 (Cement: Sand) / 
1:3 
1.6 ' 


6.1-7.0 
5.6-6.7 
5.5-7.1 
3.2-5.3 

3.0-4.5 

2.0-3.6 
2.2-3.9 
3.9-5.5 


6.6-7.1 
5.6-6.5 
6.0-8.7 
3.8-5.3 

4.4-5.3 

3.4-5.1 

2.3 

3.6-4.3 

3.9-6.2 
5.1-5.9 
5.2-6.0 
4.2-6.5 
4.6-7.9 

10.0 
4.6-6.0 

10.3 
5.0-7.0 

7.5 

6.2 

5.6 



* Coefficients for concretes made with aggregates from different 
sources vary from these values, especially those for gravels, granites, 
and limestones. Fine aggregates generally the same material as 
coarse aggregates. 
** Tests made on 2-yr. old samples. 



The thermal coefficient for steel is (6.1 + 
0.0020) 10" 6 in./in./deg F, where 6 is the tempera- 
ture in deg F. 1 The thermal coefficient for rein- 
forced concrete is commonly assumed as 6 x 10~ 6 
in./in. per deg F. 

Drying Shrinkage 

Architectural precast concrete members are sub- 
ject to air-drying immediately following their pro- 
duction. During this exposure to the atmosphere, 
the concrete slowly loses some of its original water. 
This gradual loss of water during the first year or 
so causes a drying shrinkage volume change to oc- 
cur. Typical drying shrinkage volume change data 
versus age for architectural concretes made with 
normal weight and lightweight aggregates are 
shown in Figs. 1.9 and 1.10. About 40% of the 
drying shrinkage occurs by an age of 28 days and 
about 60% occurs by an age of 90 days. 

Total unit length change at age one year due to 
drying shrinkage of normal weight concrete typi- 
cally ranges from about 400 to 650 millionths in./ 
in. when exposed to air at 50% R.H. Lightweight 
concrete containing all natural sand fines has one- 
year shrinkage values that range from 550 to 900 
millionths in./in. Concrete with a unit shrinkage of 
600 millionths shortens about 0.72 in. per 100 ft 
while drying from a moist condition to a state of 
moisture equilibrium in air at 50% R.H. In com- 
parison, this equals approximately the thermal 
contraction caused by a decrease in temperature 
of 100 F 

Creep 

When concrete is subjected to a sustained load, 
the deformation may be divided in two parts: (1) 
an elastic deformation which occurs immediately, 
and (2) a time-dependent deformation which be- 
gins immediately and continues for a long-term. 
This latter long-term deformation is called creep. 

Creep is the length change with time due to a 
sustained stress. The effects of creep, along with 
those of drying shrinkage, should be considered, 
and, if necessary, compensated for in structural 
design. The creep length change will be negative 
(contraction) if the sustained stress is compression 
and will be positive (expansion) if the sustained 
stress is tension. 

For design, it is convenient to refer to specific 
creep, which is defined as the creep strain per unit 
of sustained stress. The specific creep of plain con- 
crete per unit stress (psi) can range from 0.2 to 2.0 
millionths in./in./psi, but is ordinarily about 0.5 to 
1.0 millionths in./in./psi for architectural concretes 
made with normal weight aggregates. 

Typical creep volume change data at normal 
room temperature versus age for architectural con- 
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Fig. 1.9 Typical range of drying shrinkage for normal weight concrete 
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Fig. 1.10 Typical range of drying shrinkage for lightweight concrete containing all natural sand fines 
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cretes made with normal weight and lightweight 
aggregate are shown in Figs. 1.11 and 1.12. The 
data for specific creep shown in these figures may 
be used to obtain total creep by multiplying by the 
sustained stress level, as long as the sustained stress 
level does not exceed approximately 50% of the 
tensile or compressive strength of the concrete. 
Fig. 1.13 may be used to determine the relative 
creep, K p factor, for various stress-strength ratios. 

Creep increases when the ambient temperature 
exceeds normal room temperature. Considerable 
variation is reported in the technical literature, but 
the creep at 120 F may be expected to be 2 to 3 
times as great as creep at room temperatures, and 
4 to 6 times as great when the temperature is at 
212 F. 



Member Size Effect 

Both creep and shrinkage have a similarity re- 
garding their rate with respect to time. 8 Fig. 1.14 
shows an average curve for the ratio of creep or 
shrinkage at any time to the final value at an in- 
finite time obtained for concrete with a volume to 
surface area ratio of 1.5 in. 

At 28 days, about 40% of inelastic creep or 
shrinkage strains have taken place. After 3 and 6 
months, 60 and 70%, respectively, of the creep or 
shrinkage strains have taken place. 

The curve in Fig. 1.14 is for concrete having a 
volume to surface area ratio of 1.5 in. Such data 
are commonly obtained from 6 x 12-in. cylinders, 
which have a volume to surface area ratio of 1.5 in. 



Fig. 1.11 Typical range of creep for normal weight concrete 
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Fig. 1.13 K p factor-relationship of creep and stress- 
strength ratio 



Fig. 1.15 Volume surface ratios for precast structural 
concrete members 
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when their ends are sealed. This curve can be used 
to extrapolate the ultimate creep or shrinkage 
values from laboratory tests covering a relatively 
short period of time. 

Typical architectural precast members have a 
volume to surface area ratio of 1.5 to 3.0 in. By 

Fig. 1.14 Shrinkage or creep vs time 
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comparison, typical structural precast concrete 
members have a volume to surface area ratio of 
1.2 to 5.5 in. as shown in Fig. 1.15. 9 

If precast architectural members have a volume 
to surface area ratio greater than about 2.0 or 2.5 
in., the early age rate of shrinkage and/or creep will 
be substantially lower. Fig. 1.16 can be used to 
estimate the early-and later-age volume changes 
due to shrinkage or creep of more massive precast 
members. 

1.2 GROUTS, MORTARS, AND DRYPACK 

The previous sections have described the proper- 
ties of concrete, which by definition contains 
water, cement, sand, and coarse aggregate. When 
water, cement, and sand are mixed together with- 
out coarse aggregate, the material is defined as 
mortar. It may also be referred to as grout or dry- 
pack. These three materials have numerous applica- 
tions with architectural precast concrete as they 
are often used as principal load-transferring mate- 
rials in horizontal and vertical joints. 

Different types of cementitious materials may 
be used to produce these materials. Typical cemen- 
titious materials used are: 

1. Normal portland cement 

2. Shrinkage-compensated portland cement 

3. Expanding portland cement made with special 
additives 

4. Gypsum-based portland cement 

5. Epoxy resins 

The most common and most economical cemen- 
titious material is normal portland cement. How- 
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Fig. 1.16 Variation in creep or shrinkage with volume to surface area ratio (mass factor curves for determining K m ) 
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ever, other types of portland cements are used for 
special applications or when cold weather presents 
strength problems with normal portland cement 
mortars. Expanding and gypsum-based portland 
cement mortars are frequently proprietary. 

Normal portland cement "grout" usually con- 
tains a relatively high water content, which pro- 
vides a mortar with a pouring consistency. As a re- 
sult, the compressive strength values are relatively 
low, i.e., 2000 to 4000 psi, and shrinkage values 
are high. 

Normal portland cement "mortar" uses much 
less water than a grout and has a stiffer consistency. 
Strength values can typically range from 3000 to 
6000 psi, depending upon the mix proportions. 

Normal portland cement "drypack" contains 
only enough water to produce a slightly-moist 
mortar, which must be forcibly rammed into a con- 
fined space. Strength values can range from 4000 
to 9000 psi, depending upon the mix proportions. 

There are no simple tests that measure the 
plasticity or workability of these materials. It may 
be helpful to use the slump test as an index to 
these characteristics. Typical slumps for these 



materials are as follows: 

Grout - 6 to 9 in. 

Mortar - 1 to 5 in. 

Drypack — Not applicable 

Normal portland cement mortars, i.e., grouts, 
mortars, and drypack, typically have the following 
proportions by weight: 



Portland cement 
(ASTMC150) 

Sand 

(ASTM C33) 

Water 
Admixtures 



1 part 

2 1 A to 3 parts 

As required for 
Consistency 

As specified 



Proprietary mortars will each have their own 
mix proportions. 

1.2.1 Physical Properties 

The relative importance of the strength proper- 
ties of mortars will vary depending on the physical 
aspects of the joinery and connections, and the 
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materials intended structural performance. Prop- 
erties frequently of concern are: compressive 
strength, tensile strength, compressive modulus, 
bond strength, creep and shrinkage, and also dura- 
bility for exposed applications. Data on these char- 
acteristics of mortars are limited, compared with 
concrete. Available data on mortars made with 
normal, shrinkage compensating, or expanding 
Portland cement indicate the following: 

I.The compressive strength will depend upon 
the water/cement ratio, and since this may 
vary widely, the strengths will also vary over 
wide ranges. 

2. The tensile strength is approximately equal to 
1/10 of the compressive strength. 

3. The modulus of elasticity in tension or com- 
pression can be estimated by Eq. 1-2, but the 
designer must recognize that the unit weights 
of mortars can be as low as 130 pcf. 

4. The volume changes due to shrinkage and 
creep are going to be highly dependent upon 
the water content and the compressive strength 
of the material. 

5. Adhesion (or bonding) between hardened 
concrete and the plastic mortar or grout is af- 
fected by the water retentivity of the plastic 
material, the rate of moisture suction into the 
hardened concrete, the consistency of the 
plastic material, and the technique of forming 
the joint. For maximum bond strength, the 
water retention should be high, and the slump 
should be the minimum consistent with the 
application. Forming of the joint should be 
accompanied by enough pressure to ensure 
intimate contact between the plastic concrete 
in the joint and the hardened concrete of the 
connected surfaces. Bond strength is further 
increased by continuous pressure during set- 
ting of the plastic concrete. 

When freeze-thaw durability is a factor, an air- 
entraining admixture should be used, and the air 
content in the plastic grout or mortar should be 
9%± 1 1/2%. 

The compressive strength of mortars should be 
evaluated by tests on fresh and hardened mortars 
in the laboratory or at the site. ASTM Standards 
and test methods exist for making tests. 

1.2.2 Proprietary Grouts 

Many proprietary grout and mortar materials 
are available. These materials include a very wide 
range of formulations of cements, special cements, 
additives, and admixtures. Special aggregates or 
gradations and epoxies, acrylics, and other plastics 
are incorporated in some of these products. 



Most of these proprietary materials claim to 
have special characteristics or properties, such as: 
high strength, early strength, high bond strength, 
nonshrink or expansive performance. 

As is the case with any proprietary material, 
reliance must be placed on the data provided by 
the manufacturer as to whether the materials 
satisfy the requirements for the intended applica- 
tion. In the event that information is lacking, or 
its applicability or reliability is questionable, the 
material should not be used without supplemental 
testing. Ideally, the tests should simulate the in- 
tended application in all respects. 

1.2.3 Cold Weather Applications 

Typical portland cement mortars may have ex- 
tremely slow early-age strength gain when placed 
in cold weather. Heating the mortar may not be 
effective, because the heat is rapidly dissipated to 
surrounding concrete. Thus, it is highly desirable 
to have a heated enclosure when mortars are placed 
in cold weather. Typical normal portland cement 
mortars, which are mixed at 80 to 90 F and then 
placed into joints at 30 to 40 F, may have one-day 
compressive strengths of only 200 to 600 psi. 

A proprietary cementitious material, which com- 
bines gypsum cement and portland cement, has 
been recently developed to provide high-early age 
strengths even under cold weather conditions. 
Typical early-age strengths for this material, which 
can be mixed at 80 to 90 F and placed into joints 
at 30 to 40 F, are as follows, 1000 psi at 1 hour, 
1500 psi at 2 hours, and 2000 psi at 24 hours. This 
material can have 28-day strengths ranging from 
4000 to 8000 psi, depending upon the proportions. 
However, this gypsum-based portland cement mor- 
tar material must be used only on above-grade ap- 
plications since prolonged exposure to water will 
cause strength loss and long-term expansion. 

1.3 REINFORCEMENT 

Reinforcing in architectural precast concrete 
may serve either or both of two purposes. In mem- 
bers in which internal concrete stresses are always 
compressive, or are tensile but less than the tensile 
strength of the concrete, distributed reinforcement 
is needed to control cracking that may uninten- 
tionally occur during fabrication or erection, and 
also to provide ductility in the event of an unex- 
pected overloading. In members in which internal 
stresses may be greater than the tensile strength of 
the concrete, conventional or prestressed reinforce- 
ment is required for satisfactory service load per- 
formance and adequate safety. 

The most common type of reinforcement used 
in architectural precast concrete is welded wire 
fabric. It is available in a wide range of sizes and 
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spacings, making it possible to furnish almost exact- 
ly the cross-sectional steel area required. This re- 
inforcement may be galvanized in order to mini- 
mize the possibility of corrosion of the embedded 
steel, with the attendant problems of rust staining 
and spalling. Because the wire in fabric is closely 
and uniformly spaced, it is well suited to control 
cracking. Furthermore, the welded intersections 
ensure that the reinforcement will be effective 
close to the edge of members, resisting cracking 
that may be caused by handling, and making it 
easier to repair damaged edges. Many precast plants 
also have the capability of bending wire fabric, in- 
creasing its usefulness in large members. 

Deformed reinforcing bars are also used exten- 
sively in architectural precast concrete. However, 
fabrication of mats and cages with bars is often 
tedious and time-consuming. Epoxy-coated bars 
are becoming available because of their usage in 
bridge decks. 

Numerous wire, strand and bar prestressing 
materials are available that are suitable for archi- 
tectural precast concrete. Prestressing may be used 
to prevent cracking of members by applying a pre- 
compression in the concrete that is greater than the 
internal tensile stresses. Prestressing may also be 
used to join precast members together, making the 
structure stiffer and stronger. 

This section covers the properties of and specifi- 
cations for the various reinforcing materials used in 
architectural precast concrete members. 15 It in- 
cludes information on fabrication and handling of 
reinforcement and methods of protecting the re- 
inforcement from undue corrosion. 

1.3.1 Welded Wire Fabric 

Welded wire fabric 10 ' 11 is a prefabricated rein- 
forcement consisting of parallel cold-drawn wires 
welded together in square or rectangular grids. 
Each wire intersection is electrically resistance- 
welded by a continuous automatic welder. Pressure 
and heat fuse the intersecting wires into a homo- 
geneous section and fix all wires in their proper 
position. 

Welded wire fabric (WWF) is commonly, but 
erroneously, called mesh, which is a much broader 
term not limited to concrete reinforcement. Smooth 
wire fabric bonds to concrete by the positive 
mechanical anchorage at each welded wire inter- 
section. Deformed wire fabric utilizes wire de- 
formations plus welded intersections for bond and 
anchorage. 

Smooth wires, deformed wires or a combination 
of both may be used in welded wire fabric. Smooth 
wire sizes are specified by the letter W followed by 
a number indicating the cross-sectional area of the 
wire in hundredths of a square inch. For example: 



W16 denotes a smooth wire with cross-sectional 
area of 0.16 sq in.; W5.5 identifies a smooth wire 
with cross-sectional area of 0.055 sq in., etc. Simi- 
larly, deformed wire sizes are specified by the letter 
D followed by a number which indicates hun- 
dredths of a square inch. For example: D10 is a 
deformed wire with a cross-sectional area of 0.10 
sq in. 

Welded wire fabric is usually denoted on design 
drawings as follows: WWF followed by spacings of 
longitudinal wires and then transverse wires and 
last by the sizes of longitudinal and transverse wires. 

An example style designation is: WWF 6x12- 
W2.9 x W1.4. This designation identifies a style of 
fabric in which: 

Spacing of longitudinal wires . . = 6" 
Spacing of transverse wires . . . . = 12" 

Longitudinal wire size = W2.9 

Transverse wire size = W1.4 

A deformed fabric style would be designated in 
the same manner with the appropriate D-number 
wire sizes. 

It is very important to note that the terms "lon- 
gitudinal" and "transverse" are related to the 
method of fabric manufacture and have no ref- 
erence to the position of the wires in a precast con- 
crete unit. 

Until a few years ago, it was customary to use 
steel wire gage numbers when referring to WWF. 
For example, the style designation 6x12- W2.9 x 
W1.4 would formerly have been referred to as 6 x 
12-6/10. 

Fabric used in architectural concrete will gen- 
erally be required to comply with requirements of 
the ACI Building Code (ACI 318-77). 5 These re- 
quirements are summarized in Fig. 1.17. The appli- 
cable ASTM Standards are listed below: 

A82 Cold-Drawn Steel Wire for Concrete 
Reinforcement 

A185 Welded Steel Wire Fabric for Concrete 
Reinforcement 

A496 Deformed Steel Wire for Concrete 
Reinforcement 

A497 Welded Deformed Steel Wire Fabric for 
Concrete Reinforcement 

The minimum physical properties of wires in 
WWF which meet the ASTM Standards are sum- 
marized in Table 1.3. Fabrics where the size of the 
smaller wire is less than the minimum values given 
in the notes to Table 1.3 will not have adequate 
shear resistance of the welded intersections. 

Nomenclature that is used in detailing WWF is 
illustrated in Fig. 1.18. As may be noted from Fig. 
1.18, the following variations are possible in the 
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Fig. 1.17 Requirements for WWF used in conformance with the ACI Building Code 



PROVISION 



Definitions and Specifications 

1. Welded wire fabric (smooth and deformed) is defined as deformed 
reinforcement when conforming to subsequent sections 

2. Smooth wire conforms to ASTM A 82. Yield strength (f ) is con- 
sidered to be 60,000 psi unless measured at 0.35 percent strain . . . 

3. Smooth wire fabric conforms with ASTM A 185. Maximum spacing 
of welded intersections in direction of principal reinforcement = 
12 inches 

4. Deformed wire conforms to ASTM A 496. Yield strength (f y ) con- 
sidered to be 60,000 psi unless measured at 0.35 percent strain . . . 

5. Deformed wire fabric conforms to ASTM A 497. Maximum spacing 
of welded intersections in direction of principal reinforcement = 
16 inches 



ACI 318-77 
Section 
Number 



2.1 



3.5.4.2 



3.5.3.6 



3.5.3.5 



3.5.3.7 



direction of 

principal 

reinforcement 



DIRECTION OF PRINCIPAL REINFORCEMENT 




12" max. (smooth) 
16"max. (deformed) 



Table 1.3 Minimum properties of steel wires in welded 
wire fabric 



Type of 
Fabric 


Yield 
Strength 

psi 


Tensile 
Strength 

psi 


Weld Shear 
Strength 

psi 


Smooth 
Deformed 


65,000 
70,000 


75,000 
80,000 


35,000 1 
20,000 2 



Note: 1. Based on the area of the larger wire, when the 
smaller wire is not less than size W1.2 and has 
an area of 40% or more of the area of the lar- 
ger wire. 

2. Based on the area of the larger wire, when the 
smaller wire is not less than size D4 and has an 
area of 35% or more of the area of the larger 
wire. 

manufacturing process: 

1. Longitudinal wire spacing 

2. Longitudinal wire size 

3. Width 



4. Side and end overhangs 

5. Transverse wire size 

6. Transverse wire spacing 

7. Length 

Welded wire fabric for architectural precast con- 
crete is supplied in flat sheets. Use of fabric from 
rolls, particularly in thin precast section, is not 
feasible because the rolled fabric cannot be flat- 
tened to the required tolerance. Stock sizes of flat 
sheets vary, but often are 8 ft x 12 ft and sometimes 
8 ft x 15 ft. A list of common stock sizes of WWF 
is provided in Table 1 .4. 

When the quantity required is large enough to 
justify a special set-up on the fabric machine, the 
wire sizes and spacing can be selected to make the 
most economical use of the steel. Wire spacings can 
be set in increments of either 2 in. or 3 in. Sizes of 
wire which are frequently made into WWF are listed 
in Table 1.5. The table also lists the nominal diam- 
eter and nominal weight of these wires, and the 
cross-sectional area per ft of width for center to 
center spacings ranging from 2 to 12 in. 
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Fig. 1.18 Nomenclature 




Side overhangs may be varied 
as required and do not need 
to be equal. Overhang lengths 
limited only by overall sheet 
width. 



tranverse wire 
ongitudinal wire 



End overhangs may differ. The 
sum of the two end overhangs, 
however, should equal the 
transverse wire spacing. 



Industry 
Method of Designating Style: 

Example: 6x12 W16 x W8 

longitudinal / / longitudinal / 
wire spacing / wire size / 



transverse 
wire spacing 



transverse 
wire size 



Table 1.4 Common stock sizes of welded wire fabric 



STYLE DESIGNATION 


STEEL AREA 


APPROX. WEIGHT 
lb per 100 sq ft 


Old Designation 
(By Steel Wire Gage) 


New Designation 
(By W-Number) 


sq in. per ft 


Longit. 


Trans. 


6x6-10x10 


6x6-W1.4xW1.4 


.029 


.029 


21 


4x12-8x12** 


4x12-W2.1xW0.9 


.062 


.009 


25 


6x6-8x8 


6x6-W2.1xW2.1 


.041 


.041 


30 


4x4-10x10 


4x4-W1.4xW1.4 


.043 


.043 


31 


4x12-7x11** 


4.12-W2.5xW1.1 


.074 


.011 


31 


6x6-6x6* 


6x6-W2.9xW2.9 


.058 


.058 


42 


4x4-8x8 


4x4-W2.1xW2.1 


.062 


.062 


44 


6x6-4x4* 


6x6-W4.0xW4.0 


.080 


.080 


58 


4x4-6x6 


4x4-W2.9xW2.9 


.087 


.087 


62 


6x6-2x2* 


6x6-W5.5xW5.5*** 


.110 


.110 


80 


4x4-4x4* 


4x4-W4.0xW4.0 


.120 


.120 


85 


4x4-3x3* 


4x4-W4.7xW4.7 


.141 


.141 


102 


4x4-2x2* 


4x4-W5.5xW5.5*** 


.165 


.165 


119 



Commonly available in 8 ft x 1 2 ft or 8 ft x 1 5 ft sheets. 
These items may be carried in sheets by various manufacturers 
in certain parts of the U.S. and Canada. 
Exact W-Number size for 2 gage is 5.4. 
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Table 1.5 Wires used in WWF 



Wire Size Number 


Nominal 

Diameter 

In. 


Nominal 

Weight 

PIf 


Area — sq in. per ft of width 


Center to Center S 


pacing, in. 




Smooth 


Deformed 


2 


3 


4 


6 


8 


10 


12 


W31 


D31 


0.628 


1.054 


1.86 


1.24 


.93 


.62 


.465 


.372 


.31 


W30 


D30 


0.618 


1.020 


1.80 


1.20 


.90 


.60 


.45 


.36 


.30 


W28 


D28 


0.597 


.952 


1.68 


1.12 


.84 


.56 


.42 


.336 


.28 


W26 


D26 


0.575 


.934 


1.56 


1.04 


.78 


.52 


.39 


.312 


.26 


W24 


D24 


0.553 


.816 


1.44 


.96 


.72 


.48 


.36 


.288 


.24 


W22 


D22 


0.529 


.748 


1.32 


.88 


.66 


.44 


.33 


.264 


.22 


W20 


D20 


0.504 


.680 


1.20 


.80 


.60 


.40 


.30 


.24 


.20 


W18 


D18 


0.478 


.612 


1.08 


.72 


.54 


.36 


.27 


.216 


.18 


W16 


D16 


0.451 


.544 


.96 


.64 


.48 


.32 


.24 


.192 


.16 


W14 


D14 


0.422 


.476 


.84 


.56 


.42 


.28 


.21 


.168 


.14 


W12 


D12 


0.390 


.408 


.72 


.48 


.36 


.24 


.18 


.144 


.12 


W11 


D11 


0.374 


.374 


.66 


.44 


.33 


.22 


.165 


.132 


.11 


W10.5 




0.366 


.357 


.63 


.42 


.315 


.21 


.157 


.126 


.105 


W10 


D10 


0.356 


.340 


.60 


.40 


.30 


.20 


.15 


.12 


.10 


W9.5 




0.348 


.323 


.57 


.38 


.285 


.19 


.142 


.114 


.095 


W9 


D9 


0.338 


.306 


.54 


.36 


.27 


.18 


.135 


.108 


.09 


W8.5 




0.329 


.289 


.51 


.34 


.255 


.17 


.127 


.102 


.085 


W8 


D8 


0.319 


.272 


.48 


.32 


.24 


.16 


.12 


.096 


.08 


W7.5 




0.309 


.255 


.45 


.30 


.225 


.15 


.112 


.09 


.075 


W7 


D7 


0.298 


.238 


.42 


.28 


.21 


.14 


1 .105 


.084 


.07 


W6.5 




0.288 


.221 


.39 


.26 


.195 


.13 


.097 


.078 


.065 


W 


D6 


0.276 


.204 


.36 


.24 


.18 


.12 


.09 


.072 


.06 


W5.5 




0.264 


.187 


.33 


.22 


.165 


.11 


.082 


.066 


.055 


W5 


D5 


0.252 


.170 


.30 


.20 


.15 


.10 


.075 


.06 


.05 . 


W4.5 




0.240 


.153 


.27 


.18 


.135 


.09 


.067 


.054 


.045 


W4 


D4 


0.225 


.136 


.24 


.16 


.12 


.08 


.06 


.048 


.04 


W3.5 




0.211 


.119 


.21 


.14 


.105 


.07 


.052 


.042 


.035 


W3 




0.195 


.102 


.18 


.12 


.09 


.06 


.045 


.036 


.03 


W2.9 




0.192 


.098 


.174 


.116 


.087 


.058 


.043 


.035 


.029 


W2.5 




0.178 


.085 


.15 


.10 


.075 


.05 


.037 


.03 


.025 


W2.1 




0.162 


.070 


.126 


.084 


.063 


.042 


.031 


.025 


.021 


W2 




0.159 


.068 


.12 


.08 


.06 


.04 


.03 


.024 


.02 


W1.5 




0.138 


.051 


.09 


.06 


.045 


.03 


.022 


.018 


.015 


W1.4 




0.135 


.049 


.084 


.056 


.042 


.028 


.021 


.017 


.014 



Note: Other wire sizes may be produced if the quantity 

The minimum quantity requirements for non- 
stock items are governed by the cost of changing 
the manufacturing process. Minimum quantity 
which can be obtained from different producers 
varies, but the following examples illustrate the 
general requirements: 

1. Longitudinal spacing, wire size and fabric- 
width changes require 20,000 lb to 40,000 lb 
quantities per item. 

2. Transverse wire spacing and size, side and end 
overhangs and length changes require 4000 lb 
to 10,000 lb quantities per item. 

3. The average item weight for the total quantity 
ordered for each nonstock item should be in 
multiples of 40,000 lb. 

For nonstock welded wire fabric items, the foi- 



ls sufficient to justify manufacture. 
lowing guidelines will lead to the greatest economies: 

1. The most important factor affecting economy 
is to minimize the number of longitudinal 
wire spacings. The number of spacings may 
often be reduced by varying longitudinal wire 
sizes to obtain the required steel areas per ft 
of width. 

2. The second most important factor is control- 
ling the number of different wire sizes re- 
quired. A change in transverse wire spacings 
is relatively easy. Vary the transverse wire 
spacings and use a minimum number of trans- 
verse wire sizes to obtain the transverse steel 
areas. 

The minimum or base price applies to fabric 
made from smooth wires. The premium for de- 



1-17 



formed wires is about 3% of the base price and the 
premium for galvanizing is about 20% to 25% of 
the base price. Deformed wires are seldom gal- 
vanized. 

In addition to using fabric in flat sheets, many 
plants have equipment for bending it into various 
shapes such as U-shaped stirrups, hat-shaped stir- 
rups, four-sided cages, etc. Section 7.2.3 of the 
ACI Code 5 requires that the inside diameter of 
bends in welded smooth or deformed wire fabric 
for stirrups and ties shall not be less than 4 wire 
diameters for deformed wire larger than D6 and 2 
wire diameters for all other wires. Bends with in- 
side diameters of less than 8 wire diameters shall 
not be less than 4 wire diameters from the nearest 
welded intersection. 

The requirements in the ACI Code are the same 
as the bending test requirements included in the 
ASTM specifications for concrete reinforcement 
wires. The only exception is the case of smooth 
wires 0.30 in. in diameter or less, where the bend- 
ing test is more severe, in that it requires the wire 
to be bent around a pin the diameter of which is 
equal to the diameter of the specimen. 

The bending tests conforming to ASTM specifi- 
cations are to be made at room temperature and 
require deformed wires to be bent through 90° 
and smooth wires through 180° without cracking 
on the outside of the bent portion. 

Provisions for determining the development 
length of WWF are contained in Sect. 12.8 and 
12.9 of the ACI Code. 5 It should be noted that 
ACI 318-77 includes a number of changes from 
ACI 318-71. The yield strength of smooth wire 
fabric will generally be developed at a specified 
section by embedment of two cross wires beyond 
that section, with the closer cross wire not less 
than 2 in. from the specified section. However, the 
development length, l d , shall not be less than 6 in. 

The yield strength of deformed wire fabric will 
generally be developed by embedment of one cross 
wire not less than 2 in. from the specified section, 
as long as l d is not less than 8 in. Reference should 
be made to Sect. 12.8 and 12.9 ACI 318-77 for 
further requirements for development length and 
to Sec. 12.19 and 12.20 regarding splices. 

1.3.2 Reinforcing Bars 

Reinforcing bars are hot-rolled from steels with 
varying carbon content. Deformed bars conforming 
to ASTM A615, Deformed and Plain Billet-Steel 
Bars for Concrete Reinforcement, are generally 
available in #3 through #11 in Grade 40 and in 
Grade 60. 

The three other types of reinforcing bars cov- 
ered by ASTM are A616, Rail-Steel Deformed and 



Plain Bars for Concrete Reinforcement, A617, 
Axle-Steel Deformed and Plain Bars for Concrete 
Reinforcement, and A706, Low-Alloy Steel De- 
formed Bars for Concrete Reinforcement. Bars 
conforming to ASTM A706 are intended for weld- 
ing. Their carbon content is limited to 0.3%. Avail- 
ability should be determined before these bars are 
specified. 

Tables 1.6 and 1.7 list dimensions and required 
physical properties of reinforcing bars. In detailing 
reinforcing in congested areas, it is important to 
note that the diameter of a bar, with deformations, 
is greater than its nominal diameter. Information 
on size of deformations is given in Table 1.6. Areas 
and perimeters of combinations of bars are pre- 
sented in Table 1.8. The modulus of elasticity, 
E s , for all reinforcing bars is practically the same 
and is commonly assumed to be equal to 29 x 10 6 
psi. 

Good bond between the reinforcing bar and the 
concrete is essential if the bar is to perform its 
functions of resisting tension and of keeping cracks 
small. Therefore, the reinforcing bar must be free 
of materials injurious to bond, including loose rust. 
Mill scale that withstands hard wire brushing or a 
coating of tight rust is not detrimental to bond. 

The length of straight bar required to develop 
the capacity of the bar by bond alone, l d , in ten- 
sion or compression, is given in Tables 1.9 and 1.10 
for bars of various sizes and grades in various 
strengths of concrete. These values conform to the 
requirements of ACI 318-77. 5 The development 
lengths in tension for top reinforcement shall be 
multiplied by 1.4. Top reinforcement is horizontal 
reinforcement so placed that more than 12 inches 



Table 1.6 ASTM standard rein 


forcing bars 




Bar 


Nominal 


Nominal Dimensions 8 




Cross- 


Designation 


Weight, 


Diameter, 


Sectional 


No. 


lb/ft 


in. 


Area, in. 2 


3 


0.376 


0.375 


0.11 


4 


0.668 


0.500 


0.20 


5 


1.043 


0.625 


0.31 


6 


1.502 


0.750 


0.44 


7 


2.044 


0.875 


0.60 


8 


2.670 


1.000 


0.79 


9 


3.400 


1.128 


1.00 


10 


4.303 


1.270 


1.27 


11 


5.313 


1.410 


1.56 


14 


7.65 


1.693 


2.25 


18 


13.60 


2.257 


4.00 



The nominal dimensions of a defo 
those of a plain round bar having the 
deformed bar. Approximately 1/16 
bars, 1/8 in. for No. 6, No. 7, No. 8, 
10, No. 11, No. 14 bars and 1/4 in 
added to the nominal bar diameter 
mations. 



rmed bar are equivalent to 
same weight per foot as the 
in. for No. 3, No. 4, No. 5 
No. 9 bars, 3/16 in. for No. 
, for No. 18 bars should be 
for the height of the defor- 
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Table 1.7 Physical requirements for deformed reinforcing bars 



Type of Steel 

and ASTM 

Specification No. 


Size 

Nos. 

Inclusive 


Grade 


Tensile 
Strength 
Min., psi 


Yield< a > 
Min., psi 


Elongation 
in 8 in. Min. % 


Cold Bend Test< d > 

Pin Diameter 

(d = nominal diameter 

of bar) 


Billet Steel 
A615( c > 


3-11 


40 


70,000 


40,000 


#3, #7 11 


Under Size #6 4d 

#6 and Larger 5d 


#4, #5, #6 12 

#8 10 

#9 9 

#10 8 

#11 7 




3-11 

14, 18 


60 


90,000 


60,000 


#3, #4, #5, #6 9 

#7, #8 8 

#9, #10, #11, #14, 

#18 7 


Under Size #6 4d 

#6 5d 

#7, #8 . . 6d 

#9, #10, #11 . . 8d 

(b) #14, #18 10d(90°) 


Rail Steel 
A616< c > 


3-11 
3-11 


50 
60 


80,000 
90,000 


50,000 
60,000 


#3, #7 6 

#4, #5, #6 7 

#8, #9, #10, #11 5 

#3, #4, #5, #6 6 

#7 5 

#8, #9, #10, #11 ...... 4.5 


Under Size #9 6d 

#9, #10 8d 

#11 8d(90°) 


Under Size #9 6d 

#9, #10 8d 

#11 8d(90°) 




Axle Steel 
A617< c > 


3-11 


40 


70,000 


40,000 


#3, #7 .... 11 

#4, #5, #6 12 


Under Size #6 4d 

#6 and Larger 5d 


#8.... 10 

#9 9 

#10 8 

#11 7 




3-11 


60 


90,000 


60,000 


#3, #4, #5, #6, #7 8 

#8, #9, #10, #11 7 


Under Size #6 4d 

#6 5d 

#7, #8 6d 

#9, #10, #11 8d 


Low Alloy 
Steel 

A706< e > 


3-11 

14, 18 


60 


80,000< f ) 


60,000(9) 


#3, #4, #5, #6 14 

#7, #8, #9, #10, 

#11 12 

#14, #18 .10 


Under Size #6 3d 

#6, #7, #8 4d 

#9, #10, #11 6d 

#14, #18 8d 



Yield point for A615 Grade 40. Yield strength for ail others. Yield strength corresponds to that determined by tests on full-size bars. For 

reinforcing bars with specified yield strength, f y , exceeding 60,000 psi, f y should be the stress corresponding to a strain of 0.35%. 

If #14 or #18 bars are to be bent, they should be capable of being bent 90° at a minimum temperature of 60 F, around a 9-bar-diameter pin 

without cracking transverse to the axis of the bar; if use requires 90° bends, test shall be 180° 

Weldability not a part of the specification; may be subject to agreement with supplier. 

Test bends 180° unless noted otherwise. 

Reinforcement intended for special application where welding and/or bending are important. 

Tensile strength shall not be less than 1 .25 times the actual yield strength (A706 only). 

Maximum yield strength 78,000 psi (A706 only). 



of concrete is cast in the member below the bar. 
When lightweight aggregate concrete is used, the 
development length in tension shall be multiplied 
by 1.33 for all lightweight concrete and 1.18 for 
sand lightweight concrete. Linear interpolation 
may be made when partial sand replacement is 
used. The development length in tension may also 
be multiplied by (1) 0.8 for reinforcement being 
developed in the length under consideration and 
spaced laterally at least 6 in. on center with at least 



3 in. from the face of the member to the edge bar, 
measured in the direction of spacing, by (2) the 
ratio of area required to area provided when bar 
area in a flexural member is provided in excess of 
that required, and by (3) 0.75 for bars enclosed 
within a spiral which is not less than 1/4 in. diam- 
eter and not more than 4 in. pitch. 

The development length in compression may be 
reduced 25% when the reinforcement is enclosed 
by spirals not less than 1/4 in. in diameter and not 
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Table 1.8 Areas of reinforcing bar combinations 












5 




1 


2 


3 


4 


5 


Areas, A s {or 


A' s ) sq ' 


n. 

5) contain data for 
ups of one to ten. 

H0HGD contain 
zes with from one 


#4 


1 
2 
3 
4 
5 


#4 


0.20 


1.20 


#3 


0.31 


0.42 


0.53 


0.64 


0.75 


Columns headed [Ojf 
bars'Of one size in grc 

Columns headed [Tj[ 
data for bars of two s 
to five of each size. 


0.40 


1.40 


0.51 


0.62 


0.73 


0.84 


0.95 


0.60 


1.60 


0.71 


0.82 


0.93 


1.04 


1.15 


0.80 


1.80 


0.91 


1.02 


1.13 


1.24 


1.35 


1.00 


2.00 


1.11 


1.22 


1.33 


1.44 


1.55 




1 


2 


3 


4 


5 


#5 


1 
2 
3 
4 
5 


#5 


0.31 


1.86 


#4 


0.51 


0.71 


0.91 


1.11 


1.31 


#3 


0.42 


0.53 


0.64 


0.75 


0.86 


0.62 


2.17 


0.82 


1.02 


1.22 


1.42 


1.62 


0.73 


0.84 


0.95 


1.06 


1.17 


0.93 


2.48 


1.13 


1.33 


1.53 


1.73 


1.93 


1.04 


1.15 


1.26 


1.37 


1.48 


1.24 


2.79 


1.44 


1.64 


1.84 


2.04 


2.24 


1.35 


1.46 


1.57 


1.68 


1.79 


1.55 


3.10 


1.75 


1.95 


2.15 


2.35 


2.55 


1.66 


1.77 


1.88 


1.99 


2.10 


#6 


1 
2 
3 
4 
5 


#6 


0.44 


2.64 


#5 


0.75 


1.06 


1.37 


1.68 


1.99 


#4 


0.64 


0.84 


1.04 


1.24 


1.44 


0.88 


3.08 


1.19 


1.50 


1.81 


2.12 


2.43 


1.08 


1.28 


1.48 


1.68 


1.88 


1.32 


3.52 


1.63 


1.94 


2.25 


2.56 


2.87 


1.52 


1.72 


1.92 


2.12 


2.32 


1.76 


3.96 


2.07 


2.38 


2.69 


3.00 


3.31 


1.96 


2.16 


2.36 


2.56 


2.76 


2.20 


4.40 


2.51 


2.82 


3.13 


3.44 


3.75 


2.40 


2.60 


2.80 


3.00 


3.20 


#7 


1 
2 
3 
4 
5 


#7 


0.60 


3.60 


#6 


1.04 


1.48 


1.92 


2.36 


2.80 


#5 


0.91 


1.22 


1.53 


1.84 


2.15 


1.20 


4.20 


1.64 


2.08 


2.52 


2.96 


3.40 


1.51 


1.82 


2.13 


2.44 


2.75 


1.80 


4.80 


2.24 


2.68 


3.12 


3.56 


4.00 


2.11 


2.42 


2.73 


3.04 


3.35 


2.40 


5.40 


2.84 


3.28 


3.72 


4.16 


4.60 


2.71 


3.02 


3.33 


3.64 


3.95 


3.00 


6.00 


3.44 


3.88 


4.32 


4.76 


5.20 


3.31 


3.62 


3.93 


1.24 


4.55 


#8 


1 
2 
3 
4 
5 


#8 


0.79 


4.74 


#7 


1.39 


1.99 


2.59 


3.19 


3.79 


#6 


1.23 


1.67 


2.11 


2.55 


2.99 


1.58 


5.53 


2.18 


2.78 


3.38 


3.98 


4.58 


2.02 


2.46 


2.90 


3.34 


3.78 


2.37 


6.32 


2.97 


3.57 


4.17 


4.77 


5.37 


2.81 


3.25 


3.69 


4.13 


4.57 


3.16 


7.11 


3.76 


4.36 


4.96 


5.56 


6.16 


3.60 


4.04 


4.48 


4.92 


5.36 


3.95 


7.90 


4.55 


5.15 


5.75 


6.35 


6.95 


4.39 


4.83 


5.27 


5.71 


6.15 


#9 


1 
2 
3 
4 
5 


#9 


1.00 


6.00 


#8 


1.79 


2.58 


3.37 


4.16 


4.95 


#7 


1.60 


2.20 


2.80 


3.40 


4.00 


2.00 


7.00 


2.79 


3.58 


4.37 


5.16 


5.95 


2.60 


3.20 


3.80 


4.40 


5.00 


3.00 


8.00 


3.79 


4.58 


5.37 


6.16 


6.95 


3.60 


4.20 


4.80 


5.40 


6.00 


4.00 


9.00 


4.79 


5.58 


6.37 


7.16 


7.95 


4.60 


5.20 


5.80 


6.40 


7.00 


5.00 


10.00 


5.79 


6.58 


7.37 


8.16 


8.95 


5.60 


6.20 


6.80 


7.40 


8.00 


#10 


1 
2 
3 
4 
5 


#10 


1.27 


7.62 


#9 


2.27 


3.27 


4.27 


5.27 


6.27 


#8 


2.06 


2.85 


3.64 


4.43 


5.22 


2.54 


8.89 


3.54 


4.54 


5.54 


6.54 


7.54 


3.33 


4.12 


4.91 


5.70 


6.49 


3.81 


10.16 


4.81 


5.81 


6.81 


7.81 


8.81 


4.60 


5.39 


6.18 


6.97 


7.70 


5.08 


11.43 


6.08 


7,08 


8.08 


9.08 


10.08 


5.87 


6.66 


7.45 


8.24 


9.03 


6.35 


12.70 


7.35 


8.35 


9.35 


10.35 


11.35 


7.14 


7.93 


8.72 


9.51 


10.30 


#11 


1 
2 
3 
4 
5 


#11 


1.56 


9.36 


#10 


2.83 


4.10 


5.37 


6.64 


7.91 


#9 


2.56 


3.56 


4.56 


5.56 


6.56 


3.12 


10.92 


4.39 


5.66 


6.93 


8.20 


9.47 


4.12 


5.12 


6.12 


7.12 


8.12 


4.68 


12.48 


5.95 


7.22 


8.49 


9.76 


11.03 


5.68 


6.68 


7.68 


8.68 


9.68 


6.24 


14.04 


7.51 


8.78 


10.05 


11.32 


12.59 


7.24 


8.24 


9.24 


10.24 


11.24 


7.80 


15.60 


9.07 


10.34 


11.61 


12.88 


14.15 


8.80 


9.80 


10.80 


11.80 


12.80 
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Table 1.9 Required development and lap lengths for grade 40 bars 














Tension: 












l d = 0.04 A b — *— ; min 0.0004 f y d b or 12 in. 












Compression development length: 












7 A C\ r 


°b 


; min 0.0003 f y d b or 8 in. 












L - O.Oz i — 


Compression Splice: 












Compression / d ; min 0.0005 f y d b or 12 in. 












A b = area of individual bar, in. 2 












d b = diameter of bar, in. 












For limitations or special conditions see ACI 318-77, Sects. 


12.2, 12.3, 12.14, 12.16, and 12.17. 




Development and lap lengths in inches 








Bar 
size 


f' c = 3000 psi 


f' c = 4000 psi 


f ' c = 5000 psi 




Min. 
Comp. 
Splice 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


'd 


1.3/ d 


1-7< d 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1.7/ d 


3 


12 


12 


12 


8 


12 


12 


12 


8 


12 


12 


12 


8 


12 


4 


12 


12 


14 


8 


12 


12 


14 


8 


12 


12 


14 


8 


12 


5 


12 


13 


17 


9 


12 


13 


17 


8 


12 


13 


17 


8 


13 


6 


13 


17 


22 


11 


12 


16 


20 


9 


12 


16 


20 


9 


15 


7 


18 


23 


30 


13 


15 


20 


26 


11 


14 


18 


24 


11 


18 


8 


23 


30 


39 


15 


20 


26 


34 


13 


18 


23 


30 


12 


20 


9 


29 


38 


50 


17 


25 


33 


43 


14 


23 


30 


38 


13 


23 


10 


37 


48 


63 


19 


32 


42 


55 


16 


29 


37 


49 


15 


25 


11 


46 


59 


77 


21 


39 


51 


67 


18 


35 


46 


60 


17 


28 






Bar 
size 


f' c = 6000 psi 


f' c = 7000 psi 


f ' c = 8000 psi 




Min. 
Comp. 
Splice 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


■ 


Tension 


Com- 
pres- 
sion 

'd 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1.7/ d 


3 


12 


12 


12 


8 


12 


12 


12 


8 


12 


12 


12 


8 


12 


4 


12 


12 


14 


8 


12 


12 


14 


8 


12 


12 


14 


8 


12 


5 


12 


13 


17 


8 


12 


13 


17 


8 


12 


13 


17 


8 


13 


6 


12 


16 


20 


9 


12 


16 


20 


9 


12 


16 


20 


9 


15 


7 


14 


18 


24 


10 


14 


18 


24 


11 


14 


18 


24 


11 


18 


8 


16 


21 


28 


12 


16 


21 


27 


12 


16 


21 


27 


12 


20 


9 


21 


27 


35 


14 


19 


25 


33 


14 


18 


23 


31 


14 


23 


10 


26 


34 


45 


15 


24 


32 


41 


15 


23 


40 


39 


15 


25 


11 


32 


42 


55 


17 


30 


37 


51 


17 


28 


36 


47 


17 


28 
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Table 1.10 Requ 


ired development and lap lengths for grade 60 bars 














Tension: 












/ — n C\A A 


T v 


min 0.0004 f y d b or 12 in. 












/ d - 0.04 A b 


/ 


Compression development length: 












/ _ r\ no -F 


a b 


min 0.0003 f y d b or 8 in. 












/ d - 0.02 t y 


v^r ' 


Compression Splice: 












Compression / d ; min 0.0005 f d b or 12 in. 












A b = area of individual bar, in. 2 












d b = diameter of bar, in. 












For limitations or special conditions see ACI 318-77, Sects 


. 12.2, 12.3,12.14, 12.16, and 12.17. 




Development and lap lengths in inches 








Bar 
size 


f' c = 3000 psi 


f' c = 4000 psi 


f' c = 5000 psi 


Min. 
Comp. 
Splice 


Tension 


Com- 
pres- 
SBon 

'd 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1.7l d 


'd 


1.3/ d 


1.7/ d 


3 


12 


12 


15 


8 


12 


12 


15 


8 


12 


12 


15 


8 


12 


4 


12 


16 


20 


11 


12 


16 


20 


9 


12 


16 


20 


9 


15 


5 


15 


20 


26 


14 


15 


20 


26 


12 


15 


20 


26 


11 


19 


6 


19 


25 


33 


16 


18 


23 


31 


14 


18 


23 


31 


14 


23 


7 


26 


34 


45 


19 


23 


30 


39 


17 


21 


27 


36 


16 


26 


8 


35 


45 


59 


22 


30 


39 


51 


19 


27 


35 


46 


18 


30 


9 


44 


57 


74 


25 


38 


49 


65 


21 


34 


44 


58 


20 


34 


10 


56 


72 


95 


28 


48 


63 


82 


24 


43 


56 


73 


23 


38 


11 


68 


89 


116 


31 


59 ; 


77 


101 


27 


53 


68 


90 


25 


42 



Bar 
size 


f' c = 6000 psi 


f' c = 7000 psi 


f' c = 8000 psi 


Min. 
Comp. 
Splice 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


Tension 


Com- 
pres- 
sion 

'd 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1.7/ d 


'd 


1.3/ d 


1-7/ d 


3 


12 


12 


15 


8 


12 


12 


15 


8 


12 


12 


15 


8 


12 


4 


12 


16 


20 


9 


12 


16 


20 


9 


12 


16 


20 


9 


15 


5 


15 


20 


26 


11 


15 


20 


26 


11 


15 


20 


26 


11 


19 


6 


18 


23 


31 


14 


18 


23 


31 


14 


18 


23 


31 


14 


23 


7 


21 


27 


36 


16 


21 


27 


36 


16 


21 


27 


36 


16 


26 


8 


24 


32 


42 


18 


24 


31 


41 


18 


24 


31 


41 


18 , 


30 


9 


31 


40 


53 


20 


29 


37 


49 


20 


27 


35 


46 


20 


34 


10 


39 


51 


67 


23 


36 


47 


62 


23 


34 i 


44 


58 


23 


38 


11 


48 


63 


82 


25 


45 


58 


76 


25 


42 


55 


71 


25 


42 
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more than 4 in. pitch. Where excess bar area is 
provided, the l d length may be reduced by the 
ratio of required area to area provided. 

When it is necessary to develop the capacity of a 
bar in a distance less than l d , the end of the bar 
can be hooked. Computation of the equivalent em- 
bedment length, l e , provided by the hook should 



be made in accord with Section 12.5.2 of ACI 
318-77. Details of standard hooks made in accord 
with ACI 318-77 are shown in Fig. 1.19. Breakage 
is not usually a problem, unless bending is at- 
tempted below about 40 F. 

The ACI Building Code requires that reinforcing 
bars shall be bent cold unless otherwise approved. 



Fig. 1.19 Details of standard hooks 
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5 


3 


6 


#4 


6 


4 


8 


#5 


7 


5 


10 


#6 


8 


6 
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#7 


10 


7 
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#8 


11 


8 


1-4 


#9 
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#14 
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#18 
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2-3 


3-5 



*With Grade 40 only, where available depth is limited, 
bars may be bent with D = 5d for #3 through #11. 
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D 

(in.) 


90° Hook 


135° Hook 


Hook 
AorG 


Hook 
AorG 


H 
Approx. 


#3 
#4 
#5 


1% 
2 

2% 


4 

4% 
6 


4 
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2% 

3 

3% 



Bar 
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D 
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135° Hook 
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#3 
#4 
#5 

#6 
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5 

6V2 
8 
11 
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5% 
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Bars partially embedded in concrete shall not be 
bent in the field unless shown on the drawings or 
otherwise approved. In general, heating of bars to 
facilitate bending or straightening should not be 
detrimental to the steel provided that the tempera- 
ture does not exceed 1200 F. If heating is per- 
mitted it must be controlled to avoid splitting of 
the concrete or damage to the bars. When bars are 
not embedded in thin sections, temperatures 
ranging from 600 to 800 F are usually satisfactory 
to permit bending without damage to the bars or 
the concrete. The heated bars should not be arti- 
ficially cooled (such as by water or forced air) un- 
til after cooling to at least 600 F. 

1.3.3 Prestressmg Tendons 

High tensile strength steels are used to manufac- 
ture prestressing tendons. The high tensile strength 
is required to allow for stress losses that occur after 
the tendons are prestressed. Depending on the type 
of tendon, type of concrete, compressive stress in 
the concrete, and the environment, tendons lose 
from 20,000 to 50,000 psi between installation 
and end of service life. From 50% to 70% of this 
loss takes place in the first 30 days and the re- 
mainder is spread over the service life at a diminish- 
ing rate. 12 

Tendons for prestressing concrete consist of 
wires, strands, or bars. The strength and bond of 
wire decreases with increasing diameter, leading to 
a practical limit of about 9/32 in. diameter in pre- 
stressing applications. For post-tensioning, as many 
as 186, 1/4 in. wires have been grouped in parallel. 
Strands are fabricated in the factory by twisting 
wires together. Strands are also grouped into multi- 
strand tendons. This decreases the number of units 
to be handled in tensioning operations and may re- 
duce anchorage costs. By grouping strands, it is 
also possible to obtain large steel cross sections. 
Strands have almost completely replaced wires in 
pretensioning operations. Heat-treated alloy steel 
bars are used for post-tensioning in many applica- 
tions where the advantages of large diameter offset 
their lower strength. 

Prestressing wire or strand is subjected to low- 
temperature heat treatment (about 600 F), a proc- 
ess referred to as stress relieving. After stress re- 
lieving, the wire or strand respond elastically up to 
a high proportion of the ultimate strength. Wire or 
strand may also be subjected to combined low- 
temperature heat treatment and high tension. This 
process, known as stabilization, improves the phys- 
ical properties and reduces losses due to relaxation. 
Stabilized strand is commonly referred to as low 
relaxation strand. 

Prestressing steels do not exhibit a yield point, 
as is characteristic for structural carbon steel. 



Specifications for wire and strand require that the 
yield strength, f py , be measured by the 1.0% exten- 
sion under load method. For design, the yield 
strengths are taken as the minimum values speci- 
fied by ASTM, 85% of the ultimate strength for 
stress relieved strand and wire and 90% for low 
relaxation strand and wire. The yield strength for 
bars is measured by the 0.7% extension under load 
method or by the 0.2% offset strain method. Mini- 
mum values specified by ASTM are 80% of the ulti- 
mate tensile strength for deformed bars, and 85% 
for smooth bars. 

Tendons must not be welded or subjected to 
high temperatures. If a tendon is inadvertently 
heated by a welding torch, the damage may not be 
visible to the naked eye after the tendon has 
cooled, but the strength of the tendon may be less 
than half of its original strength, and failure could 
occur unexpectedly. 

Strand 

Strands are commonly used in both preten- 
sioned and post-tensioned applications. They are 
manufactured in two grades to conform to ASTM 
A416, Uncoated Seven-Wire Stress-Relieved Strand 
for Prestressed Concrete. Properties of the Grade 
250 and Grade 270 strands are given in Table 1.11. 

Typical stress-strain curves for seven-wire strand 
are shown in Fig. 1.20. For calculation of elonga- 
tion, a modulus of elasticity of 27 to 28 x 10 6 psi 
is commonly used. 
Bars 

High-strength specially treated bars used as pre- 
stressing tendons are covered by ASTM A722, Un- 
coated High-Strength Steel Bars for Prestressing 
Concrete. Properties of these bars are given in 
Table 1.12. A typical stress-strain curve for this 
steel is shown in Fig. 1.20. The modulus of elas- 

Fig. 1.20 Stress-strain curves for seven-wire strand 
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Table 1.11 Properties of prestressing strand and wire 



Grade 270 Seven-Wire Strand, f pu = 270 ksi* 


Nominal Diameter, in. 


3/8 


7/16 


1/2 


0.600 


Area, sq in. 


0.085 


0.115 


0.153 


0.217 


Weight, plf 


0.29 


0.39 


0.52 


0.74 


lilt, strength, kips 


23.0 


31.0 


41.3 


58.6 



Grade 250 Seven-Wire Strand, f pu = 250 ksi* 


Nominal Diameter, in. 


1/4 


5/16 


3/8 


7/16 


1/2 


0.600 


Area, sq in. 


0.036 


0.058 


0.080 


0.108 


0.144 


0.215 


Weight, plf 


0.12 


0.20 


0.27 


0.37 


0.49 


0.74 


Ult. strength, kips 


9.0 


14.5 


20.0 


27.0 


36.0 


54.0 



ultimate strength of prestressing steel 



Prestressing Wire 


Diameter 


0.192 


0.196 


0.250 


0.276 


Area, sq in. 


0.0289 


0.0302 


0.0491 


0.0598 


Weight, plf 


0.098 


0.10 


0.17 


0.20 


ff pu > ksi* 


250 


250 


240 


234 


Ult. strength 


7.22 


7.55 


11.78 


14.05 



Table 1.12 Properties of prestressing bars 



Smooth Prestressing Bars, f pu = 


150 ksi 






Nominal Diameter, in. 


3/4 


7/8 


1 


1 1/8 


1 1/4 


1 3/8 


Area, sq in. 


0.442 


0.601 


0.785 


0.994 


1.227 


1.485 


Weight, plf 


1.50 


2.04 


2.67 


3.38 


4.17 


5.05 


Ult. Strength, kips 


66.3 


90.1 


117.7 


149.0 


184.0 


222.7 




Smoc 


>th Prestressing Bars, f pu = 


160 ksi 






Nominal Diameter, in. 


3/4 


7/8 


1 


1 1/8 


1 1/4 


1 3/8 


Area, sq in. 


0.442 


0.601 


0.785 


0.994 


1.227 


1.485 


Weight, plf 


1.50 


2.04 


2.67 


3.38 


4.17 


5.05 


Ult. strength, kips 


70.7 


96.2 


125.6 


159.0 


196.3 


237.6 




Deformed Prestressing Bars 


Nominal Diameter, in. 


5/8 


1 


1 


1 1/4 


1 1/4 


1 3/8 


Area, sq in. 


0.28 


0.85 


0.85 


1.25 


1.25 


1.56 


Weight, plf 


0.98 


3.01 


3.01 


4.39 


4.39 


5.56 


Ult. strength, f pu , ksi 


157 


150 


160 


150 


160 


150 


Ult. strength, kips 


43.5 


127.8 


136.3 


187.5 


200.0 


234.0 
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Fig. 1.20 Stress-strain curve for high-strength bars 
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ticity is constant only for a limited range, up to a 
stress of about 80,000 psi. It will vary between 25 
and 28 x 10 6 psi, and a value of 26 x 10 6 psi is 
commonly used for analysis. 

Wire 

Uncoated stress-relieved wires meeting the re- 
quirements of ASTM A421, Uncoated Stress- 
Relieved Wire for Prestressed Concrete, are used in 
post-tensioned tendons. Properties of common 
sizes of prestressing wire are given in Table 1.11. 
Typical stress-strain curves for wires are shown in 
Fig. 1.21. The modulus of elasticity of uncoated 
wire is approximately 29 x 10 6 psi. 

Fig. 1.21 Typical stress-strain curves for stress-relieved wires 
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Pretensioned Method 

Procedures for placing, gripping and tensioning 
strands have been established. 2 After the strands 
are tensioned, reinforcing steel, inserts, etc., are 
placed, forms are completed, and the concrete is 
cast and cured. When the concrete has reached the 
strength required for release of prestress, the 
strands are cut at each end of each concrete mem- 
ber. 

Since pretensioned strands are anchored by 
bond alone, adequate bond must be developed 
between strand and concrete. Equations for bond 
transfer lengths given in the design sections of 
codes are based on clean strand in wet cast and 
vibrated concrete. The slight rusting defined and 
permitted by Section 8.4 of ASTM A416 will in- 
crease bond as much as 25%. Oil or other foreign 
substances on the strand will decrease bond. 

Tests 13 show that the transfer length for any one 
size of strand is approximately the same for all 
strengths of concrete. The ACI Code 5 considers the 
transfer length to be 50 diameters for strand and 
100 diameters for single wire. 

Post-Tensioned Method 

Post-tensioned construction is classified as 
bonded or unbonded depending on whether the 
tendon ducts are filled with a mortar grout after 
stressing (bonded), or whether the tendons are 
greased and paper wrapped, or greased and plas- 
tic covered (unbonded). A concrete member 
post-tensioned with unbonded tendons may de- 
velop one or two large cracks under design loads, 
whereas a number of smaller cracks generally 
occur when bonded tendons are provided. 

Specifications permit overstressing of ten- 
dons and then relaxing them to the specified 
initial tension to overcome friction. Complete 
details of the various types of tendons, tendon 
sheaths, anchors, jacking equipment and grout- 
ing equipment are given in the Post-Tensioning 
Manual. 14 

The tendon most frequently used in archi- 
tectural precast concrete is called the mono- 
strand. Although monostrands can be fabrica- 
ted to be grouted, they are usually coated with 
grease and covered with paper or plastic and 
hence are used in the unbonded condition. Mono- 
strands consist of a single 1/2 or 0.60-in. diameter 
270 ksi strand, or a single 3/8, 7/16, or 1/2-in. 
diameter 250 ksi strand. Details of a number of 
types of monostrand anchors and tensioning equip- 
ment are given in the Post-Tensioning Manual. If 
friction is exceptionally high due to length or cur- 
vature of the tendon, a strand coated with Teflon 
and encased in a plastic tube is available. These 
monostrands have a very low coefficient of fric- 
tion. 



Information for computing friction losses is 
given in the Post-Tensioning Manual 14 based on 
provisions of Sect. 18.6 of the ACI Code. 5 In view 
of the low coefficient of angular friction and the 
large total angular changes in tendons used in archi- 
tectural panels, the calculations of friction losses 
should be made with caution, and checks of elon- 
gation should be made in the post-tensioning 
operation. 

Shape of anchor plates will vary from one type 
to another but all have approximately the same 
area. One system has plates that are 2-1/2 in. x 4- 
1/2 in. for a 1/2 in. strand and 3-1/4 in. x 5 in. for 
a 0.60 in. strand. 

Anchors and jacking units are available to permit 
recessing of the anchor so that the end of the 
strand can be cut off in the recess after tensioning 
and the pocket filled with grout or other material. 

Single high-strength bars are used in the same 
manner as monostrands. High-strength bars and 
monostrands are used to post-tension precast sec- 
tions together. 

Post-tensioned tendons for a project are usually 
purchased as a package from one of the suppliers. 
The package includes the anchors, jacking equip- 
ment and data on tendon elongation. It may also 
include prefabricated tendons encased in metal 
duct plus grouting equipment or tendons greased 
and encased in nonmetalic tubes. 

Specifications should require supervision of the 
installation, tensioning and grouting of post-ten- 
sioning systems, in accord with the requirements of 
Ref. 2. The elongation and jack pressure for each 
tendon should be checked against each other and 
should be recorded. 

In certain instances where the strands are 
straight they are placed in cored holes, tensioned 
and grouted. When the grout has reached adequate 
strength the exterior post-tensioning anchors are 
removed, the strands are burned off flush with the 
end of the concrete and their pre-stressing force is 
transferred to the concrete through the bond on 
the strand to the grout. 

The bearing pressure under most tendon anchors 
is high. Welded wire fabric or a grid of reinforcing 
bars can be cast in the concrete just below the 
bearing surface of the anchor to distribute the 
load. 

1.3.4 Protection of Reinforcement 

Reinforcing steel is protected from corrosion by 
embedment in concrete. A protective iron oxide 
film forms on the surface of the bar as a result of 
the high alkalinity of the cement paste. As long as 
the alkalinity is maintained, this film is effective in 
preventing corrosion. 



The protective high alkalinity of the cement 
paste is usually lost only by leaching or carbona- 
tion. Therefore, concrete of low permeability and 
of sufficient thickness (cover) over the steel will 
usually provide adequate protection. Low permea- 
bility is obtained in concretes having a low water- 
cement ratio and high cement content, a charac- 
teristic of architectural precast concrete. 

Hairline or structural cracking may allow oxygen 
and moisture to reach the embedded steel, provid- 
ing conditions where rusting of the steel and strain- 
ing of the surface may occur. A sufficient amount 
of closely spaced reinforcement, however, limits 
the width of cracking and the intrusion of water, 
hence maintaining the protection of the steel. 

Concrete cover refers to the minimum clear dis- 
tance from the reinforcement to the face of the 
concrete. For exposed aggregate surfaces, the con- 
crete cover to surface of steel should not be meas- 
ured from the original surface. Instead, the depth 
of mortar removed between the pieces of coarse 
aggregate should be subtracted. Attention must 
also be given to scoring, false joints, and drips, as 
the cover is measured from the bottom of the 
groove to the reinforcement. 

Increasing the concrete cover increases the pro- 
tection provided to the reinforcement. In deter- 
mining cover, consideration should be given to the 
following: 

1. Structural or nonstructural use of precast 
member. 

2. Maximum aggregate size (cover should be 
greater than maximum aggregate size, parti- 
cularly if a face mix is used). 

3. The means of securing the steel in a con- 
trolled position, and maintaining this con- 
trol during placement of concrete. 

4. Accessibility for placement of concrete, and 
the proportioning of the concrete mix rela- 
tive to the structural environment. 

5. The type of finish treatment of the concrete 
surface. 

6. The environment of the concrete surface; 
interior or exposed to weather, ocean atmos- 
phere, or aggressive industrial fumes. 

7. Fire code requirements. 

Minimum cover requirements for precast 
concrete manufactured under plant control condi- 
tions are specified in Sect. 7.7 of the ACI Building 
Code. 5 These requirements are listed in Table 1.13. 
For very thin wall panels, less than 3 in. thick, it 
has been accepted practice to use 1/2 in. minimum 
cover if the panels are exposed to weather, and 3/8 
in. minimum cover if the panels are not exposed to 
weather. 
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Table 1.13 Minimum cover requirements for precast concrete 



■■ 


Minimum Cover 3 


Condition 


Nonprestressed 
Reinforcement 


Prestressed 
Reinforcement 13 


Exposed to earth or weather 






Wall panels 


#11 and smaller 3/4 in. 


1 in. 


Other members 


#6 through #11 1 172 in. 
#5, 5/8 in. wire, 

and smaller 1 1/4 in. 


1 1/2 in. 


Not exposed to earth or weather 






Wall panels, slabs, 
and joists 


#11 and smaller 5/8 in. 


3/4 in. 


Beams and columns 






Main steel 


Diameter of bar, 
but not less than 
5/8 in., and need 
not exceed 1 1/2 in. 


1 1/2 in. 


Ties, stirrups or spirals 


All sizes 3/4 in. 


— 



Notes: a. When the tensile stress in the concrete under service load exceeds 6 Vf 7 " for 
members exposed to earth, weather, or corrosive environment, cover shall be 
increased by 50% over that specified. 

b. Also applies to ducts and end fittings. 



Cover requirements over reinforcement should 
be increased to 1-1/2 in. for nongalvanized rein- 
forcement or 3/4 in. for galvanized reinforcement 
when the precast elements are acid treated, 
exposed to a corrosive environment or subjected 
to severe exposure conditions. In addition, 3/4- 
in. cover is realistic only if the maximum aggregate 
size does not exceed 1/2 in. 

Galvanized welded wire fabric is often consi- 
dered when minimum cover requirements cannot 
be achieved or when the concrete is exposed to a 
severe environment. However, a detrimental chemi- 
cal reaction can take place when the concrete is 
damp and chlorides are present. Therefore, the 
benefit obtained by galvanizing is questionable for 
members subjected to de-icing salts or similar 
treatment. 

In architectural precast concrete it is common 
practice to use a coating of 2 oz of zinc per sq ft of 
steel surface. 

Galvanized welded wire fabric is usually avail- 
able as a stock item in some sizes. Individual wires 
are galvanized before they are welded together to 
form the fabric. Zinc at each wire intersection is 
burned off during welding, but the resulting black 
spots have not caused appreciable problems. After 
welding the fabric is normally shipped to the plant 



without further treatment. There is no ASTM spe- 
cification for galvanized welded wire fabric. 

When galvanized reinforcement is used in con- 
crete it should not be coupled directly to ungal- 
vanized steel reinforcement, copper or other dis- 
similar reinforcement. Polyethylene and similar 
tapes can be used to provide local insulation be- 
tween any dissimilar metals if desired. Galvanized 
reinforcing should be fastened with ties of soft 
stainless steel rather than black wire. 

When galvanized reinforcement is placed close to 
nongalvanized metal forms, the concrete may have 
a tendency to stick to the forms. This may also 
happen if nongalvanized reinforcement is used 
close to galvanized forms or form liners. Sticking 
may be prevented by passivating the surface of the 
galvanized steel reinforcement using a chromate 
treatment. Chromate coating of galvanized surfaces 
can be readily done in most galvanizing plants. The 
addition of chromic oxide (Cr0 3 ) to the concrete 
mix (150 parts per million based on weight of mix- 
ing water or about 8 oz of a 10% solution per cu 
yd of concrete) may also be effective in eliminating 
sticking and reflection of steel. Precautions in 
handling of chromic oxide shall be taken to avoid 
dermatitis. 



1-28 



1.4 REFERENCES 

1. Fintel, M., Editor, Handbook of Concrete Engineer- 
ing, Van Nostrand Reinhold Company, New York, New 
York, 1974. 

2. Manual for Quality Control for Plants and Production 
of Architectural Precast Concrete Products, Prestressed 
Concrete Institute, Chicago, Illinois, 1977. 

3. ACI Committee 533, ''Quality Standards and Tests for 
Precast Concrete Wall Panels," AC/ Journal, Proceedings 
V. 66, No. 4, pp. 270-275, April 1969. 

4. Design and Control of Concrete Mixtures, Portland 
Cement Association, Skokie, Illinois, 1968. 

5. ACI Committee 318, "Building Code Requirements for 
Reinforced Concrete (ACI 318-77)," American Con- 
crete Institute, Detroit, Michigan, 1971, 78 pp. 

6. Hanson, J. A., "Effect of Curing and Drying Environ- 
ments on Splitting Tensile Strength Concrete," AC/ 
Journal, Proceedings V. 65, No. 7, July 1968, pp. 535- 
543. 

7. Hognestad, E., Hanson, N. W., and McHenry, D., "Con- 
crete Stress Distribution in Ultimate Strength Design," 
ACI Journal, Proceedings V. 52, No. 4, December 1955, 
pp. 445-479; see also PCA Research and Development 
Laboratory, Development Department Bulletin D6, 
Portland Cement Association, Skokie, Illinois. 

8. Fintel, M., and Khan, R, "Effects of Column Creep and 
Shrinkage in Tall Structures — Prediction of Inelastic 
Column Shortenings," ACI Journal, Proceedings V. 66, 
No. 1 2, December 1 969, pp. 957-967. 

9. PC/ Design Handbook, Prestressed Concrete Institute, 
Chicago, Illinois, 1971 . 

10. Welded Wire Fabric Manual of Standard Practice, Wire 
Reinforcement Institute, Inc., McLean, Virginia, 1971, 
24 pp. 

11. Manual of Standard Practice, Concrete Reinforcing 
Steel Institute, Chicago, Illinois, 1976. 

12. PCI Committee on Prestress Losses, "Recommenda- 
tions for Estimating Prestress Losses," PCI Journal, 
V. 20, No. 4, July-August 1975, pp. 43-75. 

13. Kaar, P. H., LaFraugh, R. W., Mass, M.A., "Influence of 
Concrete Strength on Strand Transfer Length," PCI 
Journal, V. 8, No. 5, October 1963, pp. 47-67. 

14. Post-Tension ing Manual, Post-Tension ing Institute, 
Glenview, Illinois, 1976. 

15. ACI Committee 439, "Steel Reinforcement Properties 
and Availability," ACI Journal, Proceedings V. 74, No. 
10, October 1977, pp. 481-492. 



1-29 



CHAPTER 2 

CONNECTIONS FOR 

ARCHITECTURAL PRECAST CONCRETE 

PAGE NO. 

2.1 GENERAL 2-3 

2.2 CLASSIFICATION OF CONNECTIONS 2-3 

2.2.1 Seat Connections 2—3 

2.2.2 Bolt and Insert Connections , 2—3 

2.2.3 Anchor Plate Connections 2—5 

2.2.4 Drilled-in Dowel Connections 2—5 

2.2.5 Special Anchorage Systems 2—5 

2.3 GUIDELINES FOR NON-LOAD BEARING (CLADDING) PANEL CONNECTIONS 2-5 

2.3.1 General Considerations 2—5 

2.3.2 Production Considerations , 2—6 

2.3.3 Erection Considerations . 2—9 

2.3.4 Force Systems 2—1 1 

2.3.5 Practical Size of Panels and Location of Connections 2—13 

2.3.6 Structural Design Considerations 2—14 

2.3.7 Safety Factors 2—16 

2.3.8 Tolerances 2—1 7 

2.4. JOINT LOCATIONS 2-1 7 

2.5 ANALYSIS AND DESIGN OF CONNECTIONS 2-17 

2.5.1 General 2—17 

2.5.2 Types of Connections 2—18 

2.5.3 Bolts, Bars and Studs 2—1 9 

2.5.4 Inserts 2—34 

2.5.5 Wedge and Slotted Inserts t m 2—36 

2.5.6 Expansion Inserts , m 2—38 

2.5.7 Dowel Connections . , , 2—40 

2.5.8 Support Elements 2—41 

2.5.9 Seat Connections 2—45 

2.5.10 Welded Connections 2—47 

2.5.1 1 Bearing Connections 2—67 

2.5.12 Friction and Shear Friction 2—75 

2.6 LOAD BEARING PRECAST WALL CONNECTIONS 2-75 

2.6.1 Types of Connections _ _ 2—76 



2.6.2 Wall and Floor Connections 2-85 

2.7 TYPICAL CONNECTION DETAILS FOR NON-LOAD BEARING PANELS 2-89 

2.7.1 Direct Seat Connections 2-89 

2.7.2 Corbel Seat Connections 2-89 

2.7.3 Cast-In Seat Connections 2—89 

2.7.4 Angle Seat Connections 2-90 

2.7.5 Plate-Seat Connections 2-91 

2.7.6 Tie Back Connections 2-91 

2.7.7 Hanger Connections 2—92 

2.7.8 Alignment Connections 2—93 

2.7.9 Masonry Tie Back Connections 2—93 

2.8 DESIGN EXAMPLES 2-94 

2.8.1 Tie Back Connection 2-94 

2.8.2 Angle-Bolt Connection . 2-95 

2.8.3 Anchor Plate-Bolt-Angle Connection 2-96 

2.8.4 Structural Section Welded to Anchor Plate . 2-97 

2.8.5 Insert Angle ... 2-99 

2.8.6 Cast-in Structural Section . 2-100 

2.8.7 Corbel Seat Connection 2-101 

2.8.8 Expansion Insert-Continuous Angle Connection 2—103 

2.8.9 Dowel-Edge Bearing Connection 2—105 

2.8.10 Window Panel with Roof Parapet - Earthquake Zone 2 2-106 

2.9 REFERENCES 2-109 



2.1 GENERAL 



2.2 CLASSIFICATION OF CONNECTIONS 



Properly conceived and designed connections are 
one of the most important factors to assure the 
satisfactory performance of safe and economical 
architectural precast concrete elements. The three 
principal considerations are: (1) strength and 
deformability; (2) function and expected perform- 
ance (serviceability); and (3) fabrication and erec- 
tion procedures. In addition, the design of connec- 
tions can be influenced by the basic structural sup- 
port system and the size of the building. 

Connections should be designed to transfer load 
considering: (1) safe performance under gravity, 
wind and earthquake loads; (2) fabrication and 
erection processes and tolerances including eco- 
nomic considerations; (3) effects of volume changes 
within cladding elements and support system; (4) 
effects of movements; and (5) protection from 
corrosion and fire. 

The design of connections presented here is 
based on engineering judgment and experience 
supported by appropriate engineering analysis. 

The designer should attempt to provide simple 
load paths through the connections and ductility 
within the connections. This will lower the sensi- 
tivity of the design to precise calculations of 
forces resulting from volume change and frame 
distortion. All connections and assemblies should 
develop sufficient ductility and rotational capacity 
to preclude brittle failure of steel or welds or brit- 
tle concrete failures. Inserts in concrete should be 
attached and/or hooked around reinforcing steel, 
provided with confinement reinforcement or other- 
wise be terminated to effectively transfer forces to 
the concrete and/or reinforcing steel. The number 
of load transfer points from panel to structure 
should be kept to a practical minimum. It is pre- 
ferable that no more than two connections per 
panel be used to transfer gravity loads. Load trans- 
fer should be as direct as possible. 

Connections should allow economical fab- 
rication of the precast elements. Production and 
erection costs increase in direct relation to the in- 
crease in the specified exactness of location of 
connection and the lack of reasonable tolerances 
for construction of molds. 

Connection details should not inhibit con- 
crete placement or cause finishing problems nor 
require penetration through molds. Ease and speed 
of erection are heavily dependent on simplicity and 
ruggedness of assembly details, and the amount of 
patching and finishing of connection pockets. Con- 
nection details should preferably allow erection to 
proceed independently of ambient temperature 
without temporary protective measures. 

The analysis of connections should include the 
appropriate load and capacity reduction factors. 



Architectural precast concrete elements can con- 
sist of non-load bearing elements fastened to a sup- 
porting structure. Or the precast concrete may be 
load bearing wall elements supporting, in addition 
to their own weight, loads imposed from other 
parts of the structure (see Chapter 5). Accordingly, 
different concepts and types of connections will 
result. 

According to structural behavior and force trans- 
fer characteristics, a number of basic types of con- 
nections with variations are suggested in Fig. 2.1. 

2.2.1 Seat Connections 

Seat connections are intended for transfer of 
vertical loads to the supporting structure or foun- 
dation (Fig. 2.1a). (For design see Sect. 2.5.9.) The 
seat is provided either in the plane of the panel 
along the bottom surface or eccentrically located 
by casting integrally with the panel a continuous 
or localized corbel; or by embedment of a rigid 
structural steel section into the panel. Lateral 
load transfer capability can be provided by various 
tie back arrangements. Variations in the support 
system generally necessitate the use of shims and/ 
or bearing pads. 

Type and material of bearing pads will depend 
on loads and expected relative movement of clad- 
ding and support structure. If significant move- 
ments are expected, soft pads or low friction rigid 
pads should be used. However, if relative move- 
ment is not expected, a rigid material such as grout 
or drypack bedding can be used. 

2.2.2 Bolt and Insert Connections 

Bolt and insert connections can be of four types 
according to their anchorage characteristics and in- 
stallation procedures (Fig. 2.1b). 

Cast-in Bolt Connections 

Cast-in bolt connections are embedded into con- 
crete at time of casting and resist external forces 
through bond, mechanical anchorage, bearing and 
tension strength of the concrete. (For design see 
Sect. 2.5.3) Moment transfer is possible through 
arrangements of bolts above and below the bending 
axis. 

Loop Insert-Bolt Connections 

Loop insert-bolt connections consist of two dis- 
tinct elements: (1) the insert cast into the con- 
crete, either recessed or flush with the surface, and 
(2) the bolt screwed into the insert when the con- 
nection is made to supporting structure. (For de- 
sign see Sect. 2.5.4) Various trade names (chair, 
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Fig. 2.1 Types of connections 



Anchorage in Panel 



Connector Between Panel 
and Building Frame 



Attach- 
ment 
Between 
. Connec- 
tors and 
Panel 
Anchorage 



./(»- 



«Bc 



CC 
CD 
CO 




Angle -Bolt 



Friction 



Dowels 



Bearing Pads 



Bolt 



Weld 



Grout 



Shim 



E£ 



a; 

CO 

c 

"O 

c 

03 



o 

CO 



g gF^ J 



AflL-.:IH 



■ Cast- in Bolt 



B= 



Loop Insert -Bolt 



Drilled in 
Insert- Bolt 



Coil or Ferrule 
Insert -Bolt 



Anchor Bolts 



Bolts 



Angle 



Bolt 



c. 



□ •'.::;;:;: 



0) 

to 



o 

c 

< 



g— jr., .'arvjae 







[ ] 1 Studs 

g ■■ Bolts 



-t * * / / * - 



Structural 
Shapes 



Plates 



Rebars 



Weld 






Epoxy Joint 



Rebars 

Bolts 
Rock Bolts 



Grout 



o 

CD 

a 
co 




m 



o\ Hanger 



Hanger 



Reglet, Wedge 



Bolts 



Structural 
Shapes 



Plates 



Bolt 



Weld 



Hook 



2-4 



tyloop, ferrule, coil strut, screw anchor insert, etc.) 
are used, however, the basic characteristics remain 
similar. 

The insert is a factory-produced metal element 
comparable to the nut of a bolt, threaded and di- 
mensioned to receive the bolt and provide mechan- 
ical and bond anchorage. 

Resistance to external forces and force transfer 
characteristics are similar to cast-in bolt connec- 
tions. 

Expansion Insert-Bolt Connections 

Expansion insert-bolt connections are placed in- 
to a cavity drilled into the hardened concrete and 
anchored to the concrete element through friction 
and mechanical anchorage. (For design see Sect. 
2.5.6) 

Placement of the drilled-in insert requires a hole 
slightly larger than the insert. The anchorage is 
achieved by expanding parts of the insert against 
the surrounding concrete. The expanding pressure 
is usually created by screwing the connection bolt 
into the insert or by impacting against an expan- 
sion element at the bottom of the hole. 

Resistance to external forces and force transfer 
characteristics depend mainly on development of 
friction which in turn depends on the force causing 
the expansion. For long-term satisfactory perform- 
ance the expansion force and friction must be 
maintained. 

Tie Back Connections 

Tie back connections can be any of the above 
types provided that the protruding bolt can resist 
tension and compression perpendicular to the 
plane of the panel. The tie back connection must 
remain sufficiently flexible in both directions par- 
allel to the plane of the panel to allow movements 
of panel and support system respectively without 
generating appreciable forces. 

2.2.3 Anchor Plate Connections 

Anchor plate connections are widely used in 
combination with flat metal straps, reinforcing 
bars, or metal studs welded to the plate (Fig. 2.1c). 
(For design see Sect. 2.5.8.) The exterior surface of 
the plate is normally flush with the concrete face 
and provides a weld area for connection to the sup- 
port system. By replacing the fiat weld plate with a 
structural shape or a bent plate the cast-in portion 
can provide additional anchorage. 

Force and moment transfer mechanisms are sim- 
ilar to cast-in bolt and bolt-insert connections. 

2.2.4 Drilled In Dowel Connections 

The recent advances in controlling the set and 



strength of epoxies and cement grouts under nor- 
mal field conditions, together with newly developed 
installation techniques, make dowel connections 
applicable for cladding (Fig. 2.1d). (For design see 
Sect. 2.5.7) Specific advantages can be obtained in 
cases where inserts were accidentally omitted or 
damaged, or field conditions require additional 
connections not originally planned and where ex- 
pansion bolt connections are not applicable. 

Dowel-grout connections derive strength mainly 
through bond of grout to dowel and grout to con- 
crete. Performance and strength depend greatly on 
the shrinkage and creep characteristics of the grout. 
Shrinkage compensating cement or additives may 
enhance the reliability of dowel-grout connections. 
The dowel receiving hole can be blocked out at 
time of casting of the cladding element or drilled in 
at a later time. 

For dowel-epoxy connections, strength and 
bond characteristics of epoxies exceed the concrete 
strength. The connection strength characteristics of 
dowel-epoxy connections are determined by con- 
crete shear (pull out or cone strength) or splitting 
strength, or the connector strength (bolt, etc.). 
The connector, a deformed reinforcing bar or de- 
formed bolt, is inserted into a drilled hole in 
which resin and catalyst were previously inserted. 
The strength of dowel-epoxy connections under 
elevated temperatures and the effects of creep of 
epoxies require special evaluations. 



2.2.5 Special Anchorage Systems 

Special anchorage systems are often required to 
accommodate large or very tight tolerances, for ab- 
sorption of large volume changes or when a three 
directional adjustment is required (Fig. 2.1e). The 
force and moment transfer mechanisms can be 
analyzed on the basis of one or a combination of 
the previously described types of connections. 



2.3 GUIDELINES FOR NON-LOAD BEARING 
(CLADDING) PANEL CONNECTIONS 

2.3.1 General Considerations 

The multitude of sizes and shapes of precast 
cladding panels has led to a variety of connec- 
tions, nearly always custom-designed for each pro- 
ject, and defying any classification of standard 
connections. To obtain a manageable number of 
connection details, a systematic analysis of forces 
and movements of panels and the supporting sys- 
tem is required. The design and detailing of con- 
nections must consider the following items: 



2-5 



1. Load transfer capacity: the force system act- 
ing on the element must be transferred 
through the connections to the supporting 
structure. 

2. Eccentricities: a realistic assessment and con- 
trol of location of force transfer points must 
be made, manufacturing and erection toler- 
ances, with consideration given to volume 
changes, foundation settlements, story drift 
and effects of seismic action. 

3. Protection: permanent protection from the 
elements must be provided, or materials and 
details used for the connection must be corro- 
sion resistant. 

The lack of protection from the elements and 
inability of connections to accommodate move- 
ments have been the two most frequent types of 
connection problems. Attention should, therefore, 
be paid to these details. 

Connections should be chosen so that the analy- 
sis of stresses transferred through the connections 
is as simple as possible. Stresses caused by volume 
changes should be avoided by allowing the precast 
units to move and accommodate these changes. 
The number of stress transfers for a given connec- 
tion should be a minimum to reduce the complex- 
ity and increase the efficiency of the connection. 

Fig. 2.2 indicates, for typical connections, the 
corresponding number of force transfers. For 
example, the connection of Fig. 2.2a can resist 
forces in the X and Y direction (see Fig. 2.5 for 
definition of X, Y and Z). Seven force transfers 
are needed to accomplish this. An identical X and 
Y resistance can be obtained with the connection 
of Fig. 2.2b with only 3 force transfers. Fig. 2.2c 
shows a connection to resist forces in the X and Y 
direction with 6 force transfers. The connection of 
Fig. 2. 2d reduces the load transfers to 3. Fig. 2.2e 
has load resistance capacities in X, Y and Z direc- 
tion with only two force transfers. 

2.3.2 Production Considerations 

Standardization 

Standardization of connections is an important 
aspect of design since it improves quality control 
and contributes to production economies. Once 
the basic loads and requirements have been estab- 
lished, similar size and type of connection should 
be used throughout. To maintain uniformity and 
repetition of details, it is usually more economical 
to over-design those connections which have a less 
demanding condition than the majority of other 
connections on the job. The cost of the extra mate- 
rial required will often be less than the detailing, 



manufacturing, storing and scheduling costs for a 
modification. 

Standardization also applies to dimensioning of 
connection details. Little is gained by slight chan- 
ges in dimensions, since the savings in materials 
may be more than offset by the extra labor in- 
volved in developing the modifications. Further- 
more, if the changes in dimensions and materials in 
connections are not in increments large enough for 
visual recognition, there is greater chance that an 
improper connection may be used at a given loca- 
tion. 

Connections should be standard to the industry 
and readily available and practical in the local area. 



Reinforcement in Connections 

A practical consideration in connection design 
is a limit on the size of reinforcing bars. Large bars 
require embedment lengths for anchorage that may 
be impractical for the connection and since they 
bend in wide arcs, anchorage hooks may not be 
practical (see Fig. 1.19). For positive anchorage in 
connections, it may be better to use welded cross 
bars or other types of mechanical anchorages than 
to rely on bond. 

A connection detail that requires a large amount 
of added reinforcement can create production dif- 
ficulties and interfere with other reinforcement. 
Difficulty in placing and vibrating the concrete 
may lead to honeycombing within the connection 
while congestion of reinforcing bars may result in 
their being improperly positioned. 

Connection details with reinforcing bars cross- 
ing each other requires careful dimensional check- 
ing to insure that sufficient clearances and toler- 
ances are available for proper location of the steel. 

When welding is used in connections, weldabil- 
ity characteristics of the reinforcement should be 
known. As a rule, most Grade 40 bars can be weld- 
ed while Grade 60 bars require a study of chem- 
ical properties to determine weldability. It is 
important not to weld reinforcing bars within 4 bar 
diameters from point of tangency of a cold bend, 
since this may result in crystallization and unpre- 
dictable behavior of the reinforcing bar at the bend 
(Fig. 2.3). Likewise, tack welding may produce 
similar crystallization and reduced bar strength and 
should be carefully performed when required. 
When welding is used refer to Ref. 1 and 2 and 
Sect. 2.5.10 for further information. 

Embedded Steel Shapes 

Often overlooked in design of plates, angles or 
other steel shapes embedded in precast concrete is 
their proper attachment to the forms. If they can- 
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Fig. 2.2 Connections illustrating number of force transfers 
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Fig. 2.3 Welding reinforcing bars 
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not be held securely in the forms, they may be- 
come misaligned or skewed relative to their planned 
position. This can result in uneven bearing or load 
transfer or other problems when the connection is 
completed later in the field. Provision should be 
made to assure proper concrete consolidation be- 
hind embedded steel shapes. This usually requires 
provision of air holes in the steel shapes. 

Inserts 

Inserts must be placed accurately because their 
capacity depends critically on depth of embed- 
ment, spacing and distance to free edges. For ease 
of quality control and uniformity of strength it is 
equally important to place inserts so that the depth 
of thread is constant for the same size insert 
throughout the job. Inserts should be kept free 
of dirt; most inserts can be obtained with plastic 
caps for protection. 

Clearances 

Where possible, connections should be dimen- 
sioned to the nearest 1/2 in. The minimum clear- 
ance between the various items within a connec- 
tion should not be less than 1/2 in., with 3/4 in. 
preferred. Not to be overlooked in dimensioning is 
that reinforcing bars have deformations that add 
1/8 in. or more to the nominal diameter of a rein- 
forcing bar. 

Tolerances 

Connections and locations of connections 
should be designed to accommodate tolerances be- 
tween the connecting members consistent with 



industry manufacturing and erection tolerance 
standards and the specified tolerances for the sup- 
porting structure. See Chapter 3 for recommended 
industry tolerances. 

The designer should specify the limits and toler- 
ances of critical dimensions for the connection 
details. The different tolerance standards for 
support structures of cast-in-place concrete, pre- 
cast concrete, structural steel and their possible 
combinations must be considered. It should be 
expected that field placed anchor bolts or connec- 
tion plates can be 1 in. or more away from the de- 
sign location and elevations of foundations or 
piers as much as 1 in. above or below the design 
level. 

Fabrication tolerances are also influenced by 
the design and location of the connection. It is 
difficult to accurately hold a floating connection 
(one that is away from the form sides) if it cannot 
be secured to the mold. The designer should, in 
general, consider fabrication tolerances of ± 1 in. 
for floating connections and blockouts, and ± 1/2 
in. if direct fastening to the mold is possible. 



inspection 

Design of connections should consider the ease 
of inspection during casting and after completion 
of installation. 

Protection 

Exposed connections should be designed to with- 
stand the attack of weather or aggressive atmos- 
pheres. This may require recessing plates and/or 
coating the exposed areas, or use of non-corrosive 
connection materials. 

In areas subjected to frost or in refrigeration 
structures, the effects of frost action and condensa- 
tion must be considered. Fire protection according 
to the applicable code can be provided either by 
recessing the connection into the precast element 
and use of a drypack or grout patch after erection 
or by a cover of other non-combustible materials 
of sufficient thickness. See Sect. 12.3.2 for further 
discussion on fire protection of connections. When 
epoxy or similar type mixtures are used for grout, 
the fire rating should be investigated. 

When corrosion protection is necessary the de- 
signer should consider the following possibilities 
which are listed in approximate order of increasing 
cost: 

1 . Paint with shop primer 

2. Coating with zinc-rich paint 

3. Zinc metallizing 

4. Cadmium plating 
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5. Hot dip galvanizing 

6. Use of stainless steel 

It should be noted that the thread parts of bolts, 
nuts or plates should not be galvanized and that any 
galvanized connection hardware should not be 
welded. 

2.3.3 Erection Considerations 

Tolerances 

Erection tolerances are largely determined by 
the actual alignment and dimensional accuracy of 
the support system (see Chapter 3). The designer 
should clearly define the dimensions and the maxi- 
mum tolerances to be permitted in the building 
foundation and frame alignment. An assessment of 
published code tolerances for the various types of 
structures should be made and local experience 
considered. Lack of attention to these matters 
often necessitates changes and adjustments in the 
field, not only delaying the work but usually re- 
sulting in extra costs and sometimes impairing the 
appearance of the units and completed structure. 

The three dimensional aspects of tolerances for 
structures — variations in length, height and verti- 
cally — must be considered together with possible 
rotations and irregularities of the support surface. 

Where a unit is not erected within the tolerances 
specified, the structural adequacy of the installa- 
tion should be checked and the connection design 
modified if required. No unit should be left in an 
unsafe support condition. Adjustments or changes 
in connections, which could induce additional 
stresses in the unit or connection assembly other 
than adjustments within the prescribed tolerances, 
should be made only after design analysis. 

Clearances 

The failure to provide adequate clearances is a 
deficiency of design. The following considerations 
are essential: 

1. Accommodation of movement between adja- 
cent parts. 

2. Provision for possible size variations and mis- 
alignment. 

3. Provision of working space to make the con- 
nection; sufficient room for welding, or ade- 
quate space to tighten a bolt. 

The clearance necessary for erection of panels 
will depend on the design, the dimensional accuracy 
of the support system and the limits of adjustment 
permitted by the connection details. 

The nominal clearance dimension shown on the 
drawings should be equal to the actual clearance re- 
quired plus the outward (encroaching) tolerance 



permitted for the support system and any adjacent 
construction. 

All connections should be provided with the max- 
imum adjustability in all directions which is struc- 
turally or architecturally feasible. Connections 
should provide for vertical, horizontal and lateral 
adjustments of 1 in. minimum to accommodate any 
misalignment of the support system and the precast 
elements. Location of hardware items cast into or 
fastened to the structure should be determined with 
specified tolerances for placement. Unless some 
other value is specified, tolerances for such locating 
dimensions should be 1 in. in all directions (vertical 
and horizontal) plus a slope deviation of 1/4 in. for 
the level of critical bearing surfaces. Connection de- 
tails should consider the possibility of bearing sur- 
faces being misaligned or warped from the desired 
plane. Reasonable adjustments can be provided by 
the use of drypack concrete, non-shrink grout, or 
elastomeric pads. 

Supporting Frame 

The supporting frame influences the choice of 
connection type. For example, if the supporting 
spandrel beam lacks sufficient rotational stiffness, 
the precast connections should be designed to 
transmit the vertical loads to the centerline of the 
beam or provisions made to avoid torsional stresses. 
This may induce additional bending stresses in the 
precast panel due to the increased eccentricity of 
the connection. 

The supporting beam may deflect under the 
weight of the precast panels, making it necessary to 
provide vertical adjustment in the connections after 
all the panels carried by the beam have been in- 
stalled. Excessive support rotation and deflection 
are more common in structural steel than in con- 
crete framing. The transfer of the panel load to the 
support should be planned to minimize flexural 
stresses in the panel and torsional stresses in the 
supporting structure. 

If the deflection of the support system is sensi- 
tive to the location or eccentricity of the connec- 
tion, limits should be given. Consideration should 
be given to both initial deflection and to long-term 
deflections caused by plastic flow (creep) of the 
supporting system. 

Temporary Connections 

During erection, loading conditions may occur 
that will control the connection design. These tem- 
porary conditions can result from eccentric loads, 
wind, construction loads or impact which may place 
far greater loads on the connection than the service 
loads. 

A review of all phases of construction may be 
necessary to satisfy temporary connection condi- 
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tions. Such a review may indicate that guying or 
bracing the precast units is a better and more eco- 
nomical solution than requiring the connection to 
carry the temporary erection loads. 

If guying, shoring or other erection bracing is 
used, the precast member should be provided with 
the required inserts or temporary weld plates for 
proper attachment of the bracing. 

Connections should be so detailed that hoisting 
equipment can be quickly released with possible 
final adjustment for proper alignment after tem- 
porary connections have been made. Connections 
should also be detailed to facilitate these final align- 
ments. 

Field Welding 

Welded connections should not be used indis- 
criminately by the designer. (See Sect. 2.5.10 for 
further discussion on welding.) Field welding can 
produce undesirable results when the effects of 
welded connections are not fully considered. For 
example, additional forces due to restraint against 
volume changes may require increased strength in 
all the connections. Where only a few field connec- 
tions are to be welded, it is usually more economical 
to use an alternate method rather than requiring 
another trade on the project. 

Where welded connections are required, welding 
should be performed by certified welders in accor- 
dance with the erection drawings which should 
clearly specify type, extent, sequence, if critical, and 
location of welds. Welding should be in accordance 
with AWS D1.1-75 1 and AWS D12.1-75 2 . 

If welding in cold temperature is necessary, pre- 
heating is required or special welding techniques, 
such as thermite welding, should be used. Welding 
in cold temperatures should be done carefully to 
prevent spalling of the adjacent concrete. In fact, 
with welded connections, potential damage to the 
concrete surrounding the connections, must always 
be evaluated for possible effect upon performance 
of the connection. 

Field Concrete Connections 

Connections requiring cast-in-place concrete, 
grout or drypack for their completion pose a num- 
ber of situations that must be considered. 

Where possible, the connection detail should be 
self-forming. Such a detail requires adequate toler- 
ances for rapid erection. When it is impractical to 
develop a self-forming detail, theconnection should 
allow for proper forming of the concrete and easy 
removal of the formwork. In dimensioning such a 
detail, consideration must be given to allowable tol- 
erances in dimensions of members, possible varia- 
tions from their planned positions and completed 
architectural appearance. 



Concrete or grout strength increases very slowly 
if exposed to low temperatures. Cold weather pro- 
tection is necessary if ambient temperatures are be- 
low 40 F. A space enclosure and heating should be 
used if early strength is required. The use of addi- 
tives to increase early set and strength is advan- 
tageous, but must be carefully controlled. Calcium 
chloride as additive should not be allowed if the 
concrete or grout mix will be in contact with metal 
parts or reinforcing steel of a connection. See Sect. 
1.2.3 for further discussion on cold weather 
practices. 

Additional Field Considerations 

Whenever possible, connections should be com- 
pleted by working downhand from the top of the 
erected member. The connection details should 
take into account the probable position of the 
workmen at the time of making the connection. 

As with considerations for production, connec- 
tion details for erection should be standardized. 
Repetition of the same connection improves quali- 
ty control in the field, which leads to better struc- 
tural performance. Furthermore, standardization 
facilitates selection and shipment of connection 
items resulting in fewerdelaysand added economies. 

With bolted connections, 1/2 in., 3/4 in., 7/8 in. 
or 1 in. diameter bolts are considered standard in 
the precast industry and should be used. Occasion- 
ally 1 1/4 in. diameter bolts are needed. Regardless 
of the load requirements, a 1/2 in. diameter bolt 
should be the minimum size used for any precast 
concrete connection. It is equally important to 
select standard threads for bolted connections. 

The length of slotted holes for clip angle should 
be 2 in. plus the bolt diameterto allowfor adequate 
adjustment and movement. Following erection of a 
precast unit where slotted connections are used, a 
check of bolt tightness should be made. The bolt 
should be tight, but not so tight that it cannot 
move within the connection angle slot. Regular 
steel washers may be required to assure that ten- 
sion has been developed in the bolt. Low friction 
washers between cladding and support structure 
will ensure movement if rough surfaces occur be- 
tween the elements of the connection. 



Erection Safety and Simplicity 

Members to be connected should be able to be 
erected through direct bearing without temporary 
shoring. They should also be capable of resisting 
temporary lateral or rotational loading. Where re- 
quired, special erection connections should be pro- 
vided. These may have to be relieved or cut loose 
prior to completion of the permanent connections. 
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If a given project requires special erection pro- 
cedures, a careful review of shop drawings, showing 
erection sequence and procedures will be necessary. 

2.3.4 Force Systems 

Force systems on a connection are the total sum- 
mary of all the loads transmitted to a connection. 

Typical Loads 

All precast concrete connections must be de- 
signed to resist gravity loads, wind loads, and earth- 
quake loads. The connection must also resist vol- 
ume change forces of the panel when restrained by 
its connections, and forces induced into the panel 
by restrained differential movements between the 
panel and the structure. 

Restraint is developed in connections by friction 
within the connections such as through bearing 
pads, through grouting of dowels, or welding of one 
or both ends of a member. Welding both ends of a 
long member is to be avoided. 

The magnitude of the load induced by wind is 
specified by building codes and is usually 15 psf or 
more. Wind suction must also be considered in de- 
sign with the magnitude dependent upon the panel 
shape or building configuration. Experience indi- 
cates that the suction loading affects connection 
design more than it does panel design. Unless other- 
wise specified by code, a suction loading equal to 
the wind pressure should be used provided no spe- 
cial conditions prevail. For lateral loads, consult 
local building codes. 

Volume Change Loads 

All concrete is subject to volume changes result- 
ing from temperature change, shrinkage and creep 
movements. Restraint of these volume changes 
creates loads that must be considered in the design. 

Insulated panels and panels that have abrupt 
changes in cross-section are particularly susceptible 
to cracking, warping and other undersirable effects 
if restrained volume change forces are not consid- 
ered. The following design approach for volume 
changes is conservative and the proposed coeffi- 
cients should be adjusted according to local test and 
experience values. 

Temperature variations may cause the panel to 
expand, contract or bow. For design, the average 
maximum difference in temperature between 
the interior and exterior surface of the precast panel 
should be used. The change in length of the member 
due to the average change of temperature can be 
calculated directly from the coefficient of thermal 
expansion: 



e t = CAF/ 
where: 



(Eq.2-1) 



e t = length change due to temperature, in. 

C = thermal coefficient of expansion in./in./F. 
For typical values see Table 1.2. If more 
exact values are needed, tests for the spe- 
cific concrete mixture should be conduct- 
ed. 
AF = average change of temperature, F 
/ = length in direction considered, in. 

Shrinkage deformation of a precast panel can be 
assumed to have a fixed value even though it varies 
with secondary effects. 

Shrinkage may occur in any direction. The un- 
restrained volume change due to shrinkage is con- 
sidered to be a function of the volume/surface 
ratio and is independent of the stress level in the 
member. The unrestrained shrinkage strain which 
occurs between time t 1 and t 2 may be evaluated 
from the following: 



~ k m (e S2 e s1 ) 



where: 



(Eq. 2-2) 



e s = the unrestrained shrinkage strain for any 
given period of time, t 1 to t 2 

e sv e S2 = t ' ie unrestrained shrinkage strain at 
time t 1 and t 2 , from Figs. 1.9 and 
1.10 

k m = mass factor depending on volume/surface 
ratio, from Fig. 1.15 

The change in length A s , in. can be expressed by: 

A s - e s Z (Eq. 2-3) 

/ = length in direction considered, in. 

Creep deformation of cladding panels can result 
from self weight or an externally applied load 
or prestressing of the panel. Prestressed panels 
usually have a concentric prestress of approximately 
300 psi applied to the cross-section at time of re- 
lease. If the ratio of the prestress stress to the con- 
crete strength at a time of stressing is 0. 1 5, the max- 
imum anticipated creep deformation can be assumed 
to be approximately 0.0002 in./in. of shortening. 

Creep in concrete will generate a change in length 
in a period of time. The primary factors used for 
the evaluation of creep strain are the stress level, 
the stress-strength ratio of the member and the 
volume/surface ratio of the member. 

The creep strain at any time can be found from 
the following: 
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where: 



k p k n 



(6, 



C2 



: C1 



.(Eq.2-4) 



"C1, C C2 



= creep strain for any given period of time 
t 1 to t 2 , in./in. 

standard creep strain (Figs. 1.11 and 

1.12) 

k m = mass factor (Fig. 1.15) 

k p - relative creep factor (Fig. 1.13) 

t 1 - initial time after casting in days, usually at 
time of erection i.e., 30 days 

t 2 = a later time, usually at 400 days 

The change is length in in., A c , due to creep is 
expressed as: 

A c = e c Z (Eq. 2-5) 

Elastic shortening is the immediate deformation 
that will occur in a panel either due to the self 
weight of the panel or to an externally applied load. 
Once the panel is in position, the elastic shortening 
due to the self weight of the panel has already oc- 
curred. This, in general, will not be of consequence 
except for evaluation of the tolerances needed in 
the connections. It should be noted that elastic 
shortening may be significant in the case of stacked 
panels transmitting their loads directly to the 
foundations. 

Leads from Differential Movements Between Panel 
and Supporting Structure 

Differential movements between the precast 



cladding and the supporting structure must be con- 
sidered in design. These movements result from dif- 
ferential volume changes between the panel and the 
supporting structure and load deformation of the 
supporting structure. 

The movement or the potential for movement can 
be determined by rational analysis. However, even 
in the case of relatively simple structures, the analy- 
sis is approximate. Therefore, certain minimum 
provisions for ordinary cases should be made to 
absorb the movements or eliminate the resulting 
forces. 

Forces induced by restrained differential move- 
ments between the panel and the supporting struc- 
ture are best avoided by allowing sufficient move- 
ment of the connections. The connections and panel 
joints should allow for the relative movement be- 
tween stories caused by wind or seismic forces. 
Long span support structures of concrete should be 
reviewed for creep and shrinkage deformation. 

Restrained volume change forces usually result 
from rigid connections at opposite ends of a precast 
element (Fig. 2.4a). To avoid restraint forces it is 
possible to develop bolted or mechanical lateral 
connections where volume change forces are elim- 
inated through sliding connections. Differential 
movement forces can develop in a connection re- 
sulting from the supporting frame deforming due 
to live load or creep deflection of concrete. Fig. 2.4b 
shows one way to provide for this. Another type of 
differential movement load is that resulting from 



Fig. 2.4 Loads from restrained volume changes, movements and rotations 
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support twisting as shown in Fig. 2.4c. 

A transfer of secondary forces from the support 
system to cladding panels must be avoided, unless 
the integration of cladding panels into the struc- 
tural system is intended. The analysis of forces to 
be transferred would then become part of the sup- 
port system. 

2.3.5 Practical Size of Panels and Location of 
Connections 

Location and direction of forces will be refer- 
enced to the X-Y-Z coordinate system shown in 
Fig. 2.5. 

Force transfer characteristics of connections in 
terms of directions of possible force transfer are 
indicated by symbols as shown in Fig. 2.6 where 
an arrow gives the direction in which no restraint to 
movement is offered. 

Arrangement and size of cladding elements with 
reference to the grid of the support system can vary. 
These may significantly influence the cost of the 
cladding, Ease of handling, safe transportation, ac- 
cessibility of joints and connection without special 
scaffolding or ladders, ease of inspection and quality 
control of completed connection all influence size 
of panels and location of joints. 

Since panel, size, and number and spacing of con- 
nection points influence the design, an optimum 
solution is desirable. In general, the largest possible 
size of panel with a minimum number of connec- 
tions is the most economical; handling, shipping, 
crane capacity and loads on support system are 
limiting criteria. 

Fig. 2.7 outlines criteria for practical panel sizes 
and connection point locations that are practical, 
economical and can satisfy architectural and engi- 

Fig. 2.5 Direction and location of forces 



Fig. 2.6 Connection symbols 
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Arrow indicates direction in which movement is possible or 
desirable without restraint. 

neering requirements. 

Good design procedure dictates that the weight 
of the entire panel be supported entirely at one level 
(Fig. 2.8 and 2.9). Generally, the load support con- 
nections are located near the bottom of the panel. 
The units may in some cases be suspended at the top 
and tied with lateral connections at the bottom. 
This introduces tensile stresses which when com- 
bined with other loads must be kept less than 
5 Vtc~ , if cracking is to be prevented. As a safety 
measure reinforcement should be provided for the 
full weight. 

Support systems resulting in a statically deter- 
minate force system are recommended. Indetermi- 
nate systems may cause supplementary forces of a 
magnitude and direction which are difficult to pre- 
dict at the time of design. 

Fig. 2.7 Practical size of panels and location of connection 
points 
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Fig. 2.8 Precast panels through several stories, eccentric 
loads (left) 

Fig. 2.9 Stacked precast panels, concentric loads (right) 
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2.3.6 Structural Design Considerations 
Design Loads 

Design loads result from the weight of panel, in- 
cluding permanent loads from windows or other 
items fastened to or supported by the panels, other 
structural elements, live loads, wind pressure, wind 
suction and loads generated by volume changes due 
to shrinkage, creep and variations of temperature. 
Gravity and lateral loads to connections are shown 
in Figs. 2.8 and 2.9. Often the support locationsvary 
from planned position and eccentricities can mag- 
nify the forces of the connections. 

Considering possible misalignment of stacked 
panels (Fig. 2.9) with resulting eccentricities of ver- 
tical loads, the tie back connections should be de- 
signed for a minimum of 5% of the vertical load act- 
ing in direction X (normal to the plane of the panel) 
in addition to the wind loads. 

To accommodate thermal movements, horizon- 
tal sliding of the load support connections may be 
accomplished by adding elastomeric or low friction 
bearing pads under supports or having the connec- 
tions flexible enough to safely accommodate the 
horizontal movements. In the design of connections 
which absorb movement by sliding, the increase in 



friction due to the tightness of the fastening should 
be prevented. 

The flexibility required in the vertical and hori- 
zontal directions for lateral connections (unless the 
precast units are small) may be accomplished 
through the use of connections with slotted or over- 
sized holes in addition to low friction washers to 
ensure movements. Alternatively, the connections 
may be slender enough to accommodate the move- 
ments by flexure. The same action can be accom- 
plished through the use of strap or rod connections. 
In the design of connections which absorb move- 
ment by flexure, considerations should be given to 
the magnitude and frequency of the movement and 
ductility of the connection. 

Preferably the type and location of the connec- 
tion should result in a statically determinate system. 
The equations of equilibrium alone will produce the 
connection forces (Figs. 2.10 and 2.11). For inde- 
terminate connection systems, methods using the 
theory of elasticity and compatibility conditions 
(see Fig. 2.12) are generally satisfactory; for com- 
plex cases, a finite element analysis may be required. 

Earthquake Forces 

Earthquake forces are determined as a percent- 
age of the weight of the panel and are located at 
the center of mass of the panel. The forces are then 
assigned to the various connection points according 
to the rules of structural mechanics and combined 
with other loads. Additionally, relative differential 
movement between stories and its effect on connec- 
tions should be considered. See Chapter 11 for a 
further discussion on earthquake design. 

Connection forces acting in a horizontal direction 
are specified by codes and standards generally to be 
twice the weight of the panel times the zone factor 
Z 3 < 4 . 

For seismic loads the connection forces F p ap- 
plied at the center of mass (force center) and acting 
in any horizontal direction equals: 

(Eq.2-6) 



ZIC p SW p 



p 
where: 

C p = 2.0* 

I = occupancy importance coefficient 

S = numerical coefficient for site-structure res- 
onance 

IS - 1 if C p =2 

Z = regional seismic coefficient 

W = weight of panel 



Note: for design of a panel C p = 0.2 while for 
the connection design C = 2.0 
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Fig. 2.10 Statical systems and forces on connections Narrow panel 
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For seismic loads UBC 3 and SEAOC 4 require 
that connections and joints between panels accom- 
modate the following movements: 

2.0/K times story drift caused by applicable wind 
load 



3.0/K times the seismic story drift 

or 1/4 in., whichever is greater 

where: K = horizontal force factor (Table 11.1) 

Connections to permit this movement should be 
sliding connections using slotted or oversize holes. 



Fig. 2.1 1 Statical systems and forces on connections Wide panel 
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Fig. 2.12 Simple indeterminate system. Movements of sup- 
port structure — elastic supports 



Fig. 2.14 Loading influenced by movements and 
eccentricity 




Or the connections may permit movement by 
bending of steel or by providing required sliding 
and ductility capacity (Fig. 2.13). 

Additional Stresses Due to Eccentricities 

Additional stresses due to eccentricities result 
from the type and shape of the connection hard- 
ware and the necessary fabrication and assembly 
tolerances. The sizing of connections is frequently 
influenced by eccentricity between the support 
and center of gravity of a unit. Depending on type 
and arrangement of connection and the resulting 
eccentricities, the direct panel forces (tension, 
compression) are modified to combinations of 
shear-tension or shear-compression with additional 
moments for the connection element and possibly 
a moment feedback from connection to panel. 
Considerations of fabrication and field conditions 
indicate that ample combined tolerances for design 
purposes should be provided (Fig. 2.14). 



Fig. 2.13 Design details for lateral movements 
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2.3.7 Safety Factors 

The connection of a cladding panel to support 
system (cast-in-place concrete, precast concrete, 
steel or masonry) involves the choice of one of sev- 
eral types of connectors and connection methods. 
The large number of possible combinations makes it 
difficult to establish a single economically justifiable 
safety factor. It is suggested that the design be based 
on ultimate strength criteria and then introduce a 
safety factor appropriate for the particular condi- 
tions of the connection. The lower bound should be 
determined by capacity reduction factors and load 
factors according to ACI 318-77 5 . A capacity re- 
duction factor of - 0.65 should be used for de- 
signing against concrete failure, i.e., brittle connec- 
tions or concrete in shear and tension. A capacity 
reduction factor = 0.9 should be used for design- 
ing against metal failures for steel in flexure or ten- 
sion, i.e., ductile metal connections. Further an 
additional load multiplier (E) sliding between 1.0 
and 1.33 may be applied depending on the de- 
signer's evaluation and judgment of: 

1 . mode of failure — concrete or steel; 

2. predictability of applied loads; 

3. consequences and extent of a possible failure; 

4. tolerances and reliability of quality control 
for fabrication and construction; 

5. probability of human error; and 

6. economics. 
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2.3.8 Tolerances 

Experience indicates that the allowed deviations 
from the plan dimensions for all support systems 
are frequently exceeded. Additionally, possible dif- 
ferential settlement during construction, elastic de- 
formations for high rise building, built-in camber 
and dead load deflections and temperature move- 
ments must be considered. For any support system 
it is not unusual to find ± 3/8 to 1/2 in. deviation 
in horizontal and vertical location from the plan di- 
mension. Considering also the range of fabrication 
tolerances for cladding panels of up to ± 1/2 in. for 
location of inserts and cast-in items, it becomes evi- 
dent that a useful and economical connection must 
be conceived and designed to accommodate erection 
tolerances of ± 1 in. The adjustability of the con- 
nections with regard to the support system should 
not change the location and width of the joints 
between the panels. 

The suggested ± 1 in. adjustability of connections 
is probably sufficient for the average building. Spe- 
cial support systems or expected substandard work- 
manship may require larger tolerances. Slotted 
holes, welds, shim plates, levelling bolts and flexi- 
ble steel sections are used to obtain the connection 
adjustability at the time of installation of the clad- 
ding. 

2.4 JOINT LOCATIONS 

The location of horizontal joints is an integral 
part of the economic evaluation of connections. 
Different joint locations and corresponding con- 
cepts are shown in Fig. 2.15. See Fig. 2.15a for a 
common solution where joints occur just below 
floor level. Figs. 2.15b through 2.1 5e show schema- 
tic solutions for connections with other joint loca- 
tions. A brace, shown dotted, will be required 
where dimension "X" becomes too small to safe- 
guard against possible rotation of the units. The 
condition in Fig. 2.15e will in many cases demand 
additional temporary bracing between floors which 
may result in cumbersome erection procedures. 

Most of the factors influencing tolerances also 
affect the joint between the panels; architectural 
appearance, sound and weather-proofing must also 
be considered. Panel joints at the location of ex- 
pansion joints of support structure usually require 
special details. 

Panel-to-panel cross connections at levels be- 
tween the support system gridlines should be avoid- 
ed. Exceptions can be made for long, relatively 
narrow and flexible sections such as tees, mullions 
or flat slabs. Preferably, sliding connections should 
be used. Forces to be transferred from these load- 
ing conditions require careful analysis. At times it 
is more economical to create a more rigid and de- 



Fig. 2.15 Joint location and corresponding connection 
concepts 
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formation resistant panel with a sculptured edge 
(ribs, etc.) or a tongue and groove section than to 
use a connector. 

2.5 ANALYSIS AND DESIGN OF 
CONNECTIONS 

2.5.1 General 

The analysis and design of connections is based 
on the principles of statics and strength of mate- 
rials. A prerequisite for a safe design is the correct 
evaluation and determination of the magnitude and 
direction of forces to be transferred and move- 
ments to be allowed or resisted. 

Whenever practical, the arrangement and type of 
connections selected should result in a statically 
determinate or a simple statically indeterminate 
system, avoiding restraining forces from volume or 
dimensional changes of the cladding or support 
system (Fig. 2.7). For any connection, considera- 
tion of ductility of materials and assemblies must 
enter the design and selection process especially 
in earthquake areas (Fig. 2.13). 

To assure ductile behavior of any connection the 
design should insure that the failing element or 
mechanism is controlled by tension or bending 
strength of steel. Pullout strength of concrete or 
strength of welds should always be greater than the 
tension or bending strength of steel. In concrete, 
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crushing of the concrete by bolts in bearing causes 
large deformations that provide ductility. Typical 
failure mechanisms of connections are shown in 
Fig. 2.16. 

Design of connection assemblies is based on ulti- 
mate strength, except for bolts, and bearing pads. 
Since research data and specifications for these 
bolts, published by AISC, are in terms of allow- 
able stresses and forces it seems reasonable to con- 
form. The adaptation to strength design is achieved 
by using load factors. 

2.5.2 Types of Connections 

There are five basic types of connections: (1) 
combined tension-shear, (2) compression, (3) ten- 
sion, (4) shear, and (5) bending. 

Fig. 2.17 illustrates the most frequently occur- 
ing combinations of connections of cladding panels 
with supporting structure. Design factors include 
allowable tensile and compressive stresses or a com- 
bination of these, shear, bearing, and bending 
stresses. 

Fig. 2.17a illustrates a tension-shear connection 
supporting the panel's gravity load. With this con- 
nection, provision must be made for resisting tor- 
sional stresses induced into the supporting mem- 
ber. The structural building frame must develop 
adequate rotational resistance. Depending upon 
the cantilever projection beyond the structural 
frame, the connection, if an angle, may require a 
gusset. 

If the building frame spandrel does not provide 



rotational resistance (this applies more to a struc- 
tural steel frame than to concrete), the connection 
at the precast panel must develop moment capac- 
ity. Types of moment connections are shown in 
Fig. 2.17b. Casting a structural steel section direct- 
ly into the panel is an economical solution for con- 
nections subjected to significant bending. Bending 
resistance can also be obtained with a bolted con- 
nection where a steel plate anchored into the con- 
crete insures a good contact surface between the 
panel and the connection angle. Concrete haunches 
also provide a solution for heavy bending. As an 
alternate, a structural steel section can be welded 
to anchor plates in the panel. 

Moment connections require inserts to re- 
sist tension and shear and a sufficient precast con- 
crete volume to encase the embedded plate assem- 
bly. Light bending can be satisfactorily resisted by 
eliminating the plate cast into the precast unit and 
permitting the connection device to bear directly 
against the precast panel. 

Tension or compression connections keep the 
precast panel in a plumb position (Fig. 2.17c). 
They also serve to resist wind loadings. Usually 
these connections are made with angles, bars or 
plates and gussetted if required by the magnitude 
of horizontal forces. A variation of this type of 
connection is shown with a typical tension-com- 
pression connection in Fig. 2.17c. This allows for 
vertical alignment after the precast panel is in 
position. 

Panel alignment connections are often made at 



Fig. 2.16 Failure mechanisms of connections 
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Fig. 2.17 Types of connections 
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PLUMBING &TIE BACK CONNECTION 
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^ torsion into beam 



VARIATION OF TIE BACK CONNECTION 

Concrete insert 




Threaded rod 



SLOTS ALLOWING FOR MOVEMENT 



f^B 
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(c) Panel -Plumbing 



the underside of the building frame member adja- 
cent to the top of the panel. Here again, torsional 
strength of the building frame member must be re- 
viewed. When the vertical alignment connection is 
made at the top of the frame member, the roof or 
floor diaphragn generally provides adequate tor- 
sional resistance. 

An important aspect of tension or compression 
connections, generally referred to as ''tie back" 
connections, is their flexibility or non-restraint of 
movements (Fig. 2.18). The most general method 
of preventing movement restraint is to provide 
slotted holes. An additional means of eliminating 
restraint is to select a connection that does not de- 
velop flexural rigidity (i.e. use a minimum thick- 
ness of clip angle). However, care must be taken to 
insure that the tie back connection can satisfactor- 
ily resist panel overturning forces as well as wind 
suction forces without excessive deflection or 
stress. 

2.5.3 Bolts, Bars and Studs 

Bolts, bars and studs cast into concrete and pro- 
truding from the surface or used in connection 
with an insert into which the bolt is screwed are a 
common element of the majority of cladding 
connections. 

Physical Properties and Applications 



Fig. 2.18 Tie back connections 
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low friction washers - 
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low friction washers 



low friction washers 

shim pad 



Characteristics and strength properties of most 
frequently used bolt types and cross sections are 
listed in Table 2.1 and Fig. 2.19. 
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Table 2.1 Allowable stresses and forces for bolts 



NOMI- 
NAL 
BOLT 
SIZE 


NOMI- 
NAL 
AREA 


TEN- 
SILE 
STRESS 
AREA 


ALLOWABLE STRESSES 


F y = 36 


A 307 


A325F 


A325N 


A325X 
































F t 


F t 


F v 


F t 


F t 


F v 


F t 


F v 


F t 


F v 


F t 


■\ 


in. 

THREAD 

in. 


in. 2 


in. 2 


THREAD 
PART 

22.0 
ksi 


GROSS 
AREA 

22.0 
ksi 


BEAR- 
ING 
TYPE 

10.8 
ksi 


THREAD 
PART 

20.0 
ksi 


GROSS 
AREA 

20.0 
ksi 


BEAR- 
ING 
TYPE 

10.0 
ksi 


GROSS 
AREA 

44.0 
ksi 


BEAR- 
ING 
TYPE 

12.5* 
ksi 


GROSS 
AREA 

44.0 
ksi 


BEAR- 
ING 
TYPE 

21.0 
ksi 


GROSS 
AREA 

44.0 
ksi 


BEAR- 
ING 

TYPE 

30.0 
ksi 










ALLOWABLE FORCES 


= kips 










1/2" 
(0.40) 


0.196 


0.142 


3.12 


4.31 


2.1 


2.84 


3.92 


2.0 


8.62 


2.45 


8.62 


4.12 


8.62 


5.88 


5/8" 
(0.507) 


0.3068 


0.2260 


4.97 


6.75 


3.3 


4.52 


6.14 


3.1 


13.50 


3.84 


13.50 


6.44 


13.50 


9.20 


3/4" 
(0.620) 


0.4418 


0.3345 


7.36 


9.72 


4.8 


6.69 


8.84 


4.4 


19.44 


5.52 


19.44 


9.28 


19.44 


13.25 


7/8" 
(0.731) 


0.6013 


0.4617 


10.16 


13.23 


6.5 


9.23 


12.03 


6.0 


26.46 


7.52 


26.46 


12.63 


26.46 


18.04 


1" 
(0.838) 


0.7854 


0.6057 


13.33 


17.28 


8.5 


12.11 


15.71 


7.9 


34.56 


9.82 


34.56 


16.49 


34.56 


23.56 


1-1/4" 
(1.064) 


1.2272 


0.9691 


21.32 


30.00 


13.3 


19.38 


24.54 


12.3 


54.00 


15.34 


54.00 


25.77 


54.00 


36.82 



* for long slotted hole 
F = Friction type connection 

N = Bearing type connection with threads included in shear plane 
X = Bearing type connection with threads excluded from shear plane 

BASED ON AISC SPECIFICATIONS 1969 AS MODIFIED BY SPECIFICATIONS FOR "STRUCTURAL JOINTS USING 
ASTM A325 OR A490 BOLTS" - 1976 6 



The American National Standards Institute 
(ANSI B 1 .1 ) criteria for screw heads, classes of 
screw thread, fit and tolerances is shown in Fig. 
2.20. 

Structural bolts (ASTM A307) are generally the 
most appropriate fastener for claddings. They are 
made of low carbon steel and have a minimum ten- 
sile strength of 55,000 psi; threads comply with 
ANSI B1.1. (SAE - Grade 1 bolts are equivalent. 
SAE - Grade bolts have an unspecified minimum 
tensile strength and should not be used.) 

Fig. 2.19 Design bolt dimensions 
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High strength bolts (ASTM A325 or A490) were 
developed for friction-type connections between 
structural steel members. They have more than 
twice the tensile stress capacity of A307 bolts. 
Their application requires controlled tensioning of 
the fastener to develop sufficient force to prevent 
slipping of the connected parts. To take full advan- 
tage of high strength bolts in friction-type connec- 
tions they must be tightened using calibrated 
torque wrenches or load indicating washers. 

Typical applications and limitations of structural 
and high strength bolts are shown in Fig. 2.21 . 

The allowable forces for A325 bolts are based 
on the gross area. Ref . 6 indicates that high strength 
bolt assemblies are not weakened by the reduction 
of steel area in the threaded part. Also, it has been 
found that the application of torque forces during 
the fastening of the bolt will not adversely affect 
the ultimate load capacity. 
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Fig. 2.20 Screw thread, bolt head and nut standards 



Bolt heads 



& 



»D 



i5i LU 



Square 



Hex 



ic 





Bolt head dimensions, rounded to nearest Vie inch, are in accordance \ 
ANSI B18.2.1— 1965 (Square and Hex) 


with 


Standard Dimensions for Bolt Heads 


Diam. 

of Bolt 

D 




Square 


Hex 




Heavy Hex 


Width 

F 


Width 
C 


Height 
H 


Width 

F 


Width 
C 


Height 
H 


Width 

F 


Width 
C 


Height 
H 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


1/2 


3/4 


1-1/16 


3/8 


3/4 


7/8 


3/8 


7/8 


1 


5/16 


5/8 


15/16 


1-5/16 


7/16 


15/16 


1-1/16 


7/16 


1-1/16 


1-1/4 


7/16 


3/4 


1-1/8 


1-9/16 


1/2 


1-1/8 


1-5/16 


1/2 


1-1/4 


1-7/16 


1/2 


7/8 


1-5/16 


1-11/16 


5/8 


1-5/16 


1-1/2 


5/8 


1-7/16 


1-11/16 


9/16 


1 


1-1/2 


2-1/8 


11/16 


1-1/2 


1-11/16 


11/16 


1-5/8 


1-7/8 


5/8 


1-1/4 


1-7/8 


2-5/8 


7/8 


1-7/8 


2-1/8 


7/8 


2 


2-5/16 


7/8 



Nuts 



N 

□ 



®G 



^F N 



Square 



Hex 



Nut dimensions, rounded to nearest Vi 6 inch, are in accordance with ANSI B18.2.2— 1965. 



Dimensions for Nuts 


Nut 
Size 


Square 


Hex 


Heavy Square 


Heavy Hex 


Width 

F 


Width 
C 


Height 
N 


Width 

F 


Width 
C 


Height 
N 


Width 
F 


Width 
C 


Height 
N 


Width 

F 


Width Height 
C N 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. 


In. In. 


1/2 


13/16 


1-1/8 


7/16 


3/4 


7/8 


7/16 


7/8 


1-1/4 


1/2 


7/8 


1 1/2 


5/8 


1 


1-3/8 


9/16 


15/16 


1-1/16 


9/16 


1-1/16 


1-1/2 


5/8 


1-1/16 


1-1/4 5/8 


3/4 


1-1/8 


1-9/16 


11/16 


1-1/8 


1-5/16 


11/16 


1-1/4 


1-3/4 


3/4 


1-1/4 


1-7/16 3/4 


7/8 


1-5/16 


1-13/16 


13/16 


1-5/16 


1-1/2 


3/4 


1-7/16 


2-1/16 


7/8 


1-7/16 


1-11/16 7/8 


1 


1-1/2 


2-1/8 


7/8 


1-1/2 


1-3/4 


7/8 


1-5/8 


2-5/16 


1 


1-5/8 


1-7/8 1 


1-1/4 


1-7/8 


2-5/8 


1-1/8 


1-7/8 


2-3/16 


1-1/16 


2 


2-13/16 


1-5/16 


2 


2-5/16 1-1/4 



Screw threads 



Diameter 


Area 


Th'ds 

per 

Inch 

n 

13 


Basic 

Major 

D 


Root 
K 


Gross 


Root 

A K 


Tensile 
Stress 
Area 


in. 


in. 


in. 2 


in. 2 


in. 2 


1/2 


.400 


.196 


.126 


.142 


5/8 


.507 


.307 


.202 


.226 


11 


3/4 


.620 


.442 


.302 


.334 


10 


7/8 


.731 


.601 


.419 


.462 


9 


1 


.838 


.785 


.551 


.606 


8 


1-1/4 


1,064 


1.227 


.890 


.969 


7 



MINIMUM LENGTH OF THREAD ON BOLTS 
ANSI B18.2.1 - 1965 


Length of Bolt 


Diameter of Bolt, D, Inches 




1/2 


5/8 


3/4 


7/8 


1 


1-1/4 


To 6 in. Inc. 


1-1/4 


1-1/2 


1-3/4 


2 


2-1/4 


2-3/4 


Over 6 In. 


1-1/2 


1-3/4 


2 


2-1/4 


2-1/2 


3 
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Fig. 2.20 


(continued) 
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Standard Designations 



The amount of clamping force developed by 
A307 and F y = 36 ksi bolts is unpredictable and 
generally insufficient to prevent complete slippage 
at the permissible working stress. Hence, shear con- 
nections made with these bolts are treated as 
bearing type connections. (The clamping force of 

Fig. 2.21 Possible application of A325, A307, F y = 36 
bolts 




-low friction washer 

no high strength 
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Type A307 or 
F y =36ksi 

slotted hole 
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steel to steel 
Type A325 



ti= 




high strength bolt 
steel to steel 
Type A 325 

no high strength 
bolts applicable 
Type A307 or 
F = 36 ksi 



slotted hole 
i — - — neoprene 



recess 



any bolt embedded in concrete is unpredictable 
and decreases with time.) Bearing type connec- 
tions depend upon contact of the fasteners against 
the sides of their holes to transfer the load from 
one connected part to another. The efficiency of 
threaded fasteners in resisting shear in bearing type 
connections is reduced when the threads extend in- 
to the shear plane between the connected parts. 
The applied load should be taken as the sum of the 
external load and the tension resulting from pry- 
ing action produced by deformation of the connec- 
ted parts (see Fig. 2.27). The stress is computed on 
the tension stress area. These values are given in 
Table 2.1. 

The effective bearing area of bolts should be 
taken as the nominal bolt diameter multiplied by 
its length in bearing. The allowable single shear 
load on A307 and F y = 36 fasteners is less than the 
allowed bearing on A36 plate. Therefore, the bolt 
controls design selection. The only exception oc- 
curs when a large bolt (7/8 in. or larger) is put into 
double shear by a thin plate (1/4 in. thick). Hence, 
bearing need only be checked with large bolts in 
double shear by thin plates. 

As further protection for the connected part, 
the minimum edge distance from the center of a 
bolt hole to any edge of a steel support element, 
should be that given in Table 2.5, Sect. 2.5.8. 
In general, holes for bearing type connections 
should be 1/16 in. larger than the nominal diame- 
ter of the bolt. 

To accommodate fabrication and erection toler- 
ances, slotted holes in steel plates and sections are 
often required. The orientation of slots should be 
perpendicular to the direction of the load unless 
critical bolt and steel sections are strength welded 
after placement of the cladding element. If welding 
is not desirable or if the slot affects the moment re- 
sisting area of plate or angle use of shim plates in 
connection with slotted holes can usually resolve 
the problem. 



Capacity: Direct Tension, Shear and Bearing 

The allowable direct tension and shear forces for 
the most commonly used sizes of bolts are given in 
Table 2.1. The ultimate tension and shear forces 
for welded studs are listed in Table 2.2. The de- 
signer should be aware that these values may not 
be the only criteria for the design of a connection 
but one of the various elements to be checked. 
After the magnitude of direct tension, shear and 
bearing forces has been determined, type, size and 
number of bolts or studs can be obtained from 
Tables 2.1 and 2.2. 
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Table 2.2 Headed concrete anchors - dimensions and strengths 



ANCHOR 

DIA. AND 

(AREA) 

in.; (in. 2 ) 


AFTER WELD 

LENGTH 

TOTAL 

in. 


HEAD 

DIA. 

d h 

in. 


HEAD 
THICKNESS 

d a 

in. 


ANCHOR 
LENGTH 

'. 
in. 


p <D 

us 

kip 


V < 1 > 

us 

kip 




2 






1.6875 








3 






2.6875 






1/2 


4 






3.6875 






(0.196) 


5-3/16 
6 
8 


1 


5/16 


4.8750 
5.6875 
7.6875 


10.60 


8.83 


5/8 


2-1/2 






2.1875 






(0.307) 


6-3/8 
8 


1-1/4 


5/16 


6.0625 
7.6875 


16.56 


13.80 




3 






2.6250 








4 






3.6250 






3/4 


5 






4.6250 






(0.442) 


6 

7 
8 


1-1/4 


3/8 


5.6250 
6.6250 
7.6250 


23.84 


19.87 




3-1/2 






3.1250 








4 






3.6250 






7/8 


5 






4.6250 






(0.601) 


6 

7 
8 


1-3/8 


3/8 


5.6250 
6.6250 
7.6250 


32.45 


27.04 



(1) P us andV us = ultimate strength based on f y = 54,000 psi. 

Mechanical Requirements: Stud shall be made from cold drawn bar stock conforming to the requirement of the specifica- 
tion A108, Grades 1010, 1015, 1017, or 1020, either semi or fully-kilned. 
Tensile Strength (Min.) - 60,000 psi 
Elongation (Min.) - 20% in 2 in. 

Reduction of area (Min.) - 50% 

Deformed bar anchors shall be made from cold drawn wire conforming to ASTM A496 
Minimum Tensile -- 80,000 psi 

Minimum Yield - 70,000 psi 



Capacity: Combined Tension and Shear 

Combined tension and shear capacity is based on 
the following criteria: 

Allowable Stresses 



36 Structural Bolts: 



F y = 36 ksi 



F t - 0.6 F y 



F = 1.35 F y (bearing steel on steel 



F v = 10.8 ksi 
A307 Structural Bolts: 



F y - 32 ksi 



R = 28.0- 1.6-f, < 20 ksi 



F p = 1.35 F y (bearing steel on steel 
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F v = 10.0 ksi 

A325 High Strength Bolts: 

F t = 50.0 - 1 .6 f v < 20.0 ksi with f v 
with f v < 10.0 ksi 

Bearing- Thread Excluded: 



quired for a given combination of tension and 
shear design forces. Design Example 2 demon- 
strates applications. 

A general interaction diagram is presented in 
Fig. 2.26 which is based on the following relations 
and ratios: 



F t = 50.0- 1.6 f v < 44.0 ksi 
with f v < 30.0 ksi 

Bearing - With Thread In Shear Plane 



F t = 50.0- 1.6 f v < 44.0 ksi 



t = 



p v ■ v 



withf v < 21.0 ksi 

Friction 

F t = 60 - 4 f v < 44.0 ksi 
with f v < 15.0 ksi 

F„< 15.0 (,-f, £) 

Bending: 

F b = 0.60 F y/ min. (21.6 ksi for A36) 

F b = 0.66 F y , for compact sections 

For solid round and square bars and solid rec- 
tangular sections bent about their weaker axis: 



0.75 F y (27.0 ksi for A36) 



Cladding panels are by nature fastened to and/or 
supported by an independent structure located in a 
different plane. Vertical self-supporting (stacked) 
panel systems excepted, practically all loads from 
the cladding react eccentrically on the support 
structure. According to the type of connection and 
load transfer details, bending or combined tension 
and shear must be resisted by the connection. 

The boundaries of allowable stresses for struc- 
tural bolts of F y = 36, A307 and A325 are com- 
bined in interaction diagrams, Fig. 2.22. This 
allows the designer to compare the relative allow- 
able forces and combined forces for the various 
types of bolts based on an effective area of steel of 
1 in. 2 

Figs. 2.23, 2.24, 2.25 give interaction diagrams 
for various effective steel areas. For F y - 36, 
A307, A325X type bolts, these graphs allow a 
direct selection of size and number of bolts re- 



T e 



v 
Jju 



a 

is 



The diagram is valid for all types of steel and corre- 
sponding allowable tensile and shear stresses and 
any combinations of tension and shear design 
forces. The number of bolts required for a set of 
design tension (T) and (V) forces can be deter- 
mined directly after selecting the type of steel 
and size of bolts from Eq. 2-7a or 2-7b. Load fac- 
tors (LF) and engineering judgment factors (E) as 
required can be incorporated into the design. 



N = 



N 



H u E 

f t A t 
Vu E 



(Eq. 2-7a) 
(Eq. 2-7b) 



when N = number of bolts 



The use of the diagram in Fig. 2.26 is demonstrated 
in Design Examples 3 and 4. 

Strength in Concrete 

The strength of bolts, bars, and studs cast into 
concrete is developed within the cladding element 
through: (1) bond and/or mechanical resistance 
against pullout forces (generally called anchorage) 
(Fig. 2.27a); (2) by bearing failure of steel against 
steel (Fig. 2.27b); (3) by splitting of concrete; or 
(4) by combined tension and shear stresses (Fig. 
2.27c). Force in bolts, bars, or studs can be calcu- 
lated with Eq. 2-8. 

Force in bolt: 

T lt as a function of V M 






= MV U 



friction factor 
(Table 2.20) 



(Eq. 2-8) 
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Fig. 2.22 Interaction diagrams for structural bolts — types F y = 36 f 
A307 and A325 for effective area of steel A s = 1.0 in. 2 



50 - 



40 - 



O 

c 



30 - 



CD 

o 

i_ 

o 
u_ 

CO 
CD 

x: 
CO 



20 



10 



A307 




A325X Bearing type joints, 
threads excluded from 
shear plane 

A325F Friction type joints 



* 



"a 



36 ksi 



A325N Bearing type joints 
threads included in shear 
plane 



Steel Area 



A b = 10 in? 



i | r i i i 

20 



10 20 30 

Shear Force, kips (working load) 



Fig. 2.23 F y = 36 and A307 interaction diagrams — selection of 
size and number of bolts for combined tension and 
shear forces. 
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Fig. 2.24 A325X and A325N interaction diagrams - selection of size and 
number of bolts for combined tension and shear forces. 
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Fig. 2.25 A325F interaction diagram — selection of size and 
number of bolts for combined tension and shear 
forces. 
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Fig. 2.26 General interaction diagram 
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Anchorage Strength — Tension For Full Shear Cone, 

Only mechanical anchorages need be considered 
since smooth bars without heads should not be 
used for connections. The bond development 
length of deformed bars normally exceeds the 
available embedment depth. 

Ultimate pullout or shear cone strength is a func- 
tion of concrete and steel strength, size of headed 
end section, embedment length and boundary con- 
ditions. For an isolated anchor at the interior of a 
panel, the pullout strength can be expressed as: 



u,CAP 



= c k4Vf' c A 



(Eq.2-9) 



Fig. 2.27 Controlling (failure) conditions for bolts or bars 



where: 

k = 1 .00 for normal weight concrete 
= 0.85 for sand-lightweight concrete 
= 0.75 for all lightweight concrete 

C = 0.65 = capacity reduction factor for con- 
crete 

A = lateral surface of failure cone (Fig. 2.29) 

= V2 7T/ e (/ e +d h ) 

According to the most recent test data, a 45° fail- 
ure line is conservative 7 . In most cases, cone failures 
occur at an angle of about 2tf\ 

A full concrete shear cone can develop only if the 
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anchor strength for a given embedment length ex- 
ceeds the concrete strength. To obtain a balanced 
design, the concrete cone strength can be set equal 
to the anchor strength: 



'e = Ad b 

S = 0.90 
= 0.65 



(Eq.2-11) 



1 u,CAP 

where: 

q 



k4Vf' c A q 



7T 



<£ s F y 4 d b q 



(Eq. 2-10) 



a reduction factor for group action (Fig. 
2.32) 

0.90 = capacity reduction factor for steel 



Eq. 2-10 allows development of a graphical solu- 
tion for the ratio of embedment depth to diameter 
of bolt, bar or stud as a function of allowable steel 
strength, F„, and the square root of concrete 
strength, Vr^" 20 . 

With Eq. 2-11 the embedment length l e can be 
obtained from Fig. 2.28. 



The following assumptions are made: 
I.The enlarged end section is assumed to be 
about twice the diameter of the shank diam- 
eter. 

2. A full shear cone is assumed to exist if the dis- 
tance between anchors is equal to or greater 
than 2/ e + d h and if the edge distance is equal 



to or greater tha 



-K)- 



/. 



as a function of 



0s F v 

0c Vr~c 



A = 7r y2 l e (l e + d n ) = cone surface 
d h = 2d b 

/ -4- Or! 

h = d b M+vTT7);e = e d 2 b (/ e ) 



3. For bolts with a standard hook or bend, a full 
shear cone can develop if bolt or bond strength 
do not control. 

To develop ductility of the connection a brittle 
shear cone failure must be avoided. This can be 
achieved with the introduction of a capacity reduc- 
tion factor of S = 0.9 for steel and C = 0.65 for 
concrete. The minimum spacing between anchors 
should be based on the l e calculated for full shear 
cones, embedment length cones, or with reduction 
factors for partial shear cone conditions. 

Mechanical anchorages created by enlarged end 
sections, bolt heads, with or without plates, hooks, 
etc., resist tension or compression forces through 
diagonal shear strength of concrete (Fig. 2.27a). 



Fig. 2.28 Headed bolts, bars, and studs 
embedment length, / e 



ultimate pullout capacity, P u , for full cones and 
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Accordingly, mechanically anchored connection 
devices subject to excess axial forces cause a shear 
cone type failure of concrete or steel failure of bolts. 

Anchorage Strength - Tension for Partial Shear 
Cone. If the distance between anchors is insuffi- 
cient to develop a full shear cone (diameter of full 
cone is assumed to be 2/ e + d h the pullout strength 
of the anchor may be estimated by direct propor- 
tion to the ratio of the reduced surface area of the 
partial shear cone to the full shear cone area (A op f 
A o) . The corresponding reduced area factors are 
given in Fig. 2.30 and 2.31. 

Since these factors are based on a 45° failure line, 
P u from an equation similar to Eq. 2-9 but with re- 
duced cone areas may not be conservative. An addi- 
tional group reduction factor, q, must be intro- 
duced (Fig. 2.32). Until further research data are 
available, a minimum spacing of l e of 5 d b and a 
maximum group of 9 are recommended. 

Fig. 2.29 Welded headed studs - full and partial shear cone areas 



The corresponding pullout capacity equation is: 



PuCAP = *c k4 ^ A oP^ 



* s F v 4 d b 2 q 



(Eq.2-12) 



where A nn is the partial shear cone area and q - 



group reduction factor (Fig. 2.32) 

Anchorage Strength - Combined Tension 
and Shear 

A general expression for the combined tension 
(P u ) and shear (V u ) force interaction for concrete 
for N anchors should satisfy Eq. 2-13. 

-^-) + (r7^-) < N n (Eq. 2-13) 

Pu.cap/ \V u ,cap/ 

where: 

N = number of anchors 



2/„ 



up 

1 1 1 





£ 



concrete 
surface 



concrete 
surface 



ZL 



2 / e + d f 



*Pn 



surface area 



surface area 
/A =7rx/"2(/ e ) 2 



^/ e 7M/e+d h ) 




concrete 
surface 



ZL 



n 




2/e + d h 



A =VT(/ e )jr(/e+dh) 
(a) Full Shear Cone 



2 l e + d h 



2 L+dy 




^^^ A °p J" 



=r\ 



L 



o 



^^s 7 



concrete slab 



1 



3 _1 



A op =nA2 



Effective surface area of 
partial shear cone 

2 




(<•♦!)' ~'(5^)-M«- + T)'-f] 



2- 
(b) Partial Shear Cone 



2-29 



Fig. 2.30 Reduced areas for partial shear cones 
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Fig. 2.31 Reduction factors for partial shear cones 
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Fig. 2.32 Ultimate capacity for multiple bolts, bars and studs - partial cones and group reduction factors 




Group Reduction Factors 
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where q = group reduction factor 

For use with Fig. 2.23: PuMout capacity 

Fig. 2.30: Reduced cone areas 
Fig. 2.33: Minimum edge distance for full 
cone capacity 



n = best fit curve exponent = - 

o 

P u and V u = ultimate design loads 

P u,ca P and V u,cap = ultimate concrete capacity 

in tension and shear 

5 

Using the exponent of n = — which was derived 

from the best fit curve based on test results and 
which provides approximately equal safety for nor- 
mal weight and lightweight concrete 8 : 



^ F, 




32 V2 (/ e +d h )/ e d e 

-9~ k d7 

32 \/2~ dg 

9 ^ d s 

Fy_^s 



leV^vT 



y u,cap/ \ u > ca P 



5/3 



<1 (Eq. 2-14) 



Eq. 2-13 also applies for anchorsclose to an edge 
provided shear forces acting in addition to tension 
forces are not in a direction perpendicular, or inter- 
secting with the edge within the shear cone. 

Anchorage Strength — Edge Condition. The ulti- 
mate pullout capacity for anchors located near the 
edge of a panel can be determined from Eq. 2-15. 



~u, CAP ~ Q~~~~ <Pc K M V f ' c (/ e + d h ) ~T~ d e 

<0 s Jd b 2 F y q 



d e > 2k d b 



d e > 



9L 



2k (- 1 + V / 1~+1 



(Eq.2-16) 



(Eq.2-17) 



By letting concrete strength equal steel strength 
a minimum edge distance for development of full 
cone strength can be determined (Fig. 2.33) even if 
physically the complete full cone is not developed. 8 
See Eq. 2-16 and Eq. 2-17. 



If cL < cL 



the complete shear force must 



(Eq.2-15) 



be transferred by hanger reinforcement into the 
concrete section outside the assumed shear cone 
(Fig. 2.34). If ductility is to be provided, a steel 
hanger is recommended unless the stud is above a 
reinforcing cage. 
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Fig. 2.33 Minimum edge distance for full cone capacity 



Fig. 2.34 Hanger reinforcement 
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Bearing Strength and Deformations 

The deformation of protruding anchors due to 
shear forces causes bearing stresses at the contact 
surface. Considering the two-dimensional stress 
condition and the confinement by the relatively 
large area of concrete surrounding the contact sur- 
face (partial bearing) a failure can occur if the 
shear force causes stresses in excess of the con- 
fined concrete strength. The ultimate strength con- 
dition is reached if the deformation reaches approx- 
imately 10% of the diameter of the anchors. 8 ' 9 ' 10,11 

The load deformation relations shown in Fig. 
2,35 are derived from test results. 9 ' 1012 ' 13 The 
amount of deformation allows an estimate of panel 
movement and its possible effect on joint width and 
is helpful in evaluating the behavior (ductility) of 
connections subject to seismic forces: 



Slip in inches A ^ 0.128 log 10 



(1) 



5/2 



ft) 



5/2 



(Eq.2-18) 



Note: When 



V 



= 1.01 then A & 1/5 in. 



It is of interest to note that the deformation (slip) 

can be expressed as a function of the ratio —which 

is actually a safety factor. Thus, design with equal 
safety factors for various sizes of bolts will assure 
approximately equal deformations. 

Evaluation of various test results allows establish- 
ment of a relationship between shear load capacity, 



concrete strength, unit weight and modulus of elas- 
ticity of concrete, and diameter of anchor bolt. 
Since modulus of elasticity, concrete strength and 
unit weight can be determined from tests, a com- 
mon coefficient for lightweight and normal weight 
concrete is introduced, namely the product of 
strength (f) and unit weight (w ) (Eq. 2-19). 



r r _ 



w r 



a 



12 



+ 12 < 65 



.(Eq.2-19) 



Fig. 2.36 provides a graphical solution to Eq. 2.19 
which can be used to determine directly the bearing 
capacity (F bu ) for any diameter bolt and for any 
strength-unit weight concrete combination. It 
also permits the determination of corresponding de- 
sired safety factors (Design Example 2). 

Fig. 2.35 Load-deformation (slip) relationship 
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Fig. 2.36 Contact bearing capacity of bolts 
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2.5.4 Inserts 



Among all the anchorage devices used for con- 
nection of cladding to support systems the concrete 
insert is probably the one most frequently used. The 
concrete insert consists of an anchorage element 

Fig. 2.37 Types of concrete inserts 



and a connector bolt fastened into it (Fig. 2.37). 

Tests and experience indicate that the following 
ultimate strength conditions control: 

1 . Pullout (shear cone, full or partial) 



Type of Insert 


Anchorage Element 


Connection Element 


Connector 


Preferred Use 


Notes 


=< 


Strut — Long 
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Bolt 


Thick Sections 






5- 




Strut — Cross 
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Bolt 


Thin Sections 


Min. 1 in. 
Concrete Cover 
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•—• 
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Loop — Straight 


Coil or Ferrule 


Bolt 
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Hi >; 




®^Z 
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Coil or Ferrule 


Bolt 


Thick Sections 




_JL 


Loop — Bend 
Strut — Bent 


Coil or Ferrule 


Bolt 


Thin Sections 


Min. 1 in. 
Concrete Cover 


mm 


Strut-Open Coil 


Coil 


Bolt 


Thick Sections 




Wwvww 


Screw Anchor 


Open Coil 


Cold Rolled 
Anchor Bolt 
Special Thread 


Thick Sections 


Min. / = 1<L 
Not for LoacT 
Reversals 


§SJi 


"Cast" Inserts 


Ferrule 


Bolt 


Thin Sections 


Min. 1 in. 
Concrete Cover 


i: 


I 




Loop-Struts 


Wedge-Nut 


Bolt 


All Sections 
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Fig. 2.38 shows a full insert pullout failure. 
Failures of this type occur more often with 
straight loop or strut inserts or with very shal- 
low inserts than with deep seated or flared in- 
serts. These types of failures indicate poor 
bond, low strength concrete, or lack of com- 
paction around the insert. 

Fig. 2.38 Pullout of struts (concrete too weak 
or not consolidated) 




Fig. 2.39 shows a typical small cone failure. 
Here the anchorage struts or the welds fail 
close to the connection element. Bond and 
mechanical anchorage between connection ele- 
ments form the smalt cone. The depth of the 
cone is approximately the depth of the ele- 
ment. 
Fig. 2.39 Strut insert failure condition 







strut failure 
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Figs. 2.40 and 2.41 show full cone failures for 
loop and open coil inserts. The loops, struts, or 
struts together with the open coil develop 
greater strength than the concrete. Pullout 
strength can be determined according to Sect. 
2.5.3. 

Fig. 2.40 Loop insert failure condition 
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Fig. 2.41 Open coil insert failure condition 
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Fig. 2.42 indicates a shear conefailure typical 
for bent loop, bent strut or similar types. The 
apex of the failure cone forms at the lowest 
point of the connection element. Determina- 
tion of strength should be in accordance with 
Sect. 2.5.3. 
Fig. 2.42 Bent loop and bent strut insert failure condition 
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2. Concrete Splitting 

Concrete splitting failure may occur for in- 
serts which are close to edges. If the distance 
from edge is less than the minimum d e (Sect. 
2.5.3, Fig. 2.33 and 2.34), hanger reinforce- 
ment should be provided. 

3. Strut or Weld (strut to connection element) 

When the strut or connection weld of strut to 
connection element fails, it indicates that the 
bond and shear strength of concrete is greater 
than strut or weld strength. This mode of fail- 
ure is desirable since the ductile steel rather 
than brittle concrete strength controls. 

4. Bond (strut) 

Bond failure is an indication of low concrete 
strength, poor compaction or insufficient em- 
bedment length. The embedment length should 
be chosen so that this mode of failure does not 
control. 

5. Connector (bolt) 

The various aspects of failures and strength 
of connectors can be determined in accordance 
with Sect. 2.5.3. The design of inserts should 
proceed accordingly. 

Anchorage Elements 

Anchorage elements consist of struts (wires or 
bars) of various thicknesses and configurations with 
or without an additional end anchorage such as an 
open coil. Fig. 2.37 depicts typical inserts along 
with two exceptions to the above, namely the screw 
anchor and the cast-in insert. For these two inserts, 
anchorage element and connection element are a 
single unit. 21 

The strength of the anchorage can be determined 
on principles similar to those developed for headed 
bolt, bar or stud anchors. 

Bond strength is only a critical condition for 
strut-type inserts with insufficient development 
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length or low concrete strength. Excessive tension 
force can pull the insert out with a small shear cone 
formed around the connection element. If the depth 
of the connection element is small (usually less than 
2 1/2 in.) its resistance contributing to pullout 
should be neglected (Fig. 2.39). 

Design of struts of commercially available inserts 
is based on a mechanism to create sufficient bond 
strength of the struts to prevent pullout provided a 
minimum concrete strength of f' c = 3,000 psi is ob- 
tained. The design weld strength of struts is in ex- 
cess of bond or steel strength; therefore, the con- 
trolling strength becomes the steel strength of the 
struts: 



P u = A^ 



(Eq. 2-20) 



The bond strength of concrete at an early age is 
low, therefore inserts provided for connections to 
the supporting structure should preferably not be 
used for stripping or handling. This will avoid ac- 
cidental weakening of the insert due to applied 
force directions different from the final design for- 
ces. Also, the final connections should not be used 
for erection since this will interfere with the process 
of attaching the element to the structure. 

Pullout strength for full or partial cones varies 
considerably with concrete strength. The strength 
of the insert is determined by the shear cone 
strength (Sect. 2.5.3) or the loop strength. The apex 
of the shear cone can be assumed to be located as 
shown in Figs. 2.39 through 2.42. 

Strength can be determined according to Eq. 2-20 
for loop (steel) failure or with Eqs. 2-9, 2-10, 2-1 1, 
2-12 or 2-13, or the corresponding graphic solu- 
tions developed for headed bolt, bar or stud an- 
chors. Table 2.3 gives strut sizes and strengths. 

Table 2.3 Typical strut sizes and strengths 



Wire Dia. 


AISI 


Approx. Min. 


Approx. Min 


(Nominal) 


&SAE 


Ult. Strength 


Yield Strength 


In. 


Number 


Tension (lb) 


Tension (lb) 


.442 


C1025 


13,500 


11,500 


.440 


C1035 


13,600 


1 1 ,850 


.375 


C1008 


6,000 


5,300 


.340 


C1035 


9,000 


7,600 


.340 


C1025 


9,000 


7,600 


.306 


C1025 


7,000 


5,900 


.306 


C1008 


4,045 


3,545 


.283 


C1035 


6,600 


5,650 


.262 


C1008 


3,800 


3,200 


.225 


C1038 


4,700 


4,050 


.218 


C1008 


2,000 


1,800 



linimum edge distance, d p 



as given in Fig. 



2.33 should be observed, or a hanger provided as 
shown in Fig. 2.34. 

Connection Elements 

Connection elements are located at or near the 



face of a panel and their strength is controlled by 
bearing stresses. The ultimate strength can be ob- 
tained by Fig. 2.36, where the diameter of the bolt 
is replaced with: 

d c = outside diameter of ferrule 

When the connection element is recessed an ap- 
preciable amount into the concrete, connector bend- 
ing may become the controlling strength condition 
particularly since a tight fit of the connector with 
the surrounding concrete cannot be expected. 

Inserts with a coil connection element are not 
recommended for final connections. The coarseness 
of the threads results in a loose fit. This may ad- 
versely affect the long time performance of the con- 
nection if force reversals and vibrations are antici- 
pated. 

Connectors 

Connectors are bolts of standard sizes with NC 
(machine) threads or coil threads. The characteris- 
tics and strengths of bolts are given in Sect. 2.5.3. 
In general, the ultimate strength of connectors is 
greater than the ultimate load capacity of the cor- 
responding insert. 

Guidelines 

An evaluation of published test results leads to 
certain characteristics common to most of the avail- 
able inserts 21 . 

• Controlling strength conditions of various 
types of inserts are similar. 

• Pullout strength decreases with decreasing unit 
weight of concrete. 

• For inserts located in zones of flexural crack- 
ing, the pullout strength should be reduced 
by about 10%. 

• Sustained vibrations decrease strength up to 
30%. 

2.5.5 Wedge and Slotted Inserts 

Wedge inserts of the type shown in Fig. 2.43 made 
of malleable iron with an integral anchoring device 
should be used with caution when connecting clad- 
ding elements to the structure. Wedge inserts allow 
for 1 in. linear field adjustments however the posi- 
tion and the fit of the bolt within the insert can 
determine the strength (Fig. 2.44). 

The ultimate shear capacity can be determined 
from: 



V' = 



5000 



("- *)■ 



(Eq.2-21) 



where: 



= 0.85 
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Fig. 2.43 Wedge insert 
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NOTE : When using this type of insert, care should be taken 
to install with proper orientation. Use for lightly loaded 
connections only. 

This equation is based on data developed with 
5,000 psi normal weight concrete. The concrete sur- 
face surrounding the wedge insert must be smooth 
and flat to insure that the connection angle will bear 
against the concrete. To achieve this, it is recom- 
mended that the wedge insert body be recessed 1/8 
to 1/4 in. below the concrete surface. Care must be 
taken to prevent overtightening of the bolt as the 
lips of the wedge can be torn off. 



Wedge inserts are used with connection angles and 
a skew bolt. The minimum bolt size should be 3/4 
in., and the shear and tension capacities of the bolts 
should be checked to insure that they provide the 

e v 
required capacity determined by Eq. 2-21. The — 

e i 
ratio for wedge type inserts should not exceed 1.0. 

The successful use of wedge inserts depends on 
a full engagement of the skew bolt head in the 
wedge, the snug tightening of the nut and the full 
fit of the nut with the wedge surface. If this cannot 
reliably be achieved, stress concentrations at bolt 
head may lead to unpredictable behavior. 

The problems connected with the use of wedge 
inserts often outweigh the advantages: (1) the in- 
sert must be oriented correctly; (2) insert must be 
perfectly level; (3) no inspection of fit of skew head 
is possible after panel is erected; (4) connection is 
very sensitive to over or under tightening of nut; 
and (5) connection is not able to resist force rever- 
sals or earthquake loadings. Considering these limi- 
tations it is recommended that wedge inserts only 
be used for light loads and secondary type connec- 
tions. Prime connections of cladding elements to 
support structure should not be made with wedge 
inserts. 

Slotted inserts (as shown in Figs. 2.118 and 
2.120) have strength characteristics similar to 
wedge inserts. Their strength is determined from 
the mechanical anchorage into the concrete and 
from the 'lip strength" of the insert. While the an- 
chorage strength can be determined according to 
previously developed principles, the lip strength 
depends on metal bending strength of the lips (us- 



Fig. 2.44 Ultimate shear capacity for wedge inserts 
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ually a cantilever section). Commercially available 
inserts of this type, with lip strengths of 800 lb to 
2000 lb, can be reinforced with additional steel 
plates welded to them. 

2.5.6 Expansion Inserts 

Expansion inserts are inserted into predrilled 
or self drilled bore holes in hardened concrete. 
Strength is obtained through expanding parts of 
the insert which exert lateral pressure (wedge ac- 
tion) to the concrete. Lateral pressure is produced 
by tightening up or torquing of a connector bolt 
into the insert. Anchorage strength developed de- 
pends entirely on the lateral force (Fig. 2.45). 
For permanent installations it is important to main- 
tain this lateral force, i.e., the material of insert 
and bolt must be resistant or protected from corro- 
sion, chemical or electrolytic reactions and not be 
adversely affected by volume changes of concrete. 

The performance of expansion type inserts when 
subjected to stress reversals, vibrations or earth- 
quake loading is not sufficiently known. Their use 
for these load conditions must therefore be care- 
fully considered by the designer. 

Strength of Expansion Inserts 

Forces to be resisted by expansion inserts are 
shear and tension. Tests indicate that numerical 
values for shear resistance are higher than for ten- 
sion. The shear strength criteria developed in Sect. 
2.5.3 applies while the principles of pullout strength 
should be considered separately. 

Fig. 2.45 shows the possible direction and magni- 
tude of forces on the concrete and the correspond- 
ing failure conditions. 



Fig. 2.46 represents a summary of average pull- 
out and shear strength data assembled from manu- 
facturers test data. The minimum embedment length 
considered should be 4.5 d b . Reduction factors for 
lightweight concrete are also indicated. The test 
results on Fig. 2.46 are based on an average con- 
crete strength of 3,500 psi. To adapt these values 
to other concrete strengths, a correction scale is 
introduced, which allows extrapolating to other 
concrete strengths by using Eq. 2-22 for tension 
and Eq. 2-23 for shear (see Design Example 8). 

Design for combined tension and shear follows 
the criteria established in Sect. 2.5.3. 

The strength of expansion inserts depends main- 
ly on the amount of expansion which in turn de- 
pends on the applied torque; for reliability of con- 
nection, the importance of correct installation and 
quality control cannot be overemphasized (Fig. 
2.47). 

Considering the strength developing mechanism 
of expansion inserts, it is advisable to limit their 
use to connections with combined tension and 
shear and a shear/tension ratio > 1. 

The minimum embedment length should not be 
less than 4.5 d b . To insure ductility a concrete fail- 
ure must be avoided. To achieve thisthe embedment 
length of the insert as determined by calculation 
should be increased by 20% but not less than 1 in., 
maintaining the size of bolt and insert as determined 
originally. 

Force-Deformation Relations 

Fig. 2.48 shows typical force-deformation curves 
for comparable expansion insert assemblies. 14 As- 



Fig. 2.45 Forces and strength conditions for expansion inserts 
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Fig. 2.46 Expansion insert capacities 
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sembly A reaches its maximum strength at a slip- 
page between 3/8 to 5/8 in. decreasing steadily to 
failure. Assembly B reaches maximum strength 
much sooner and maintains it fairly constantly. 
However, the maximum strength is slightly below 
A, while the deformation at failure is fairly close for 
A and B. 

This force-deformation behavior is interesting for 
evaluation of ductility and the force redistribution 
for connections with multiple anchorages. The de- 
formations up to the service load level, assuming 
a ratio of strength/service load of about 4, remain 
small. For overload conditions, especially beyond 
peak strength, large deformations occur for Insert 
B allowing for redistribution of loads without a sud- 
den failure. 

Connectors 

Connectors are bolts of standard size with NC 
Fig. 2.47 Direction of expansion 



wrong 





:■ ■ ■ 




d e 


right " 


>5d h 



10 d t 



mi n. 






Expansion in 
longitudinal 
direction of 
panel only 



(machine) threads. The characteristics and strengths 
are given in Table 2.1 and Figs. 2.22 through 2.25. 
By increasing the embedment length, the ultimate 
strength of the insert will be greater than the ulti- 
mate strength of connectors. 

When expansion inserts are recessed into the 
concrete to increase the size of the shear cone, con- 
sideration should be given to bending of the bolt 
which may become the controlling strength condi- 
tion. This can be avoided by placing a sleeve 
around the bolt or by careful drypacking of the ex- 
cess space (Fig. 2.49). 

Edge Distances 

Edge distances for expansion inserts are more 
critical than for cast-in concrete inserts. Expanding 
the insert in the direction of the edge must be 
avoided (Fig. 2.47). The minimum edge distance 
should be at least 5d b . 



Fig. 2.48 Force-deformation relationship 
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Fig. 2.49 Recessed insert 
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Group Action 

If several expansion inserts are needed for one 
connection, and if they are spaced closer than that 
whicn would develop a full shear cone, group ac- 
tion reduction factors should be used, Table 2.4. 
The minimum spacing, m, of expansion inserts 
should not be less than 5d b , l e or 3 in., whichever 
is greater. 



where: 

l e = embedment length, in. 



A b = area of the bar, in. 2 



f y = yield strength of the bar, psi 

D = perimeter of the bar, in. 

= 0.85 
The constant (1200) carries a dimension of psi 



and is conservatively based on a ratio of y f' c + 
0.045 using 3000 psi concrete for f' c (Ref. 5). 

The following precautions are recommended: 

1. The minimum concrete cover over the grout- 
ed reinforcing bar should be 3 in. 



Table 2.4 Reduction factor q for decreased spacing of expansion inserts. 



SPACING 
REDUCED BY 


SPACING l e >m< 10 d b 


0% 


12.5% 


25% 


37.5% 


50% 


REDUCTION 
FACTOR 


1.0 


.875 


.75 


.625 


.50 



2.5.7 Dowel Connections 

Dowel-bond or dowel-shear connections to the 
support structure or to other cladding panels can 
provide an economical solution. The strength of 
the dowels in tension or shear depends entirely on 
the embedment length and the developed bond. 
Since placement of grout is required during erec- 
tion, dowel connections usually slow down the 
erection and may be costly. It also must be consi- 
dered that any panel adjustment after the initial 
set of the grout may destroy the dowel bond and 
reduce the connection strength considerably. 

Where grout beds are required the panels may be 
set on shims and drypacked at a later date or the 
panels may be set into fresh grout with the eleva- 
tion controlled by shims. 

Cement Grout Dowels 

Reinforcing bars No. 6 and smaller may be em- 
bedded into a dowel hole and grouted to provide a 
connection. 29 For tension, compression or shear 
connections the required embedment length may 
be determined by: 



4 = 



A b fy 



02 o (1200) 



(Eq. 2-24) 



Care of detailing must be observed. The sides 
of the pocket must be rough formed, be free 
of form oil, grease, loose concrete or dirt to 
achieve bond of grout to the surrounding con- 
crete. 

The grout material should not exhibit shrink- 
age and creep characteristics and it should have 
a minimum compressive strength of 4,000 psi. 

Confinement reinforcement consisting of a 
spiral or ties having an area 



A h f 



A sh = 



Mf 



ys 



may be required to prevent splitting or bond 
failure between the grout and the surrounding 
concrete. (For ju-values see Table 2.6) 



f 



ys 



yield strength of confinement 
reinforcement 



Z e should not be less than 8 in. 



Fig. 2.50 gives development lengths for dowels 
for compression and tension using grade 40 ksi and 
grade 60 ksi steel. 
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Fig. 2.50 Grouted dowel connections: minimum embedment length and strength 
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Epoxy Grout Dowels 

Epoxy adhesives can be used for anchoring 
dowel bolts, bars or similar shapes into concrete. 
The strength of epoxy grouts is about 2 to 4 times 
the compressive strength and 10 to 15 times the 
tensile strength of cement grout. 

The selection of epoxy formulation must be 
based on long time performance criteria. The for- 
mulation must be creep resistant, stable in strength 
and adaptable to the difference between the maxi- 
mum constant temperature of the concrete and the 
characteristic heat deflection temperature of the 
formulation. If aggregates are added to the formu- 
lation they must be clean, dry, graded and of 
rounded or spherical shape. 30 ' 31 

If a dowel is installed in a horizontal hole, non- 
sag epoxy must be used or hole must be sealed 
with a mechanical bolt and pressure injected. 
Damp or wet holes should be thoroughly dried or a 
wet surface compatible formulation should be 
used. Installation of dowels should not be made 
if ambient temperature is below 40 F. Special care 
and fast setting, low viscosity epoxy grout must be 
used if temperature of concrete is between 40 and 
60 F. Mixing of epoxy components and installation 
must be strictly according to the manufacturer's 
instructions. 

Dowel holes 3/8 in. to 1/2 in. greater than the 
bolt diameter are most satisfactory for installation. 
Depth of embedment determines the pull out 
strength of bolt. Good practice is to provide suffi- 
cient embedment to develop the full bolt metal 
strength. Combined tension shear and bearing capa- 
city can be determined in accordance with Sect. 
2.5.3. 

2.5.8 Support Elements 

Support elements are structural sections of 
steel or concrete designed to transfer loads from 
panel connector to the support system. Steel an- 
gles, channels, plates, square or rectangular tubes, 
and small I or H sections are most frequently used. 
I, H and tube sections are usually welded to anchor 
plates which are bolted to or cast into cladding 



panels. These can be analyzed with conventional 
methods. Steel angles and sometimes channels are 
used with connector bolts and interact with the 
complete connection assembly, as shown on Fig. 
2.27. Only angles will be discussed since channels 
have similar behavior. 

Structural Steel Angles 

Ultimate Moment Capacities for Angles. Ultimate 
moment capacities and loads for the most frequent- 
ly used angle sections are shown in Fig. 2.5.1. 
The ultimate moment capacity is determined by 



M u = S ZF y 



(Eq.2.25) 



where: Z 



bt 2 



12t 2 



(in. 3 /ft) 



36,000 psi 



S = 0.90 

Load capacity is determined from the ultimate 
moment capacity and the distance e a or e b of the 
center of gravity of the load to the critical sec- 
tion. 

M u 
V u = — (Eq.2.26) 

Fig. 2.51 gives the ultimate load capacities for 
eccentricities between 2 and 4 in. This brackets the 
most frequent design cases. 

The design chart developed in Fig. 2.51 is based 
on an angle length of 12 in. Shape and thickness of 
connection angle can be directly obtained from 
Fig. 2.51 as a function of M u (or V u applied at an 
eccentricity of 2 < e < 4 in.) for a steel strength of 
F y = 36 ksi. 

The envelope of the bending capacity lines (M u ) 
is based on plastic section moduli and metal thick- 
nesses from 3/8 to 3/4 in., independent of loca- 
tion of anchor and base of compression area. This 
curve can also be used for shapes not specifically 
shown on the chart. 
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Fig. 2.51 Ultimate moment and load capacities for a 12 in. angle length 
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The bending capacities (M u ) for the most com- 
monly used shapes and various leg thicknesses are 
shown individually by dashed lines. The capacity is 
based on location of anchors (bolt holes) according 
to standard gage dimensions for detailing of struc- 
tural steel sections, Table 2.5. M u is calculated 
according to loading conditions a and b with re- 
spective eccentricities e a and e b . 

With the given ultimate load (V u ) and eccentri- 
city (e a or e b ), angle size and thickness can be 
found directly with the aid of a subchart for e be- 
tween 2 and 4 in. Enter chart at intersection of V u 
with e and intersect horizontally the M u line. A 
multiple choice of angle size and thickness can be 
made. 

Additionally, this chart allows a quick evalua- 
tion of the effects of allowed tolerances and of 
field conditions on selection of support angle. 

Spacing of Stiffener Plates, Sizes and Welds. Stif- 
fener plates are added to angles if the loads to be 
supported by an unreinforced support angle exceed 



its bending or shear capacity. Design criteria for 
stiffener plates include steel stresses and web crip- 
pling. 15 

Fig. 2.52 provides a graphical solution to deter- 
mine the thickness of stiffener plates as a function 
of size of support angle and spacing of anchor 
bolts based on the following equations: 

*■> > ♦F.i.-Vm IEq - 2 - 27) 



or 



2wd 

tp " 0F y [a- (t f + 1)] 



(Eq. 2.28) 



Additionally, the required weld size for the stiffen- 
er plate can be obtained from Fig. 2.53. 

If a support angle is provided with stiffener 
plates the bending stresses are decreased and do 
not control the design. If the size of an angle is 
selected a coefficient a can be calculated and with 



Table 2.5 Edge distances and gages for steel plates, structural sections and angles 



MINIMUM EDGE DISTANCE FOR 

PUNCHED, REAMED OR DRILLED HOLES*** 

(IN.) 


BOLT 

DIAMETER 

(IN.) 


AT 

SHEARED 

EDGES 


AT ROLLED EDGES OF 

PLATES, SHAPES OR BARS 

OR GAS CUT EDGES** 


1/2 


7/8 


3/4 


5/8 


1-1/8 


7/8 


3/4 


1-1/4 


1 


7/8 


1-1/2* 


1-1/8 


1 


1-3/4* 


1-1/4 


1-1/4 


2-1/4 


1-5/8 



These may be 1-1/4 in. at the endsof beam connection 
angles. 

All edge distances in this column may be reduced 1/8 
in. when the hole is at a point where stress does not 
exceed 25% of the maximum allowed stress in the 
element. 

When oversized or slotted holes are used, edge dis- 
tances should be increased to maintain the clear 
distance from edge of hole to free edge provided by 
distances tabulated. 
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Fig. 2.52 Size of stiffener plates for support angles 



Fig. 2.53 Weld sizes for stiffener plates 
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Fig. 2.52 the corresponding coefficient deter- 
mined. The plate thickness t p can then be obtained 
from Eq. 2-27 for point load and short angles, and 
from Eq. 2-28 for uniformly distributed loads sup- 
ported by a continuous angle with a maximum 
spacing of the plates of two times the anchor spac- 
ing. 

Weld size for the stiffener plates can be deter- 
mined as a function of steel strength, F allow- 
able stress of electrode, f e /, and plate thickness, 



(t f + 1) 



The ultimate concrete bearing capacity can be 
obtained from 



V.. 



3 + 4(e// e ) 
Fig. 2.54 Force system for embedded steel shapes 



(Eq. 2.30) 



with 



(Eq. 2.29) 



Embedded Structural Steel Sections 

Structural steel sections such as wide flange and 
I beams, channels, tubes and plates can be embed- 
ded in the panel to provide a direct force transfer 
connection element. The available embedment 
length and concrete strength is critical for the load 
capacity. Fig. 2.54 shows the force system in the 
ultimate condition. 

The capacity for bending and shear of the steel 
section should be determined from the latest AISC 
Specifications. 
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where: = 



0.85 (since no brittle failure con- 
dition is present) 



b = width of embedded section 

/ e = embedment 

e = distance between load center and 
resistance center 

It is assumed that the compression stress block 
has a depth of IJZ and a width of b (Fig. 2.55). 

V uc can be increased by increasing b, f c , or with 
additional reinforcement. The additional reinforce- 
ment, A' s , must be welded to the structural section, 
Fig. 2.55, and extend a distance equal to the ten- 
sion anchorage development length above and be- 
low the embedded section. 16 The increased capa- 
city V p can be calculated by 



3 a; n 

Vr " 3 + 4(e//J 



where f, = 87,000(1 



(Eq.2.31) 



3d'// e ) < f y . 



The sum of Eq. 2-30 and Eq. 2-31 will give the 
combined capacity. If V uc + A' s f' s exceed C b (end 
reaction of embedded section) it is necessary to al- 
so add compression reinforcement, A s , at the side 
of C b and extend it a distance equal to the com- 
pression anchorage length. A s can be calculated as 
follows: 



A s - 



>f'cK 



+ 



A' f ' - V 

" s s u 



(Eq.2.32) 



2.5.9 Seat Connections (Direct Bearing on 
Support System) 

Seat connections provide for direct load transfer 
from the cladding panel to the support structure. 
Fig. 2.55 Strength increase with reinforcement 
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This can be done by extending a corbel, cast inte- 
grally with the panel, to the support or by resting 
the lower edge of the panel directly on the support 
system. The first method usually applies to panels 
above the first support level when movements of 
the support system are possible. The second me- 
thod applies primarily to panels resting on founda- 
tions or rigid supports where movements are negli- 
gible. This includes cases where cladding panels are 
stacked and self-supporting for vertical and hor- 
izontal loads in the Y direction with tie back con- 
nections to the structural frame for forces in the X 
direction. The following discussion differentiates 
seat connections accordingly. 

Seat on Rigid Support System 

Fig. 2.56 shows examples of direct seat connec- 
tions on foundations or other rigid support sys- 
tems. Panel on panel support falls into this cate- 
gory if end support is rigid and X forces are taken 
by tie-backs. 

Design for vertical forces for these connections 
is based on bearing strength of the various interfac- 
ing materials: concrete, shim pads (plastic, neo- 
prene, steel, etc.) and steel sections. Design for hor- 
izontal forces in X-direction involves friction, shear- 
Fig. 2.56 Seat connections 
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friction, shear and previously discussed cast-in and 
insert connections. 

Bearing: Concrete on Concrete — Edge condition 
(Fig. 2.57). Strength of concrete supports not spe- 
cially reinforced to resist splitting forces and with 
uniform bearing is given by: 



f bu = C r 70x/fT Vs7w (Eq. 2-33) 



where: = 0.70 

When a horizontal force T u is present C r is given 
in Eq. 2-34, where the product (sw) shall not be 
taken greater than 9 in. 2 



(Eq. 2-34) 




For non-uniform bearing, the ultimate bearing 
stress at any point should not exceed that given by 
Eq. 2-33 reduced by C r if applicable for s/w = 0.5. 

The unconfined allowable bearing for lightweight 
structural concrete should be reduced by the k val- 
ues of 0.85 and 0.75 respectively for sand-light- 
weight and all lightweight concrete. 

If forces to be transferred exceed the strength 
(Eq. 2-33) of the support, confinement reinforce- 
ment in addition to A^ (Fig. 2.57) should be pro- 
vided in both the vertical and horizontal directions. 
This reinforcement can be calculated by: 

V. 

(Eq.2-35) 



= A„ h = 



ch 



81 



Bearing on Confined Concrete — Edge Condition. 

For heavily loaded members if the criteria for un- 
confined bearing, concrete on concrete, cannot be 
satisfied, or if large lateral forces must be resisted, 
the shear-friction concept can be used to determine 
confinement reinforcement in the region of the 
connections. The following provisions apply: 

1. The ultimate vertical bearing stress (load per 
unit of bearing area) should not exceed 0.85 

f'c- 

2. For vertical bearing cracks, reinforcement 
welded to confinement plates or angles should 
be used and can be determined by: 



A vf 



yv 



f- 



+ T M 



(Eq. 2-36) 



where: 

- 0.85 

ju = shear friction coefficient which is analogous 
to the coefficient of friction (see Table 2.6) 

T u is determined by analysis. It is recommended 
that a value not less than T u = 0.2 V u be used un- 
less a lower value is justified by a refined analysis. 

Bearing: Concrete on Concrete — Center Condition. 

If a concrete element is supported behind the ex- 
tent of a potential 20° crack line (Fig. 2.57) the 
maximum bearing capacity can be determined by: 



1 ub 



= 0.85 0f'„ 



(Eq. 2-37) 



For partially loaded areas (when supporting surface 
is wider on all sides) the strength can be increased 



Fig. 2.57 Bearing on concrete — edge condition 
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by 



J? 



< 2. 



where: 

<p = 0.70 

A 1 = loaded area 



A 2 = maximuin area of supporting surface geo- 
metrically similar to and concentric with 
loaded area. 



Table 2.6 Shear-friction coefficients 



Crack 
interface condition 


Recommended 


Concrete to concrete cast 
monolithically 

Concrete to hardened 

concrete, 1/4 in. 

roughness 

Concrete to steel with 
welded studs 

Concrete to concrete, 
smooth interface 


1.4* 

1.0 
1.0 
0.6 



*Values up to 1.7 may be used for this condition if the 
circumstances, in the judgment of the engineer, warrant 
a higher value. 

Bearing: Concrete on Steel. Bearing strength of 
concrete controls. The use of steel shim pads and 
their location should be carefully evaluated. For 
erection purposes small steel pads are frequently 
used and often are left in place. Space between 
load and bearing surface may then be grouted or 
drypacked for force transfer of design loads when 
necessary. However, since E steel is considerably 
greater than E concrete a force concentration occurs 
at the shim pads. With increasing loads or struc- 
tural movement, excessive bearing stresses may de- 
velop and cause spalling of concrete. The use of 
plastic shim pads with a low modulus of elasticity 
will give best results. 

2.5.10 Welded Connections 

Welded connections for cladding panels are effi- 
cient and easily adjust to varying field conditions. 
Their strength depends on reliable workmanship 
and the compatibility of welding materials with the 
metals to be joined. 

The shielded metal arc welding process is com- 
monly used in precast plants. Shielded metal arc 
welding (SMAW) is a manual process in which the 
heat for welding is generated by an arc established 
between a flux-covered consumable electrode and 
the work. This method is commonly referred to as 
welding with stick electrodes. Gas metal arc weld- 
ing (GMAW) and flux cored arc welding (FCAW) 
are other processes in which the consumable elec- 
trode is usually a wire. Submerged arc welding 
(SAW) is a semiautomatic or fully automatic pro- 
cess where the electrode is fed mechanically to 



welding guns. 

The specification and design of an arc weld re- 
quires the following steps: 

1. Review of the base metal materials to be 
joined. 

2. Selection of the appropriate filler metal (elec- 
trode). 

3. Determination of the minimum preheat and 
interpass temperatures required for the weld- 
ing process being used and for the higher 
strength steel being welded. 

4. Computation of the forces acting on the parts 
to be joined. 

5. Selection of the type, size and length of weld 
by engineering mechanics so that the allow- 
able stresses for welds are not exceeded. 

Information needed for each of these steps is pre- 
sented in subsequent sections. 

Welding to sustain normal or shear stress should 
conform to AWS D1.1-75 1 and D12.1-75 2 . Provi- 
sions for stud welding are included in D1.1-75 1 . 
The AWS codes include requirements for workman- 
ship, technique, qualification, and inspection that 
ensure acceptable welding. 

Factors Affecting Quality of a Weld 

The designer should be aware of factors affecting 
the quality of a weld and design and specify the 
weld connection accordingly. Since in field weld 
connections, the weld metal is deposited by gravity, 
it is important to design a connection that is easily 
accessible and preferably flat, horizontal or vertical. 
An overhead position should be avoided and the 
down hand position used whenever possible. 

Electrodes. The chemical and metallurgical proper- 
ties of a weld depend mainly on the type of elec- 
trode and its covering. Electrodes provide the fill- 
er metal through which the connection forces are 
transferred. Oxygen and nitrogen in the atmos- 
phere can cause excessive porosity and poor duc- 
tility in the welded joint if they are not excluded 
from the weld puddle. In shielded metal arc weld- 
ing, combustion and decomposition of the elec- 
trode covering from the heat of the welding arc 
produce a gaseous shield that excludes the atmos- 
phere from the weld area. The molten metal is fur- 
ther protected by materials in the electrode cover- 
ing that form a molten slag, which act as a protec- 
tive blanket until the metal has solidified. Most 
electrode coverings also contain deoxidizers and 
nitrogen absorbers. 

Arc welding electrodes for carbon steel should 
be selected in accordance with American Welding 
Society (AWS) specifications. See Table 2.7 and 
Table 2.8 (adapted from Ref. 17). 
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Table 2.7 AWS electrode classification system 



DIGIT 


SIGNIFICANCE 


EXAMPLE 


1st two or 


Min. tensile strength 


E- 60xx = 60,000 psi (min) 


1st three 


(stress relieved) 


E-110xx = 110,000 psi (min) 


2nd last 


Welding position 


E-xx1x = all positions 
E-xx2x = horizontal and flat 
E-xx3x = flat 


Last 


Power supply, type of slag, type 
of arc, amount of penetration, 
presence of iron powder in 
coating 


See Table 2.8 



Note: Prefix "E" (to left of a 4 or 5-digit number) signifies arc welding electrode 
Table 2.8 Interpretation of last digit in AWS electrode classification 



LAST DIGIT 





1 


2 


3 


4 


5 


6 


7 


8 


Power supply 


(a) 


AC or 
DC rev 
polarity 


AC or 
DC 


AC or 
DC 


AC or 
DC 


DC rev 
polarity 


AC or 
DC rev. 
polarity 


AC or 
DC 


AC or 
DC rev. 
polarity 


Type of slag 


(b) 


Organic 


Rutile 


Rutile 


Rutile 


Low 
Hydrogen 


Low 
Hrdrogen 


Mineral 


Low 
Hydrogen 


Type of arc 


Digging 


Digging 


Medium 


Soft 


Soft 


Medium 


Medium 


Soft 


Medium 


Penetration 


(c) 


Deep 


Medium 


Light 


Light 


Medium 


Medium 


Medium 


Medium 


Iron Powder 


0-10% 


None 


0-10% 


0-10% 


30-50% 


None 


None 


50% 


30-50% 


in Coating 





















Notes: (a) E-6010 is DC reverse polarity; E-6020 is AC or DC 

(b) E-601 is organic; E-6020 is mineral 

(c) E-6010 is deep penetration; E-6020 is medium penetration 



Appropriate filler metals for reinforcing steel 
welds made by shielded metal arc welding are given 
in Table 2.12. 

Most structural steels can be welded without spe- 
cial precautions or procedures, provided the correct 
electrode is used. Table 2.9 gives a selection chart 
for the different types of steel with the correspond- 
ing compatible type of electrode. E701 8 is generally 
considered to be a preferable general purpose elec- 
trode for SMAW. 

Stainless steel plates are weldable to other 
stainless steels or to low carbon steels. The general 
procedure for welding low carbon steels should be 
followed, taking into account the stainless steel 
characteristics that differ, such as higher thermal 
expansion and lower thermal conductivity. An ex- 
cellent source of information for determining weld- 
ability of stainless steels is the Procedure Handbook 
of Arc Welding 18 . The American Iron and Steel In- 
stitute (AISI) lists 44 standard stainless steel com- 
positions. AISI Grade 304 stainless steel (frequently 
referred to as 18-8 stainless steel) is a general pur- 
pose grade that has been successfully used in a num- 



ber of applications in precast concrete. Grade 304 
is an austenitic stainless steel that is a low carbon 
modification of Grade 302, which restricts carbide 
precipitation during welding. It should have yield 
strength, at 0.2 percent offset, and tensile strength 
of about 45,000 psi and 80,000 psi, respectively. 
The material may be welded under normal condi- 
tions with an E308 electrode. Another grade con- 
sidered to have better corrosion resistance and to be 
readily weldable is Grade 316. An E316 electrode 
can be used with Grade 316 steel. When stainless 
steel is joined to structural steel, Ref. 18 recom- 
mends that the structural steel be "buttered" with 
stainless steel using an E309 electrode This tech- 
nique consists of depositing a layer of stainless on 
the surface of the structural steel before complet- 
ing the joint. Low carbon steel studs may also be 
welded to stainless steel plates. 
Preheat and Interpass Temperatures. In order to 
weld reinforcing steels, the carbon equivalent 
(C.E.) should be calculated from the chemical 
composition, as shown in the mill report, by the 
following formula: 
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Table 2.9 Matching filler metal requirements to structural steel plates and shapes 



Steel Specification Requirements 


Filler Metal Requirements* 1 * 


Steel 
Specification 


Minimum 

yield point< 2 > 

ksi 


Tensile strength 

range 

ksi 


Electrode 
Specification* 3 ) 


Minimum 

yield point 

ksi 


Tensile strength 

range 

ksi 


ASTM A36 
ASTM A53 Grade B 


36 
35 


58-80 
60 min. 


SMAW 
AW5 A5.1 orA5.5 
E60XX or 
E70XX 


50 
57 


67 min. 
77 min. 


ASTM A500 
Grade A 
Grade B 

ASTM A501 


33/39 
42/46 

36 


45 min. 
58 min. 

58 min. 


SAW 

AWS A5. 17 or 

A5.23 

F6X-EXXX or 

F7X-EXXX 


50 
60 


62-80 
70-95 


ASTM A529 


42 


60-85 min. 


GMAW 
AWS A5.18 
E70S-X or 
E70U-1 


60 
60 


72 min. 
72 min. 


ASTM A570 
Grade D 
Grade E 


40 
42 


55 min. 
58 min. 


FCAW 

AWS A5.20 

E60T-X 

E70T-X 

(Except 2 & 3) 


50 
60 


62 min. 
72 min. 



(1) Use of the same type filler metal having next higher mechanical properties is permitted 

(2) On joints involving base metals of different yield strengths, filler metals applicable to lower yield strength may be 
used. 

(3) Low hydrogen classifications. 



C.E. = %C + 



%Mn 



%Cu 
40 



% Cr % Mo % V 



10 



50 



10 



%Ni 
20 



(Eq.2-38) 



The minimum preheat and interpass temperatures 
for welding is then based on the carbon equivalent 
as shown in Table 2.10. 

If mill test reports are not available, chemical 
analysis shou Id be made of bars representative of the 
bars to be welded. Alternatively, if the chemical 
composition of the bars is not known or obtained, 
the carbon equivalent is assumed to be above 0.75 
for that material. Reinforcing steels other than 
those listed above may be welded in accordance 
with AWS D12.1, subject to approval, if a chemical 
analysis is performed and the carbon equivalent is 
determined. 

Heat generated by the welding process may ad- 
versely affect the strength of the connected metals 
if large temperature differences exist. It is impor- 



tant to observe the corresponding procedures for 
preheating and interpass temperatures for structur- 
al steels given in Table 2.1 1 . 

Edge Preparation. Typical edge preparations for 
welds are shown in Fig. 2.58. The root opening is 
the separation of the pieces being joined and is 
necessary for accessibility to the base. The degree 
of bevel may be dictated by accessibility in tight 
spots. The minimum recommended bevel is 45°. 
Edges must be free of rust, dirt, slag and mill scale. 

Quality Control. All welders should be required to 
have passed an AWS qualification test before being 
allowed to make a structural connection. Inspec- 
tion and control procedures should be established 
at the outset of the work and a sample connection 
made and approved as a minimum quality stand- 
ard. Fillet and plug welds can be inspected visually 
while partial or full penetration welds require rad- 
iography in addition to visual inspection. Fig. 2.59 
shows some of the possible weld defects. They can 



2-49 



Table 2.10 Minimum preheat and interpass temperatures for reinforcement 



Carbon equivalent 3 
range, % 



0.40 max 



0.41-0.45 
inclusive 



0.46-0.55 

inclusive 



Size of 
reinforcing bar 



up to 11 inclusive 
14 and 18 



up to 11 inclusive 
14 and 18 



0.56-0.65 

inclusive 



0.66-0.75 



above 0.75 



up to 6 inclusive 

7 to 11 inclusive 

14 and 18 



Shielding metal arc welding 

with low hydrogen electrodes; 

gas metal arc welding; 

or flux cored arc welding 1 - 2 



none 4 



50 



10 



none 4 



100 



38 



up to 6 inclusive 

7 to 11 inclusive 

Hand 18 



up to 6 inclusive 
7 to 18 inclusive 



up to 9 inclusive 
10 to 18 inclusive 



none 4 



50 
200 



10 
93 



100 
200 
300 



38 
93 
149 



300 
400 



149 
204 



500 260 

use thermit or 

pressure gas only 



Note: When reinforcing steel is to be welded to main structural material, the preheat requirements of the struc- 
tural material shall also be considered (see Table 4.2, AWS D 1.1 ). The minimum preheat requirement to apply 
in this situation shall be the higher requirement of the two tables. However, extreme caution shall be exercised 
in the case of welding reinforcing steel to quenched and tempered steels and such measures shall be taken as to 
satisfy the preheat requirements for both. If not possible, welding shall not be used to join the two base metals. 

1 . Welding shall not be done when the ambient temperature is lower than OF. When the base metal is below the 
temperature listed for the welding process being used and the size and carbon equivalent range of the bar 
being welded, it shall be preheated (except as otherwise provided) in such a manner that the cross section of 
the bar for not less than 6 in. on each side of the joint shall be at or above the specified minimum tempera- 
ture. Preheat and interpass temperatures must be sufficient to prevent crack formation. 

2. After welding is complete, bars shall be allowed to cool naturally to ambient temperature. Accelerated cool- 
ing is prohibited. 

3. Where it is impractical to obtain chemical analysis, the carbon equivalent shall be assumed to be above 0.75. 
4/ When the base metal is below 32F, preheat the base metal to at least 70F and maintain this minimum temp- 
erature during welding. 



be recognized by visual inspection of weld surface 
or by a cut through a weld. 

Types of Joints 

There are five basic types of weld joints (Fig. 
2.60). The description indicates the physical relation 
between the parts to be joined. No indication of 
geometry of weld or edge preparation is included. 
To obtain a complete definition of a welded connec- 
tion the types of joints must be combined with the 
appropriate types of welds (Fig. 2.61). 

Examples of various types of welded reinforcing 
bar connections to bars and plates are shown in Figs. 
2.62 through 2.65. Detailed descriptions of these 
types of joints and welds are presented in Chapter 
3 of AWS D12.1 2 . In general, it is easier to butt weld 
larger reinforcing bars than to use a splice joint with 
longitudinal connecting welds. On smaller bars, it 
might be easier to use the longitudinally welded lap 
joint. 



Tack welds which do not become a part of per- 
manent welds of reinforcing steel are prohibited by 
AWS D12.1-75, unless approved by the Engineer. 
However, tack welding of reinforcement at loca- 
tions where neither bar has a structural function 
should be allowed. For example, welding the ends 
of the outside bars may be an aid in fabrication of 
mats and cages. 

Principal Types of Welds 

Principal weld types used for precast connections 
are groove welds with full or partial penetration, fil- 
let welds in longitudinal or transverse direction, plug 
and slot welds (Fig. 2.61). Welded connections of 
reinforcing bars or bolts are either groove or fillet 
welds. Fig. 2.66 indicates basic symbols for welds 
for use on drawings and details 19 . 

Groove welds, In groove welds the loads are trans- 
ferred directly across the weld by tensile or com- 
pressive stresses. For complete penetration groove 
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Fig. 2.58 Edge preparation for penetration welds 




welds, the welding electrode is selected so that the 
resulting weld is as strong as the steel joined. Partial 
penetration groove welds are sometimes used if 
stresses are low. The stress area of these welds is the 
product of the length of the weld and the effective 
throat thickness. In single J or U type welds the ef- 
fective throat thickness is 1/4 in. less than the depth 
of the groove since the weld at the bottom is not al- 
ways sound. 

Fig. 2.59 Possible weld defects 



Fillet welds. The load is transferred between the 
connected elements by shear stresses in fillet welds. 
The shear stress is computed on an area equal to the 
product of the length of the weld times the effective 
throat thickness. The effective throat thickness is 
the shortest distance from the root to the face of 
the weld (assuming a flat face) and is 0.707 times 
the size (or leg) of a fillet weld with equal legs. In 
fillet welds it is not generally necessary to provide 
weld metal that has a yield strength equal to that of 
the steel joined. The required total strength can be 
obtained by varying the size of the weld. However, 
it is sometimes advisable to use high strength elec- 
trodes to limit the size of the weld. 

Plug and slot welds. Plug and slot welds are some- 
times used to transfer shear, tension or compression 
forces. The weld itself is always subject to shear 
stresses. The shear area of the weld is the nominal 
cross sectional area of the hole or slot. This type of 
weld should be avoided, if possible, because of the 
difficulty in making a satisfactory weld and because 
of the severe stress concentrations created in small 
areas. 
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Fig. 2.60 Types of joints (left) 
Fig. 2.61 Types of welds (right) 
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Design of Welds — General 

Allowable Stresses. For reinforcement, the permis- 
sible stress and permissible ultimate strength of 
welds made by shielded metal arc welding are pre- 
sented in Table 2.12. The permissible stress and 
strength values in Table 2.12 also apply to gas metal 
arc welding and flux cored arc welding, except that 
the filler metal requirements (columns E and G) 
are different for the Type 1 joint. Reference should 
be made to Tables 2.2 and 5.1 of AWS 12.1 for 
these values. 

Provisions governing allowable stresses and details 
for structural design of welding of plates and shapes 
contained in the 1969 Specifications 22 and Supple- 
ment Nos. 1, 2 and 3 published by the American In- 
stitute of Steel Construction are in general accord 
with AWS D 1.1 -75. Allowable stresses for propor- 
tioning the type, size, and length of weld are pre- 
sented in Table 2,13. It should be noted that com- 
plete penetration groove welds have the same allow- 
able stresses as the steel joined. 

Weld Size. Determination of weld strength can be 
divided into three approaches according to the dir- 
ection of the applied force: 



Force condition 


Weld type 


Tension or com- 


Groove 


pression 




Shear 


Fillet and Plug 


Moment 


Groove and Fillet 



It should be noted that the strength of the var- 
ious filler metals (electrodes) is considerably higher 
than the strength of the joined steel sections com- 
monly used for panel connections. Additional 
strength obtained by oversizing the calculated weld 
size is therefore not necessary. The procedure for 
designing welded connections uses as a criteria nom- 
inal stresses. It is assumed that the weld is elastic and 
the steel elements making up the connection are rig- 
id. The stresses in the weld are assumed to be uni- 
form over the length of the weld. If a weld is subject 
to moment or torsion, the stresses are assumed to 
vary linearly depending on location of neutral axis. 

Groove welds. A properly made full penetration 
groove weld is stronger than the metal sections it 
joins. It is therefore not necessary to calculate 
stresses in weld or determine its size. 

A partial penetration groove weld depends for 
its strength on the effective weld area, t e (Figs. 
2.67, 2.68 and 2.69). The effective weld area of 
single and double partial-penetration groove welds 
is the depth of the groove except in the case of a 
bevel joint made by the manual shielded metal- 
arc process. In the latter case, the effective throat 
dimension should be taken as the depth of the 
groove less 1/8 in. but not less than t /6, where t 
is the thickness of the thinner piece being joined 
(Fig. 2.68). 

The ultimate forces transferred are a product of 
effective weld area and steel strength. 



P u 9 = 



A. 



(Eq. 2-39) 



Fillet welds. The effective weld dimension of fil- 
let welds is the shortest distance from the root to 
the face of the weld, as shown in Fig. 2.69. Assum- 
ing the fillet weld to have equal legs of nominal 
size a, the effective area t e is 0.707a. The maxi- 
mum weld size that may be used along the edges of 
connected parts should be: 

1. Along edges of material less than 1/4 in. 
thick, the maximum size may be equal to the 
thickness of the material. 

2. Along edges of material 1/4 in. or more in 
thickness, the maximum size should be 1/16 
in. less than the thickness of the material, 
unless the weld is designated on the drawings 
to be built out to obtain full throat thick- 
ness. 

The minimum effective length of a fillet weld 
should be not less than 4 times the nominal size or 
else the size of the weld shall be considered not to 
exceed 1/4 of its effective length. 

Intermittent fillet welds may be used to transfer 
calculated stress across a joint or faying surfaces 
when the strength required is less than that de- 
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Table 2.1 1 Minimum preheat and interpass temperatures for structural steels 



Steel Specification 


Welding Process 


Thickness of 

Thickest Part 

at Point of 

Welding 

in. 


Minimum 
Temperature 

F C 


ASTM A36 2 
ASTM A53 Grade B 
ASTM A500 Grade A 
Grade B 

ASTM A501 
ASTM A529 

ASTM A570 Grade D 
Grade E 


Shielded metal arc 
welding with other 
than low hydrogen 
electrodes 


Up tO 3 /4 


None 1 


Over 3 A 
Thru 1V2 


150 66 


Over 1 1 /2 
Thru 2V 2 


225 107 


Over 2 1 /2 


300 150 


ASTM A36 2 

ASTM A53 Grade B 

ASTM A500 Grade A 
Grade B 

ASTM A501 

ASTM A529 

ASTM A570 Grade D 
Grade E 


Shielded metal arc 
welding with low 
hydrogen electrodes 
submerged arc 
welding, gas metal arc 
welding, flux cored arc 
welding 


Up to 3 A 


None 1 


Over 3 A 
Thru V/2 


50 10 


Over 1 Vz 
Thru 2V2 


150 66 


Over 2 1 /2 


225 107 



1 . When the base metal temperature is below 32F, the base metal shall be preheated to at least 70F and this minimum temper- 
ature maintained during welding. 

2. Welding shall not be done when the ambient temperature is lower than OF. When the base metal is below the temperature 
listed for the welding process being used and the thickness of material being welded, it shall be preheated (except as other- 
wise provided) in such a manner that the surfaces of the parts on which weld metal is being deposited are at or above the 
specified minimum temperature for a distance equal to the thickness of the part being welded, but not less than 3 in., both 
laterally and in advance of the welding. Preheat and interpass temperatures must be sufficient to prevent crack formation. 
Temperature above the minimum shown may be required for highly restrained welds. 

3. In joints involving combinations of base metals, preheat shall be as specified for the higher strength steel being welded. 

Note: 0°Fdoes not mean the ambient environmental temperature but the temperature in the immediate vicinity of the weld. 
The ambient environmental temperature may be below0°F, but a heated structure or shelter around the area being welded 
could maintain the temperature adjacent to the weldment atO°For higher. 



veloped by a continuous fillet weld of the smallest 
permitted size, and to join components of built-up 
members. The effective length of any segment of 
intermittent fillet welding should be not less than 4 
times the weld size with a minimum of 1 1/2 in. 



The minimum amount of lap on lap joints 
should be 5 times the thickness of the thinner part 
joined and not less than 1 in. Lap joints joining 
plates or bars subjected to axial stress should be 
fillet welded along the ends of both lapped parts 
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Fig. 2.62 Direct butt splices 2 



DIRECT BUTT SPLICES NORMALLY USED FOR BARS 
PLACED IN HORIZONTAL POSITION 




Section A - A 




A — Single -V-groove Weld 



45° to 60° 




B — Double -V-groove Weld 




Max d/3 



Min d/4 



C — Single -V-groove Weld with split-pipe back-up 



DIRECT BUTT SPLICES 

NORMALLY USED FOR BARS 

PLACED IN VERTICAL POSITION 




Note 1 



D — Single-bevel -groove Weld 





- Note 1 



D — Double-bevel -groove Weld 



NOTE 1: Chip, grind or gouge to sound 
metal before welding other side 



Detail A, B and D for Bars No. 9 and larger 
Detail C for Bars smaller than No. 9 
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Fig. 2.63 Indirect butt splices 2 





% max. 



Double-Flare-Bevel-Groove Weld 



Spacing of Bars 
(similar for Detail B) 



A - INDIRECT BUTT SPLICE USING A PLATE 





Flare-BeveUGroove Weld Flare-Bevel-Groove Weld 

B - INDIRECT BUTT SPLICE USING AN ANGLE 






^0 






S-SSftJ 









Section C - C 






L 






1, (?.W i---Q- --A-O.-n^l 





Section D - D 

(Double-Flare-V-Groove Weld) 



INDIRECT BUTT SPLICE USING TWO BARS 



except where the deflection of the lapped parts is 
sufficiently restrained to prevent opening of the 
joint under maximum loading. 

Permissible shear forces transferred are a func- 
tion of effective weld thickness, length of weld and 
type of electrode. 



P f = 0.707 t e l w f e ; (Eq.2-40) 

where f ei is shown in Tables 2.12 and 2.13. 

Table 2.14 gives minimum sizes for fillet welds 
as a function of the material thickness of the thick- 
er part to be joined. 
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Fig. 2.64 Lap splices 2 






tmmmmm 



























t_« 



oM&S- 


















Section A - A 






A - DIRECT LAP 

(with Bars in Contact) 



^ rwp» •» t .rvtt. t ff.Y 











^e 



n/ 



XT 



7^" 



\ 



itSiill 



c 

J 



TT 



NOTE 2: 

The effects of eccenctricity 
shall be considered or 
restraint provided in the 
design of the splice. 




Section C - C 










Section B - B 

(Double-flare-V -groove weld) 



B- INDIRECT LAP 

(with Bars Spread) 

NOTE 1: 

Each bar shall be welded to the splice 
plate by means of a single or double 
groove weld, i.e. ''single or double- 
flare bevel groove welds. " 




(Single-flare-bevel-groove weld) 



Table 2.14 Minimum fillet weld sizes for structural steels 



MATERIAL THICKNESS OF 

THICKER PART JOINED, 

IN. 


MINIMUM SIZE OF 

FILLET WELD, 

IN. 


To 1/2 inclusive 

over 1/2 to 3/4 

over 3/4 to 1-1/2 


3/16 

1/4 

5/16 



Tables 2.15 and 2.16 give allowable loads for 
nominal fillet weld sizes for the shielded metal arc 
and the submerged arc process. 

Figs. 2.70 and 2.71 give various combinations of 
flare-groove and fillet welds, reinforcing bar sizes 
and grades and the corresponding bar strength de- 
velopment lengths for welds. 
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Fig. 2.65 Details of welded joints in base plates and anchorages 




TZ" 




Size - Smaller of Two Legs 



A - EXTERNAL FILLET WELD 




Base Plate 



Anchorage, etc. 




Not to exceed 
'Size of Weld + 1/8 ' 



I 
B - EXTERNAL FILLET WELD 



C - INTERNAL FILLET WELD 




Alternate 
Groove 











X 


r 


A 


X 



Anchor Plate, 
Insert, etc. 



Note: 

Chip, grind or gouge to sound metal 
before welding other side 



D - COMPLETE JOINT PENETRATION GROOVE WELD 




£ 



Section X - X 



E - LAP JOINTS IN AN ANCHORAGE 
USING FLARE-BEVEL GROOVE WELDS 
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Fig. 2.66 Basic weld symbols for drawings 



19 



BASIC WELD SYMBOLS 



Back 



Fillet 



k 



Plug 

or 

Slot 



Square 



Bevel 



I 



/ 



v 



V 



Flare V 



SUPPLEMENTARY WELD SYMBOLS 



Weld all 
Around 



o 



Field Weld 



Contour 



Flush 



Convex 



Flare 
Bevel 



\r 



STANDARD LOCATION OF ELEMENTS OF A WELDING SYMBOL 



Finish symbol 
Contour symbol 



Root opening, depth 
of filling for plug 
and slot welds 

Size in inches 



Reference tine 



Specification, process 
or other reference 



Tail (may be omitted 
when reference 
is not used) 

Basic weld symbol 
or detail reference 



Groove angle or included 
angle of countersink 
for plug welds 

Length of weld in inches 



Pitch (c. to c. spacing) 
of welds in inches 




Arrow connects reference line to 
arrow side of joint. Use break as 
at A or B to signify that arrow is 
pointing to-the grooved member 
in bevel or J-grooved joints. 



Note: 

Siee, weld symbol, length of weld and spacing must read in that order from left to right along the reference line. 
Neither orientation of reference line nor location of the arrow alter this rule. 

The perpendicular leg of l_\ , V . r . \f weld symbols must be at left. 

Arrow and Other Side welds are of the same size unless otherwise shown. 

Symbols apply between abrupt changes in direction of welding unless governed by the "all round" symbol or other- 
wise dimensioned. 

These symbols do not explicitly provide for the case that frequently occurs in structural work, where duplicate 
material (such as stiffeners) occurs on the far side of a web or gusset plate. The fabricating industry has adopted 
this convention; that when the billing of the detail material discloses the identity of far side with near side, the 
welding shown for the near side shall also be duplicated on the far side. 
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Table 2.12 Permissible stresses in welds and permissible ultimate strengths of welds for reinforcement 





TYPE OF 
JOINT 1 


TYPE OF 
WELD 


BASE METAL 


ULTIMATE STRENGTH METHOD 


WORKING STRESS METHOD 


ASTM 
DESIGNATION 


GRADE 


FILLER 
METAL 


PERMISSIBLE 
ULTIMATE STRENGTH 


FILLER 
METAL 


PERMISSIBLE STRESS 
ON EFFECTIVE AREA 3 


A 


B 


C 


D 


E 


F 


G 


H 


1 


Direct butt splices 
and T-joints in 
plate connections 


Complete joint penetration 
grooves (effective AREA 
stressed in tension or 
compression) 


A615 
A616 
A617 
A706 


40 


E70XX 


Same as 

specified 

for 
base metal 


E70XX 


Same as 

specified 

for 
base metal 


50 


E80XX 


E80XX 


CD 

CD 
O 

< 


60 


E90XX 


E90XX 


75 


E100XX 


E100XX 


2 


Indirect butt splices, 
lap splices and 
lap connections 


Flare-V-& bevel-grooves 
and fillet welds (effective 
throat 2 stressed in shear) 


A615 
A616 
A617 
A706 


40 


E70XX 


42 A w 6 - 7 


E70XX 


20.0 ksi 7 


50 


E80XX 


48 A w 6 - 7 


00 

CD 
O 

< 


60 


E90XX 


54 A w 6 ' 7 


E90XX 


25.6 ksi 7 


75 


E100XX 


60 A w 6 - 7 



1 . For approved details of preparation and fit-up see Figs. 2.63, 2.64 and 2.65. 

2. For definition of effective area of flare grooves see Fig. 2.69. 

3. Under fatigue, load reversal, impact or seismic loading, the repetitive service load shall not exceed 20 ksi in the bar at the 
point of weld. 

4. Weld metal shall have mechanical properties not less than the specified minimum for base metal. 

5. No filler metal required. 

6. General Formula: V r = (0.6 F u ) A w , where: 
V r = Permissible ultimate shear strength (kip) 

F u = Ultimate tensile strength as rated by electrode classification number (ksi) 

(0.6F U ) = Ultimate shear strength of deposited weld metal (ksi) 

A w = Area of effective throat of weld (in. 1 ) 

The capacity reduction factor has not been included in the formula on the assumption that this factor has been used in the 

design of the member, including reinforcing. 

7. Permissible stresses and strengths are applicable with the base metal and electrode listed on the same line. Electrodes may be 
used but at their tabulated stress value with stronger base metals appearing on lower lines. 

8. Single min yield strength level (Grade): 60 ksi 
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Table 2.13 Allowable stresses in welds for structural steels 



Type of 
Weld 


Stress in weld 1 


Allowable stress 


Required weld 
strength level 2 


c 
o 

s 

£ w 

C "o 

£ a) 
°5 

Q. 

E 
o 
o 


Tension normal to the effec- 
tive area 


Same as base metal 


Matching weld metal must be 
used. See Table 2.9. 


Compression normal to the 
effective area 


Same as base metal 


Weld metal with a strength 
level equal to or one clas- 
sification (10 ksi) less than 
matching weld metal may 
be used 


Tension or compression 
parallel to the axis of the weld 


Same as base metal 


Weld metal with a strength 
level equal to or less than 
matching weld metal may be 
used 


Shear on the effective area 


0.30 nominal tensile strength 
of weld metal (ksi), except 
shear stress on base metal shall 
not exceed 0.40 yield stress of 
base metal 


c 
o 

CD 

a) -a 

a) S 
a> 

*- 0) 

*■* 
V. 
CQ 


Compression 
normal to 
effective area 


Joint not 
designed to 
bear 


0.50 nominal tensile strength of 
weld metal (ksi), except stress 
on base metal shall not exceed 
0.60 yield stress of base metal 


Weld metal with a strength 
level equal to or less than 
matching weld metal may be 
used 


Joint designed 
to bear 


Same as base metal 


Tension or compression 
parallel to the axis of the weld 3 


Same as base metal 


Shear parallel to axis of weld 


0.30 nominal tensile strength 
of weld metal (ksi), except 
shear stress on base metal shall 
not exceed 0.40 yield stress of 
base metal 


Tension normal to effective 
area 


0.30 nominal tensile strength 
of weld metal (ksi), except 
shear stress on base metal shall 
not exceed 0.60 yield stress of 
base metal 


(0 
<D 

5 

Li. 


Shear on effective area 


0.30 nominal tensile strength 
of weld metal (ksi), except 
shear stress on base metal shall 
not exceed 0.40 yield stress 
of base metal 


Weld metal with a strength 
level equal to or less than 
matching weld metal may be 
used 


Tension or compression 
parallel to axis of weld 3 


Same as base metal 


CO g 

IS 

(0 


Shear parallel to faying 
surfaces (on effective area) 


0.30 nominal tensile strength 
of weld metal (ksi), except 
shear stress on base metal shall 
not exceed 0.40 yield stress of 
base metal 


Weld metal with a strength 
level equal to or less than 
matching weld metal may be 
used 



1. For definition of effective area, see AWS D 1.1 -75 

2. For matching weld metal, see Table 2.9 

3. Fillet welds and partial joint penetration groove welds joining the component elements of built-up members may be 
designed without regard to the tensile or compressive stress in these elements parallel to the axis of the welds. 
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Fig. 2.67 Effective weld areas for flare groove welds 




= Effective Throat (E) ,-> 




2. Double 




A - FLARE-BEVEL-GROOVE WELD 

7^ 




B - FLARE - V-GROOVE WELD 



EA * EFFECTIVE AREA 



Note: The weld area of the finished weld in a flare-vee groove and flare-bevel groove weld should be at least 3/4 the nominal 
size of the weld, which is the radius of the bar. The maximum gap between the bar and the splice plate should not 
exceed 1/4 the diameter of the bar nor 3/16 in. 

Fig. 2.68 Effective weld dimensions for groove welds 
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■ft 


1 
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1 
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I 




1 


'. ^ 


£ 


r R r ± 




H 




manual shielded r 


t t 


( 

t e = D 
60° (A 

X- 


CT 2 

- 78 

i/lin) 


1 


L 

) made by 


1 1 

(b) 

t, = D- Ve 
45° (Min} 

<2 , 


1° 


^~.in: 


T « 







M 4- 




t 




i 


^ it 






t 

No gap 

(c) 
Note: welds (c) & (d 


(d) 
netal-arc process 
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Fig. 2.69 Effective weld dimensions and details of fillet welds for manual shielded metal 
arc and submerged arc welding 



FILLET WELDS 



60Mo90 Q 




SKEWED TEE JOINT 



Weld size 

3 /g max 




60° to 90 a 



SKEWED TEE JOINT 



' T e - SUBMERGED ARC PROCESS 




a 


% 


Va 


% 


% 


% 


V2 


% 


3 A | 7 /e 


1 


T e 


0.19 


0.25 


0.31|0.38 


0.42 


0.46 


0.55 


0.64 


0.73 


0.82 



fp&-1 ? 



For T less than Va: max. fillet size-T 
ForT J /4 or over; max. fillet size^ T- 1 /^ 

n EDGE FILLET 



£ 



<3=l= 



-Ti 



5 T t min. 



3 



not less than X" 
T > Ti ; S = as required 

DOUBLE FILLET LAP JOINT 



t e = 0.707a 




Leg size 



(a) 




(b) 



Effective throat dimensions for fillet welds 
(except by submerged-arc process). 



a For max. weld size T when T > %, see AISC Specification, Sect. 1.17,6. 

b Te- 3, when a is 3/ s or smaller. T e ~b i 0.11, when a is 7 /f 6 or larger. 
See AISC Specification, Sect. 1.14.7, 
Te " Effective throat. 



Weld Groups. Weld groups are more efficient 
than linear welds, to resist bending or torsion 
moments created by eccentric loads. Examples 
of this type of loading are shown in Fig. 2.72. 

The general procedure for investigating the nom- 
inal stress in weld groups is based on the principles 
of mechanics. The procedure consists of the fol- 
lowing steps: 

1. Establish the effective area t e and draw the 
effective cross section of the weld group. 



2. Establish a coordinate system and determine 
the centroid of the weld group. 

3. Determine the forces acting on the weld 
group. 

4. Compute the individual stresses in the welds 
at critical points resulting from direct shear, 
torsion and moment. 

5. Combine the individual stresses vectorially. 
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Table 2.15 Allowable resistance of fillet welds (SMAW) 





Allowable Shear in Fillet Welds, R w , Kips per 


In, of Weld 




Nominal 
Size, in. 


Effective 
area 


Minimum Tensile Strength of Weld, ksi 


60 


70 


80 


90 


100 


110 


1/8 


0.088 


1.59 


1.86 


2.12 


2.39 


2.69 


2.92 


3/16 


0.132 


2.38 


2.78 


3.18 


3.58 


3.97 


4.37 


1/4 


0.177 


3.18 


3.71 


4.24 


4.77 


5.30 


5.83 


5/16 


0.221 


3.98 


4.64 


5.30 


5.96 


6.63 


7.30 


3/8 


0.265 


4.77 


5.57 


6.36 


7.16 


7.95 


8.75 


7/16 


0.309 


5.57 


6.49 


7.42 


8.35 


9.28 


10.21 


1/2 


0.353 


6.36 


7.42 


8.48 


9.54 


10.60 


11.66 


9/16 


0.398 


7.16 


8.35 


9.54 


10.74 


11.93 


13.12 


5/8 


0.442 


7.95 


9.28 


10.61 


11.93 


13.26 


14.58 


11/16 


0.486 


8.75 


10.21 


11.67 


13.12 


14.58 


16.04 


3/4 


0.530 


9.54 


11.13 


12.72 


14.31 


15.91 


17.50 



Table 2.16 Allowable resistance of fillet welds (SAW) - obtain ultimate 
resistance from Table 2.12 





Allowable Shear in Fillet Welds, R 


w , Kip per 


In. of Weld 




Nominal 
Size, in. 


Effective 
area 




Minimum 


Tensile Strength of Weld, ksi 




60 


70 


80 


90 


100 


110 


1/8 


0.125 


2.25 


2.62 


3.00 


3.37 


3.75 


4.12 


3/16 


0.187 


3.37 


3.94 


4.50 


5.06 


5.62 


6.19 


1/4 


0.250 


4.50 


5.25 


6.00 


6.75 


7.50 


8.25 


5/16 


0.312 


5.62 


6.56 


7.50 


8.44 


9.37 


10.31 


3/8 


0.375 


6.75 


7.87 


9.00 


10.12 


11.25 


12.37 


7/16 


0.419 


7.55 


8.80 


10.06 


11.32 


12.58 


13.84 


1/2 


0.463 


8.34 


9.73 


11.12 


12.51 


13.90 


15.30 


9/16 


0.508 


9.14 


10.66 


12.18 


13.71 


15.23 


16.75 


5/8 


0.552 


9.93 


11.59 


13.25 


14.90 


16.56 


18.21 


11/16 


0.596 


10.73 


12.52 


14.31 


16.09 


17.88 


19.67 


3/4 


0.640 


11.52 


13.44 


15.36 


17.28 


19.21 


21.13 



The procedure outlined above is illustrated 
below for eccentric shear (shear and torsion) : 

In order to expand the procedure for com- 
bined shear and torsion, consider the connection 
shown in Fig. 2.73 where the effective cross sec- 
tion and the applied force system are shown. The 
following notation is used: 



l p = polar moment of inertia 



Fig. 2.72 Typical eccentric loadings and weld groups 



f = 



f" 



A 
Tr 
L 



where r 



- stress due to direct shear 



= stress due to torsional moment 



radial distance from the centroid to 
point of stress 




(a) Shear & (b) Torsion 
Torsion 



(c) Shear & 
Bending 
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Fig. 2.70 Weld development lengths for reinforcing bars 



zm. 



«-d 




# 




BAR 

# 


A s in. 2 


GRADE 40 


GRADE 60 


P u kip 


a, in. 


/ , in. 


P„. kip 


a, in. 


/ w , in. 


4 


.20 


8.0 


3/16 


1-1/2 


12.0 


3/16 


1-1/2 


5 


.31 


12.4 


3/16 


1-1/2 


18.6 


3/16 


1-3/4 


6 


.44 


17.6 


1/4 


1-1/2 


26.4 


1/4 


1-7/8 


7 


.60 


24.0 


1/4 


1-5/8 


36.0 


1/4 


2-1/2 


8 


.79 


31.6 


1/4 


2-1/4 


47.4 


1/4 


3-1/4 


9 


1.00 


40.0 


5/16 


2-1/4 


60.0 


5/16 


3-1/4 


10 


1.27 


50.8 


3/8 


2-1/2 


76.2 


3/8 


3-1/2 


11 


1.56 


62.4 


3/8 


2-7/8 


93.6 


3/8 


4-1/4 



Electrode E70: F e/u = 40 ksi 
Reinforcing steel: F s = f , ksi 



a > d 



— v -'l 

59.4 J 



Fig. 2.71 Weld sizes for strength development of 


reinforcing bars 


Bar 

# 


A s , in. 2 


MIN. 
PLATE 
THICK- 
NESS 
in. 


GRAD 
P u > ki P 


E40 
a, in. 


GRAD 
P u , kip 


E60 
a, in. 


4 


.20 


1/4 


8.0 


3/16 


12.0 


1/4 


5 


.31 


1/4 


12.4 


3/16 


18.6 


5/16 


6 


.44 


1/4 


17.6 
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Welding of #14 and #18 bars requires special investiga- 
tion of material properties. 
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Fig. 2.73 Eccentric bracket connection 
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For computing nominal stresses the locations of 
the lines of weld are defined by edges along which 
the fillets are placed, rather than to the center of 
the effective throat. This makes little difference, 
since the throat dimension is usually small. 

For the general case shown in Fig. 2.73, the 
components of stress due to direct shear and tor- 
sion are: 



f' = 



A 



f = — 
v A 



(Eq.2-41) 



(Eq. 2-42) 



f „ = Jy_ = ( p x e v + p v e x)v ....(Eq.2-43) 



f" 



Tx 



(P x e y +P y e x )x 



(Eq. 2-44) 



= f f/ w (t e ) 2 +[12/ w (y") 2 + / 3 J 

where 

l p = l x + l v = £l xx +2A7 2 + 2:i yy +2Ax 2 

x and y refer to distances from the center of gra- 
vity of the weld group to the center of gravity of 
the individual weld segments. I xx and I refer to 
the moments of inertia of the individual segments 
with respect to their own centroidal axes. 
Thus, 



»p = 2 



12 J 



12 

t e (U 3 

12 



+ 2 [/ (t e )(y) 2 ] + 



] 



(Eq.2-45) 



For practical situations, the first term of the above 
equation is neglected because, with t e small, the 
term is not significant compared to the other terms. 

Hence, 

l p * Y M2/ W (7) 2 +/ 3 W ] (Eq.2-46) 

Then, after evaluating the torsional components 
the x and y components of the resultant stress 
are: 

f x = f' x +f x (Eq.2-47) 

' f y = f' y +fy (Eq.2-48) 

and the resultant stress f r is 

= V(f' x +f' x ) 2 + (f;+f;) 2 ....(Eq.2-49) 

The resultant stress f f is considered to be a nomi- 
nal shear stress on the effective throat area of fil- 
let welds. The safe capacity R w of a fillet weld per 
inch of weld is: 

R w = (t e ) (allowable unit stress) 

(Eq.2-50a) 

or 

R w 
— — = allowable unit stress (Eq. 2-50b) 

*e 

For safety, it is required that: 

f r < -T^ (Eq. 2-51) 

When designing welds, the effective weld dimen- 
sion t e is frequently unknown. In such cases it is 
usually convenient to compute l p assuming t e = 
1; thus one may think of having computed f r t e , 
the actual load per in. on the weld group. For de- 
sign, it is required that 

fr 

t e > -7: rr~~: ...... (Eq. 2-52) 

e allowable stress 

where f r is in ksi, or 

f r (D 
t e > ~r— (Eq.2-53) 

where f r (1) = f r t e ,witht e = 1; f r (1) is in kip per 
in. 
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By treating the welds that make up the effective 
cross section of Fig. 2.73 as line welds with t e = 1, 
the physical properties of welds become simplified. 
The most commonly occuring weld groups are list- 
ed in Fig. 2.74. 

Minimization of Cracking in Concrete Around 
Welded Connections 

When welding is performed on bars or other 
structural components that are already embedded 
in concrete, thermal expansion and transforma- 
tion of moisture in the concrete into steam may 



induce spalling or cracking in the surrounding con- 
crete. The expansion and distortion of the steel 
may also destroy bond between the embedded 
component and the concrete. This is particularly 
the case where the expansion of the heated metal 
is restrained by concrete. Inserts should be given 
adequate cover and the steel shape should be well 
anchored into the concrete to resist local distor- 
tion. It is recommended that hardware directly 
attached to or embedded in concrete should have 
a minimum thickness of 1/4 in. if welding is re- 
quired. 



Fig. 2.74 Properties of weld groups treated as lines (t e = 1) 
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The extent of cracking and distortion is depen- 
dent on the amount of heat generated during weld- 
ing. Heat may be reduced by the selection of low- 
heat rods of small size. Amount of weld metal may 
need to be controlled, as excessive continuous welds 
can be detrimental to the panel and to the connec- 
tion. Long welds should be made in stages, or de- 
signed as a series of intermittent welds, allowing the 
heat to dissipate. Use of wet rags to absorb heat 
from the area surrounding the weld may be of some 
benefit, but even a small amount of heat may cause 
cracking. It may be desirable to line the metal with 
sealing foam, clay or other materials to minimize 
the risk of the concrete cracking, especially if the 
metal is thinner than 1/4 in. 

Cracking and distortion of embedded stainless 
steels may be greater than for structural steels be- 
cause of their lower thermal conductivity and higher 
thermal expansion characteristics. 

Cracking in concrete may be quite wide during 
welding, but will usually close significantly after the 
steel cools. However, if there is concern about poten- 
tial structural damage due to the cracking, it may be 
advisable to provide supplementary deformed bar 
reinforcement in the concrete in the vicinity of the 
embedded component. 

Stud Welding 

In the stud welding process, coalescence is pro- 
duced by heating with an arc drawn between the 
stud or a similar part and the other part of the work. 
When the surfaces are properly heated, the pieces 
are joined by being brought together under pressure. 

Headed concrete anchors (studs with an upset 
head) are commonly used to embed steel plates and 
shapes in concrete panels. They are readily available 
in sizes ranging from 1 /4 in. to 7/8 in. diameter and 
varying lengths. Threaded, bent and rectangular 
studs are just a few of the other available types. Di- 
mensions of common headed studs are listed in 

Table 2.2. The recommended thickness of the plate 
to which studs are attached should not be less than 
3/4 of the diameter of the stud. 

Studs made from cold drawn bar stock conform- 
ing to the requirements of ASTM A108, Specifica- 
tion for Steel Bars, Carbon, Cold Finished, Stand- 
ard Quality, Grades 1010 through 1020 may be 
welded in accordance with AWS D1.1. These studs 
are required to have a minimum tensile strength of 
55,000 psi and a minimum elongation of 20% in 2 
in. The headed studs are usually made from stock 
with a minimum tensile strength of 60,000 psi. 

AWS D1.1 includes detailed requirements for stud 
welding, including workmanship, quality control, in- 
spection and qualification. For good workmanship, 
it is important that the studs be free of rust, rust 



pits, scale, oil or other deleterious matter. The sur- 
face of the metal to which the stud is welded should 
be free of scale, rust or other injurious material to 
the extent necessary to obtain a satisfactory weld. 
Special precautions should be taken when the studs 
or plates are at temperatures below 32F. Welding 
should not be attempted when the metal tempera- 
ture is below OF or the steel surface is wet or ex- 
posed to falling rain or snow. 

Quality control of the work is evaluated by bend- 
ing studs to an angle of 30° from their original axis 
by striking the studs with a hammer. This relatively 
simple procedure, performed at the start of work 
periods or after any change in working conditions, 
will ensure that the equipment is working properly. 

Deformed bars may also be stud welded to plates 
and shapes. These bars are manufactured to conform 
to Specification for Deformed Steel Wire for Con- 
crete Reinforcement, ASTM A496. The minimum 
tensile and yield strength of this material, based on 
nominal area, are 80,000 psi and 70,000 psi, respec- 
tively. Deformed bar anchors are available in sizes 
up to 3/4 in. diameter. 

2.5.1 1 Bearing Connections 

Bearing Pads 

The principal function of bearing pads is the con- 
trolled force transfer from cladding to support struc- 
ture and the bridging of construction, fabrication 
and erection tolerances. Physical characteristics of 
bearing pad material necessary to satisfy these func- 
tions are: 

® Permanent and stable 

® Able to equalize uneven surfaces and avoid 
point pressure 

® Accommodate movements 

The two types of materials most satisfactory are: 
(1) elastomericswith known compression, shear and 
friction strength and able to deform with move- 
ments; and (2) plastics with low friction coefficients 
and high compression and shear strength. 

Drawings must indicate clearly the type, location 
and orientation of all bearing pads. In some cases, 
due to eccentricity of the loads, the pads will not 
be centered in the bearing area. At expansion joints 
they should be located to permit free movement in 
both directions. When non-parallel load surfaces 
may produce excessive compression of one edge, 
tapered shims should be used. 

Elastomeric Pads. Elastomeric pads should be 
homogeneous, resilient and behave elastically. Neo- 
prene, a synthetic rubber has proven able to fulfill 
these requirements. It is weather resistant, adapts 
to surface irregularities, it is deformable in any 
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direction, with known compressive, shear and tor- 
sional strength, and with known friction values. It 
is an ideal bearing pad material for use in connec- 
tions where bearing pads are required. 

It must be noted that only elastomeric materials 
of a structural (non-commercial) grade conforming 
to the requirements of Section 25, Division 2 of the 
AASHTO Standard Specifications for Highway 
Bridges having a minimum durometer hardness of 
50 should be used. All materials should be new, 
with no reclaimed material incorporated in the 
finished bearing pad and containing only neoprene 
as the raw polymer for the elastomeric compound. 

Elastomeric specifications are: 
Maximum compressive stress 1,000 psi 

Maximum compressive strain, 15% 

function of shape factor and 

durometer rating 

Maximum shear strain 50% 

Shear modulus, G 125 psi 

Long term shear modulus 63 psi 

G t = G/2 

Minimum tensile strength 2,500 psi 

(ASTM D412) 

Maximum compressive set 25% 

(ASTM D395, Method B) 
The above values may be exceeded only when 
justified by a more refined analysis. 

Properties of elastomeric bearing pads are given 
in Fig. 2.75. Elastomeric pads have a relatively low 
shear modulus, G, and provide relief of horizontal 
forces through deformation. The stress distribution 
characteristics and loading conditions that elasto- 
mers must sustain are shown in Fig. 2.76. Any verti- 
cal load rotation or shear deformation produces 
shear stresses within the elastomer. Bulge-out of the 
elastomer is representative of internal shearing 
stresses. For relatively low vertical compressive 
stresses, it is possible to use only one layer of elas- 
tomer and this is generally the case for precast con- 
crete cladding. Shearing stresses in thick pads can 
be significantly reduced if the elastomer layers are 
decreased in thickness. Where large vertical pres- 
sures and horizontal deformations exist, laminated 
elastomers are preferable (Fig. 2.76c). 

The use of bonded shims to make a multi-ply 
elastomeric bearing pad will reduce the pad stiffness 
in shear without an accompanying reduction in its 
stiffness in compression, thus permitting larger lat- 
eral forces. 

Elastomeric pads may be designed based on data 
given in Fig. 2.77. Refs. 23 and 24 present a com- 
prehensive analysis of characteristics and perform- 
ance of elastomeric pads from which these design 



recommendations are extracted. 

Laminated bearing pads composed of elastomer 
material and plates use plate materials such as mild 
steel or stainless steel having thicknesses of 0.037 
in. to 0.125 in. 

Laminated Fabric Pads. Preformed fabric pads con- 
sist of multiple layers of 8 oz. cotton duck impreg- 
nated and bound with high quality natural rubber 
or equivalent materials. These pads are designed in 
a manner similar to elastomeric pads except the 
shape factor need not be considered. Fabric pads 
will not deform as readily as elastomeric pads, so 
do not provide the same stress-relieving character- 
istics. 



Properties of pads: 
Maximum compressive stress 
Maximum compressive strain 



Maximum shear strain 

Ultimate compressive strength 
perpendicular to laminations 

Shear modulus, G 
(for 1/2 in. pad, Fig. 2.78) 



2,000 psi 

9%@ 
1 ,000 psi 

14% @ 
2,000 psi 

50% 

10,000 psi 

550 psi 



Laminated Fabric-Rubber Pads. Preformed fabric- 
rubber pads consist of unused synthetic fibers and 
rubber body made from new, unvulcanized rubber 
in the proper proportion to maintain strength and 
stability. These pads are designed in a manner simi- 

Fig. 2.76 Loading conditions on elastomeric pads 
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Fig. 2.75 Properties of elastomeric bearing pads 
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Fig. 2.77 Design of elastomeric bearing pads 
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Design Recommendations 

1 . Use service loads for design 

2. Maximum compressive stress = 1000 psi 

3. Maximum shear stress = 100 psi 

4. Maximum shear strain - t/2 

5. Maximum compressive strain = 15% (see Fig. 2.75) 

6. w > 5 t or 4" 

1 . t > 1/4" for stems, 3/8" for beams 
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lar to elastomeric pads except the shape factor 
need not be considered. 

Properties of pads: 

Maximum compressive stress 1,500 psi 

Maximum compressive strain 15% 

Surface hardness, Shore A 80 ± 10% 

durometer 

Maximum shear strain 50% 

Ultimate compressive strength 10,000 psi 

The shear modulus values are shown in Fig. 2.79. 
Fig. 2.80 presents the general stress-strain curve for 
these pads. 

Frictionless Pads. Tetraflourethylene (TFE) bear- 
ing pads are generally assumed to be frictionless, al- 
though they have a coefficient of friction of 0.03 
to 0.07. Ref. 25 and Table 2.17 give pertinent data 
for the design. The bearing stress should not ex- 
ceed 1,000 psi unless the virgin TFE pad is rein- 
forced with glass fibers or equal. If the TFE bear- 
ing pad is reinforced, the service load bearing stress 
should not exceed 2,000 psi. Allowable bearing 
stress decreases with temperatures greater than 80F 
and increases with lower temperatures. Change in 
temperature between -20 and +500F does not af- 
fect frictional properties. Coefficients of friction 
for fiber-reinforced pads should be verified to in- 
sure that the reinforcing fibers will not increase the 
coefficient of friction under repeated movements. 
Fig. 2.81 shows the effect of load pressure upon 
static coefficient of friction. If rotations within the 
bearing area create stresses in excess of the allow- 
able, elastomeric pads or fabric pads should be in- 
corporated into the connection in combination 

Fig. 2.78 Shear modulus of multiple layered 8 oz cotton 



Fig. 2.79 Shear modulus of fiber and rubber body bearing 
pads 
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with the TFE pad. When combined with elasto- 
mers, the bearing stress for service loads should not 
exceed 700 psi. 

The TFE may be bonded to plates or other bear- 
ing materials. The TFE sheets can be attached to the 
back-up plate by adhesive bonding or by mechanical 
methods. If an adhesive is used, the TFE sheet must 
be etched to make it bondable. The resistance of an 
adhesive to weathering, oxidation, moisture and any 
other medium which may come in contact with the 
adhesive must be assured. Tack welding in the vi- 
cinity of a pad will not effect its behavior if the 
weld is not longer than 1/4 to 1/2 in. The compati- 
bility of the adhesive to the back-up pad is also im- 
portant, as are the required surface roughness and 

Fig. 2.80 Stress-strain curve for fabric and rubber body pads 
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Table 2.17 Typical properties of TFE resins 



PROPERTY 


UNITS 


ASTM 
METHOD 


UN- 
FILLED 

TFE 
RESIN 


GLASS 
FIBER 

15% 


GLASS 
FIBER 
25% 


GRAPH- 
ITE 
15% 


GLASS 
FIBER 20% 
GRAPHITE 

5% 


GLASS 
FIBER 

15% 
MoS 2 5% 


BRONZE 
60% 


STATIC CO-EFFICIENT 
OF FRICTION @ 500 
PSI LOAD 


— 




0.05 

to 

0.08 


0.10 

to 

0.13 


0.10 

to 

0.13 


0.08 

to 

0.10 


0.08 

to 

0.10 


0.08 

to 

0.10 


0.08 

to 

0.10 


TENSILE STRENGTH 


LB/IN. 2 


D1457-56T 


4,000 


3,500 


2,500 


3,000 


2,500 


3,000 


2,000 


ELONGATION 


% 


D1457-56T 


350 


300 


250 


250 


250 


250 


150 


STRESS AT 10% 
ELONGATION 


LB/IN. 2 


D1457-56T 


1,600 


1,200 


1,200 


1,600 


1,300 


1,300 


2,000 


FLEXURAL STRENGTH 


LB/IN. 2 


D 790-61 


— 


570 


— 


860 


_ 


_ 


1,140 


FLEXURAL MODULUS 


LB/IN. 2 


D 747-61 T 


50,000 

to 
90,000 


312,000 


— 


203,000 


— 


— 


197,000 


COMPRESSIVE 
STRESS AT 1% 
DEFORMATION 


LB/IN. 2 


D 695 


600 


1,000 


— 


1,080 


— 




1,120 


CREEP MODULUS (1) 


LB/IN. 2 

x10 3 


D 790-63 


28 


32 


30 


50 


50 


42 


90 


DEFORMATION 
UNDER LOAD 
78°, 1000 PSI, 24 HR. 
78°, 2000 PSI, 24 HR. 


% 
% 


D 621 
D 621 


15 


11 


™ 


9 


— 


— 


5 


HARDNESS, SHORE 
DUROMETER "D" 


— 




51 


54 


57 


61 


56 


57 


70 


SPECIFIC GRAVITY 


— 




2.18 


2.21 


2.24 


2.16 


2.18 


2.28 


3.74 


COEFFICIENT OF 
LINEAR THERMAL 
EXPANSION 


10" 5 IN./ 
IN./°F 


{2} MD 
CD 


6.8 


8.0 
2.9 


7.0 
4.2 


7.0 
4.4 


7.7 
2.6 


8.3 
3.5 


5.4 
4.4 



(1) Creep modulus in flexure after 100 hrs. @ 1000 psi 

(2) 78 deg to 200 deg; MD, molding direction; CD, cross 
direction 

cleanliness of the back-up pad. TFE pads should 
not be bonded directly to neoprene since the elas- 
tic deformation of neoprene may overstress the 
bond. 

Design requirements of the structure will govern 
thickness of the TFE sheet (and whetherone or two 
sheets are used) and method of attaching the TFE 
sheet to the back-up. Most TFE pads range in 
thickness from 1/32 to 3/32 in. Thicker pads have 
more capability to absorb or embed dirt or grit 
that may work between the sliding pads without 
loss in friction properties. Unless the pad is very 
thin, loss of pad thickness due to wear is not sig- 
nificant. Thin TFE pads creep less, but on properly 
designed and fabricated reinforced TFE bearing 



Fig. 2.81 Friction coefficient of TFE as function of 
compression stresses 
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pads, with TFE sheet thickness of 1/32 to 3/32 in., 
creep is insignificant. 

Size of pads should be determined by allowable 
bearing stresses of TFE and connection materials 
and by amount of expected sliding. The assembly 
is normally designed so that one pad (usually the 
top) is larger than the other pad by the anticipated 
motion. This provides constant bearing contact 
throughout the cycle of motion. Since it is difficult, 
if not impossible, to control the surface roughness 
of concrete and structural steel, the safest way to 
assure low friction is the use of a double pad with 
TFE sliding upon TFE (Fig. 2.82). 

Pads of Other Materials, For nominal bearing stress 
conditions or as shims, materials such as asbestos- 
cement, PVC, tempered hardboard, heavy felt, lead 
or plastics may be used at the discretion of the En- 
gineer. 

Shims in the traditional sense are often used as 
spacers or as means of leveling or aligning adjacent 
components. They serve an interim or temporary 
load transferring function. If removed after the in- 
stallation is completed or if the shim material itself 
is readily deformable, the practice is perfectly ac- 
ceptable. However, the indiscriminate use of shims, 
particularly steel shims, can lead to undesirable con- 
sequences. 

For example, steel shims have been employed in 
conjunction with grouted joints in multi-story bear- 
ing wall construction. Even with well-compacted 
drypack, the compressive modulus of the steel shim 
is six times that of the drypack; consequently the 
grout will deform (compress) more readily than the 
shim. The principal load transfer path will remain 
concentrated through the steel shim rather than 
distributed along the grout bed. High load concen- 
trations at shims can cause spalling at panel surfaces 
or crack panels vertically. 

In other circumstances, the unplanned use of 
shims may interfere with the component interaction 
intended by the designer. This may be in the form 
of preventing the independent behavior of connec- 
tion mechanisms and/or the transfer of load where 
none was intended. 

Fig. 2.82 Typical TFE bearing pad detail 



sliding 
surface' 




bonds 



A bonded TFE pad 
sliding against another 
bonded TFE pad 



Physical properties of a few common plastics are 
listed in Table 2.18. Variations in formulations and 
processing can radically alter physical properties of 
plastics. A plastic shim with an appropriate com- 
pressive modulus of elasticity can be sized to pro- 
vide the necessary temporary support and also as- 
sure deformation and load redistribution as succes- 
sive story loads are transferred to the joint in ques- 
tion. 

Wood shims can be used as a temporary measure 
during erection. 

The behavior of lead shims is influenced by their 
geometric proportions. Shims with dimensions of 
roughly 2 in. x 2 in. x 1/4 in. have been generally 
used with success. Properties and characteristics 
vary considerably with the composition of the me- 
tal. Design values should be provided by the manu- 
facturer supplying the material. 26 



Corbels 

Isolated or continuous corbels are often used as 
a connection detail. Erection of panels with corbels 
is fast and simple, and tolerances can be easily ac- 
commodated. Corbels protrude from the precast 
element and are designed to resist eccentric vertical 
and horizontal forces. Two basic applications with 
the corresponding force systems are shown in Fig. 
2.83. 

For economy and safety reasons a congestion of 
reinforcing steel and welds within the corbel should 
be avoided. This is possible by limiting the shear 
stresses (v u ) to a maximum of about 600 psi. The 
designer and detailer should be aware that a sharp 
90° bend of a reinforcing bar as often shown on 
drawings is in reality a curve with a minimum rad- 
ius of 6 to 8 times the bar diameter. This is critical 
for force transfer at the outer edge of the corbel. 
For heavy bending it is good practice to include 
a steel bearing plate or angle welded to the corbel 
main reinforcement. The bearing plate or bearing 
pad should be recessed sufficiently to prevent force 
transfer outside the anchored corbel bending rein- 
forcement. Long time volume change forces, de- 
flection and rotations of cladding and support 
structure should be considered. 

The design of corbels is sensitive to changes in ec- 
centricity of loads. The most unfavorable combina- 
tion of casting and erection tolerances should be 
considered to obtain the design eccentricity. 

The recommended design of corbels is based on 
the "modified" shear-friction theory, 27 using Eq. 
2-54 and Table 2.19 from which the following de- 
sign procedure is derived: 
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Table 2.18 Average properties of common plastics 



PROPERTY 


COMP. 
STR. 
PSI 


COMP. 

MOD. 

10 5 PSI 


TEN. 

STR. 

PSI 


ELONG. 

% 


TEN. 

MOD. 

10 5 PSI 


COEF. OF 
THERMAL 
EXP. 10 5 /°C 


ASTM TEST 


D695 


D695 


D1708 


D1708 


D1708 


D696 


POLYPROPYLENE 
(UNMODIFIED) 


5,500 

to 
8,000 


1.5 
to 
3.0 


4,300 

to 
5,500 


200 

to 

700 


1.6 

to 

2.25 


6 
to 
8.5 


NYLON 
(TYPE 6, 
UNMODIFIED) 


13,000 


2.5 


11,000 


200 

to 
300 




8 
to 

13 


POLY- 
ETHYLENE 
(HIGH DENSITY) 


2,700 

to 
3,600 




3,100 

to 
5,500 


20 

to 

1,000 


0.6 
to 
1.8 


11 
to 

13 


POLYCAR- 
BONATE 
(UNFILLED) 


10,300 

to 
10,800 


3.45 


8,000 

to 
9,500 


100 
to 
130 


3.0 
to 
3.5 


7 


POLY- 
STYRENE 
(HIGH IMPACT) 


4,000 

to 
9,000 




1,500 

to 
7,000 


2.0 

to 

80.0 


2.0 
to 
5.0 


3.4 
to 
21 


POLYVINYL 

CHLORIDE 

(RIGID) 


8,000 

to 
13,000 




5,000 

to 
9,000 


2.0 

to 

40.0 


3.5 
to 
6.0 


5 

to 

18.5 



For additional information, consult manufacturers and suppliers of plastics. 



Fig. 2.83 Corbel force diagrams and typical reinforcement 
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1 . Tentative dimensions for corbel based on: 



™ < 1.0 

d 



check: 
A c 



i' 



2. Check: 



V, 



< v 

bd u ' max 



(Eq. 2-54) 



where <p ~ 0.85 

Table 2.19 Modified shear friction parameters 



p = — > 0.04 f- 
bd f y 

and if: 



v u >- 1000 psi and - > 0.6 

then: 



TYPE OF 
CONCRETE 


v u max (whichever is less) 


k 


NORMAL WEIGHT 


0.2f'c 


800 psi 


0.50 


SAND-LIGHTWEIGHT 


(0.2-0.07e/d)/f 'c 


1000-350 e/d 


0.31 


ALL LIGHTWEIGHT 


(0.2-0.07e/d)/f 'c 


800-280 e/d 


0.25 



3. Determine shear transfer reinforcment at cor- 
bel panel interface: 



V, 



0.8 



kbd 



f>, 



> 



0-2 bd . (Eq. 2-55) 
f„ 



A vf 

where: 

k = material factor 
4> = 0.85 

4. Determine ultimate corbel moment: 

M u = V u e+H u (h-d) (Eq. 2-56) 

5. Design bending and tension reinforcement: 



A f + A t = A s > -A vf + A t 



A, = 



M. 



fy (d"|) 



..(Eq. 2-57) 



(Eq. 2-58) 



where: 

= 0.9 

a = depth of stress block 



At = 0f y 

with: 

K, > 0.2 V„ 



(Eq. 2-59) 



unless special provisions are 
made to eliminate horizon- 
tal forces. H u to be consid- 
ered as a live load. 



bd 



< 0.75 p b 



(Eq. 2-60) 



where: 

p b = balanced flexural reinforcement ratio 

6. Determine total horizontal reinforcement A h 



0.5 (A, - A t 



(Eq.2-61) 



A h to be located in 2/3 of effective depth ad- 
jacent to the main tension reinforcement. 

Tension and shear reinforcement designed for the 
corbel interface must be anchored in the panel. Size 
and shape of panel should be compatible with devel- 
opment lengths for bars or mechanically developed 
anchorages. Ultimately al I forces must be transferred 
from corbel to panel. Hanger reinforcement of 
corbel to panel or panel to corbel may be required. 
The hanger reinforcement should have a strength 
equal to the total vertical load being supported by 
the tension zone, V u , from the corbel or panel 28 . 

Continuous corbels subjected to point loads can 
be designed by assuming a load distribution of b = 
(4e + w) where w is the width of the load transfer 
area (Fig. 2.84). Reinforcement A s and A h should 
be provided together with U-shaped framing bars. 
A h may be concentrated at one level between 1/3 
and 1/2 the effective depth below A 



If v u < 2y f' c in a continuous corbel, the rein- 
forcement may be concentrated in one layer near 
the loaded face with area of steel the greater of: 
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> (A 



s + M 



or 



(Eq. 2-62) 



Fig. 2.84 Continuous corbel — load distribution 



> (A vf + A t ) 



2.5.12 Friction 

Relative movement between cladding support 
element and support causes friction. The ultimate 
friction force developed by static loads and move- 
ment including volume changes can be determined 
with: 

Ffu = M S V U (Eq.2-63) 

where: 

M s = static friction coefficient (Table 2.20) 

The values of ju s of Table 2.20 are for dry condi- 
tions and should be reduced by 10 to 25% for wet 
conditions. 

Controlled friction can be useful for a cladding- 
support structure interaction. It can reduce unde- 
sirable movements due to wind and volume changes. 
For gravity connections it can prevent slippage from 
support. However, the designer should recognize 
that friction also causes restraint forces that must 
be transferred from the connection to the connect- 
ed elements. In many cases the restrained forces 
from volume changes, or rotations of supports may 




be excessive and damage either cladding, connec- 
tion or support. 

Unintentional or friction forces greater than the 
design strength of the elements can be avoided by 
careful selection of type, size and thickness of bear- 
ing pad material or by providing for sufficient pos- 
sible movement with low friction pads, or pads with 
low shear modulus. 



Table 2.20 Static coefficients of friction — dry materials 



MATERIAL 


M s 


ELASTOMERIC TO STEEL OR CONCRETE 


0.7 


LAMINATED COTTON DUCK FABRIC TO CONCRETE 


0.6 


CONCRETE TO CONCRETE (SMOOTH SURFACES) 


0.6 to 0.8 


CONCRETE TO STEEL 


0.4 


STEEL TO STEEL (NOT RUSTED) 


0.25 


TFE TO TFE 


0.05* 


HARDBOARD TO CONCRETE 


0.5 



* Repeated movements may increase ju s by exposing the reinforcing 
fibers in reinforced TFE. 



2.6 LOAD BEARING PRECAST WALL 
CONNECTIONS 

Connections for load bearing wall panels are sub- 
ject to heavier loads and more varied loading and 
load transfer conditions than connections of non- 
load bearing wall panels. These connections become 
an essential part of the structural support system 
and the stability of parts or of a complete building 
depends upon them. In addition to the weight of 



the panels the connections must resist and transfer 
dead, live, wind and earthquake loads, and effects 
of volume changes. Erected load bearing walls 
may have both horizontal and/or vertical joints 
across which forces must be transferred. Fig. 2.85 
indicates for separate cases the principal exterior 
forces and the resulting joint force system. In build- 
ings, superpositions of forces and various combina- 
tions of panel and joint assemblies must be consid- 
ered. 
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Fig. 2.85 Exterior forces and joint force systems 






Vertical shear at 
vertical joint: 
o^v v - V R)GID 



Reaction at 

horizontal 

joint 

Vv = V R | GID 



V v = 



(a) Lateral loads in 
plane of walls 



(b) Lateral loads out of 
plane of walls 



(c) Differential gravity 
loads 



Since the distribution of lateral forces to the re- 
sisting bearing (shear) walls depends largely on the 
diaphragm action of the floor system, adequate con- 
nections of floors to walls are a prerequisite to load 
bearing wall connections. In addition to the transfer 
of vertical shear forces due to lateral loads, vertical 
joints may also be subject to shear forces induced by 
differential loads on adjacent panels. Joint and con- 
nection details of exterior bearing walls are especial- 
ly critical since the floor elements are usually con- 
nected at this elevation and a waterproofing detail 
must be incorporated. 

According to the force transfer mechanism of 
vertical and horizontal joints, various types of con- 
nections can be established. 

2.6.1 Types of Connections 

To assure lateral force transfer between adjacent 
walls the vertical joint between them must be able 
to transfer either direct tension and compression or 
a combination of tension and compression with ver- 
tical shear. Horizontal joints are subjected to the 
effects of lateral and vertical loads, i.e., compres- 
sion, possibly also tension and horizontal shear. In 
a direction perpendicular to a wall and joint, only 
limited moment resistance is possible and will not 
be considered here. 
Vertical Joints 

Vertical joints, formed by two or more wall pan- 
els, depend on joint details to develop force 



transfer capacities. Accordingly, they may be con- 
nected to form one structural unit or to act inde- 
pendently. 

Hinge Connection. A hinge connection is intended 
to transfer compression and tension forces. This is 
usually done at floor levels through floor dia- 
phragms and tie beams located at floor levels. The 
joint between floor levels is termed an open joint. 
Thus, connected panels resist lateral loads indepen- 
dently, i.e., according to their relative rigidity (Fig. 
2.86). Depending on location, sound and water- 
proofing details have to be considered. 

Grooved Joint Connection. Grooved joints are con- 
tinuous and usually filled with grout. The mini- 
Fig. 2.86 Wall to wall hinge connections at floor levels 
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Fig. 2.87 Grooved joint connections 
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mum groove dimension should be 1 1/2" deep and 
3" wide (Fig. 2.87). The joint strength can be eval- 
uated with the shear friction concept even if shrink- 
age, creep and temperature movements have caused 
a crack at the wall-grout interface. 

Mechanical Connections. Mechanical connections 
consist of anchorage devices cast into the wall pan- 
els and steel sections (plates, angles, bars, etc.) 
crossing the joint at locations between the upper 
and lower bound of walls. The strength is usually 
controlled by the shear capacity of the cast-in 
anchorage (Fig. 2.88); connection of steel section 
to anchorage device can be made by bolting, weld- 
ing, or by grouting. 

Tie beam connections at floor level may act in 
conjunction with the mechanical connections. How- 
ever, the relative participation in resisting applied 
forces will depend on their force-deformation char- 
acteristics. The ultimate force transfer capacity will 
be a summation of the shear strength of the tie 
Fig. 2.90 Forces in keyed joint 



beams and the mechanical connection. 

Once the connection forces have been established 
by analysis, evaluation of connection strength can 
be made according to strength of materials and 
the principles developed in other sections for an- 
chorages cast into concrete, bolts, welds and shear- 
friction. 

Keyed Joint Connection. Keyed joints can either 
be reinforced or non-reinforced (Fig. 2.89). Test 
results 34 ' 35 ' 36 ' 37 indicate a similar behavior in 
deformation but also show a definite strength ad- 
vantage for reinforced joints; in addition, rein- 
forcement is required in zones of high seismicity. 

The ultimate strength can be initiated by either: 

(a) cracking of grout concrete parallel to joint 

(b) diagonal cracks across joints 

(c) crushing of key edges or joint concrete at 
key edges 

(d) slippage along contact area 

For (a) the shear-friction concept applies and the 
joint forces and strength can be determined accord- 
ing to Eq. 2-63, Sect. 2.5.12. For (b), (c) and (d) 
the strength of the connection is usually a function 

Fig. 2.89 Keyed joint connection 
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of the compressive strength of the grout, the bond 
strength of the grout to the precast concrete and the 
profile of the keys. As shown in Fig. 2.90, the ver- 
tical shear force can be resolved into tension and 
compression components with as the apparent 
friction coefficient and a the angle of the key. 

Depending on the number of keys per floor, the 
unit forces per key resulting from the vertical shear 
force V are: 

J = Vsina 

C = Vcosa 

The joint force J is resisted by the shear-friction 

Fig. 2.88 Mechanical connections 



force R developed in the plane of J, with 

R = Ctan 

Assuming a conservative value of tan = 0.60, a 
sliding along J will not occur if: 

R > J 

which is the case for a < 35° 

For a > 35° , R < J and a tension force T de- 
velops which must be absorbed by horizontal rein- 
forcing of the joint. According to Fig. 2.90: 

A J _ J - R _ V(sina - cosa tan 0) 

cosa 



AT = 



S^vJ 



(a) angle -bolt 



'v ^'^'^l 



(b) plate -bolt 




(c) thru -bolt 
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(d) direct welding 




*»! 




(e) welding w/ make-up pieces 



cosa cosa 
= V(tana- tan 0) 



(Eq. 2-54) 
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The sum of the unit tension forces can be ab- 
sorbed at each floor level by horizontal ties or by 
uniformly distributed horizontal reinforcing pro- 
truding from the wall. 

Horizontal Joints 

Horizontal joints in load bearing wall construc- 
tion occur at floor levels and at the transition to 
foundation or transfer beams. Depending on func- 
tion of walls, these joints connect floors and walls 
or wall units only. Since testing of joints and inter- 
pretations of results is still in progress, certain as- 
sumptions and simplifications must be made at this 
time in analysis and design. The principal forces to 
be transferred are vertical and horizontal loads 
from panels above and from the diaphragm action 
of floor slabs. The resulting stresses are: (a) stresses 
normal to joint — compression or tension; (b) 
stresses horizontal to joint — horizontal shear; (c) 
stresses vertical to joint at face — vertical shear; (d) 
stresses perpendicular to joint — compression or 
tension from floor to diaphragm (Fig. 2.91). 

Considering the limited frame action that can be 
developed perpendicular to a wall, moment stresses 
in the joint are normally only of minor impor- 
tance. 

A classification of joints into wet or dry, hard or 
soft, or according to the support condition of floor 

Fig. 2.91 Exploded view of an interior floor-to-wall 

connection and the various connection forces 




slabs on the walls as simply supported, continuous 
or fixed does not adequately describe the basic de- 
sign characteristics. However, a distinction can be 
made according to the force transfer mechanism. 
Typically, we have (a) linear and (b) isolated con- 
nections. 

Linear Connections. Typical configurations of 
linear connections are shown in Fig. 2.92. Strength 
controlling factors for the vertical force transfer 
are: (a) strength of joint concrete; (b) confinement 
of joint concrete (tri-axial); (c) ratio of load width 
to panel thickness; (d) ratio of load width to joint 
thickness; (e) splitting strength of panel ends; and 
(f) tensile strength of mechanical connection de- 
tail. 

The horizontal force transfer capacity is based 
on: (a) shear friction resistance of weakest link 
considering the possibility of joint opening; (b) 
horizontal shear strength of mechanical connec- 
tion; and (c) friction. 

Depending on type of floor units and their sup- 
port details, three groups of joints can be distin- 
guished: (1) thin grout joints; (2) open joints; and 
(3) closed joints (Fig. 2.93). A variety of vertical 
ties and mechanical connection details can be used 
within these three basic joints. 42 

Thin grout joints are mainly used for shear walls 
and for bearing wall-ribbed floor unit systems (Figs. 
2.92c, 2.93a and 2.96). The strength of the joint 
f' cj is a function of grout strength f ; ratio of 
joint height d to width t g ; the strength of the wall 
panels f' cwaM ; and the mechanical anchorages. 
Friction and bond affect the lateral restraint of the 
grout and result in an increase in strength with de- 
creasing joint thickness. 40 ' 41 

Fig. 2.94 indicates the strength of grout joints — 
f' cj for various rations of d/t g and f' cg . 40 ' 41 ' 42 It 
can be seen that for joints with d/t g < 1/7 the 
strength of the grout (or drypack) has a small in- 
fluence on the joint strength, the controlling criteria 
becomes the wall strength. When d/t g > 0.5, the 
grout or joint concrete strength controls. The fail- 
ure strength of a grout joint with d/t g < 1/7 ex- 
ceeds the cube strength of the grout. The joint com- 
pression strength P ujc can be determined with: 



U|C 



< 0f' i / 1„ + p 



cj 



u,conn 



< p. 



u,wall 



(Eq. 2-55) 

where: 

f' cj = from Fig. 2.94 

= 0.70 

/ = length of joint considered 

To determine acceptable working loads, P ujc 
should be divided by the applicable load factors. 
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Fig. 2.92 Typical joint configurations 
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Fig. 2.93 Types of joints 
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(c) Closed 



Tension strength can only be developed with the 
mechanical connector. 



P < P 

ujt ^ ut,conn 

where: 



(Eq. 2-56) 



ujt 



tension strength of joint 
tension strength of connector 



It should be noted that any tension force in the 
joint has to be transferred into the wall panels by 
appropriate connection and tie details. 

Horizontal shear forces from the floor diaphragm 
action or direct lateral loads are resisted by (or 
combinations of) the shear strength of the grout, 
friction, or shear-friction. Since shrinkage or struc- 
tural movements may create a crack at the wall- 



2-80 



Fig. 2.94 Strength of joints 
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grout interface, the lesser of the friction, shear re- 
sistance or shear friction resistance should be used 
in design (Fig. 2.95). 

The horizontal shear strength can be determined 
by: 



eg 



= 1 .0 for roughened surfaces 
= 0.60 for smooth surfaces 
= 0.85 
= grout shear strength 

< °' 2 f c 9 

< 800 psi 

To develop horizontal force through friction, a 
normal force must be present. This normal force 
can result from imposed loads (without load fac- 
tors), from reinforcing steel crossing an assumed 
crack, or from post-tensioning forces. When the 
equivalent of a normal force is provided by rein- 
forcing steel, the area of steel can be calculated by 
shear friction: 



A vf - 



V, 



uh 



<M V M 



(Eq. 2-59) 



where: 

f y = yield strength of steel but < 60,000 psi 

<j> = 0.85 



v uh < p u M (friction) 



^ <£ v cg t g / (shear) 
where: 
P u = ultimate vertical load 

Fig. 2.95 Force system in joint and wall 



(Eq. 2-57) 
(Eq. 2-58) 




This shear-friction reinforcement should be uni- 
formly distributed along the assumed length of 
crack and adequately anchored into the panels. For 
stability considerations, a joint opening greater than 
1/3 of joint length should be avoided and the length 
of the open joint should not be included in calcu- 
lating the horizontal shear resistance unless strain 
computations indicate the crack width to be less 
than 1/64 in. Additional shear resistance provided 
by reinforcing or post-tensioning bars or other con- 
nection devices can be determined from the respec- 
tive applicable strength conditions — compression 
and shear, tension and shear or bearing. 

Fig. 2.96 indicates how ribbed floor slabs can be 
supported by and connected to exterior and interior 
bearing walls using thin grout joints for the wall 
connections. 

Open joints are used for exterior and interior 
floor to wall connections with solid or hollow core 
floor slabs. These slabs are either intermittently sup- 
ported by nibs extending from the slabs or contin- 
uously supported but with less than 1" of support 
penetration and a ratio of d/b > 1/7 (Fig. 2.92a 
and b and Fig. 2.93c). 

The strength of these joints depends largely on 
the strength of the joint grout or concrete, the con- 
nection reinforcement and the d/t ratio. Possible 
failure mechanisms are tensile splitting or crushing 
failures (Fig. 2.97a and b). While crushing failure is 
theoretically possible, in practice it would produce 
a wall splitting failure first. Tensile splitting, there- 
fore, controls the compression strength of the joint. 
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Fig. 2.96 Thin grout joints for ribbed slabs 
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Fig. 2.97 Failure modes of an interior wall-to-floor 
connection 
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Fig. 2.94 relates the joint compression strength 
to the d/t g ratio and the grout cube strength. For 
the common case where d/t g is approximately 1 , the 
compression strength of an open joint can be ex- 
pressed by: 



P ujc < <f> f' cj / t g + P UC/Conn < P u;waM . . (Eq. 2-60) 

where: 

(j) = 0.70 f' cj = see Fig. 2.94 

The horizontal shear strength can be determined 
by Eqs. 2-57 and 2-58 and provisions to assure the 
functioning of the shear-friction mechanism incor- 
porated. The tensile strength of the joint depends 
on the connector and the force transfer details into 
the walls. 

Closed joints similar to a configuration shown in 
Figs. 2.92d and e and 2.93c are most frequently 
used in North America. Within the connection there 
can be as many as six different components: wall 
panels, floor planks, bearing pads, grout, drypack 
and connection reinforcement. Additionally, the 
wall panels have a clamping effect upon the floor 
planks with resulting flexural stresses. 

A particular type of the closed joint shown in 
Fig. 2.98 is the use of hollowcore planks supported 
on bearing pads. The ratio of grout joint height to 
width ranges generally between 2.0 to 4.0 (Fig. 
2.98). Vertical loads are distributed to the various 
components of the joint in accordance with the 
stress deformation and strength characteristics of 
the components; the sum of the strength of the 
components is compared to the strength of the wall. 
A confinement factor based on a relation of effec- 
tive wall width to width of loaded grout joint is in- 
troduced to reflect the tri-axial state of stress in 
the joint material. Floor planks generally rest on 
bearing pads and stresses can be calculated on the 
basis of stress-deformation characteristics of the 
Fig. 2.98 Typical joint detail 
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Fig. 2.99 Strength-deformation characteristic for grout and common bearing pads 
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bearing pad and joint concrete. See Fig. 2.99 to 
determine factor a. 
where: 



a = 



fu(n + 1 



l-R 



ug. 



ug 



/ tg Ag \ 
\ 2t P A p/ 



(Eq. 2-61) 



Average values for a, derived from stress-strain 
relations shown in Fig. 2.99, are given in Table 
2.21 With a and the ratio of pad widths to width 
of grout joint, the grout joint force can be deter- 



mined by: 



ug 



1 +a 



-~±- (Eq. 2-62) 



IN. (x I0" 3 ) 

The grout joint capacity for compression forces 
is determined similarly to Eq. 2-60, but with a con- 
finement factor added: 



P uj,cap ~ f cj l ^ 



+ P > P 

+ uc,conn ^ ' • 

9 



ug (Eq. 2-63) 



where: 

t = effective wall width (load area) symmetrical- 
ly located with respect to the grout joint 
t g = width of grout joint 



< 2 



Table 2.21 Average values a for some common bearing pad 
materials 



Type 


f' c (Grout) 


3000 psi 


4000 psi 


5000 psi 


Korolath White 


0.0624 


0.0541 


0.0484 


Korolath Grey 


0.0544 


0.0472 


0.0422 


Neoprene 50 
Neoprene 70 


0.0042 
0.0063 


0.0036 
0.0055 


0.0033 
0.0049 


Fabreeka 


0.0029 


0.0025 


0.0023 



Note: Neoprene - values based on shape factor of 7, 
for f p < 500 psi. 
Fabreeka - values based on f p < 500 psi. 



The stress in the bearfng pad, assuming the loads 
and stress distribution as shown in Fig. 2.100, is 

p 

f ^ M — < f ...... (Eq. 2-64) 

r c, P ad i2(2/3t n ) ^ T p M ' 



Fig. 2.100 Stress distribution in bearing pad 
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where f p denotes a maximum recommended stress 
value, see Sect. 2.5.11. 

The stress in the drypack grout under the wall 
above, assuming the loads and stress distribution as 
shown in Fig. 2.101 is: 



Fig. 2.102 Angle-plate connection 



f_ (drypack) 



r u(n + 1) 



12(0.85) 0t d 



r u(n + 1) 

7.14(t d ) 



(Eq. 2-65) 



To resist lateral forces from wind, earthquake or 
abnormal loading conditions, emphasis must be 
placed on the shear transfer mechanism of the ver- 
tical connections. 

In general, there are three types of connections 
to develop shear resistance: (1) reinforced concrete, 
(2) plain concrete with vertical ties at distinct loca- 
tions and (3) bolted or welded connections (isolated 
connections). Connections (1) and (2) develop 
similar shear transfer mechanisms and resistance 
depending on concrete strength, surface conditions 
(smooth, rough or castellated), type and details of 
connections (steel strength, location within joint), 
and magnitude and type of vertical forces across 
the joint (gravity loads, post-tensioning). The force 
transfer is continuous and of low intensity. 

Equations 2-57, 2-58 and 2-59 may be used to 
determine the horizontal shear strength of the joint. 
Tests and analytical investigations 38 ' 39 have shown 
that some sliding movement will occur within the 
horizontal joint. For seismic design, the horizontal 
joint with its vertical connections can provide an 
energy dissipating element within the structure. 

It is possible to design a building without any 
tensile stresses in bearing walls. However, require- 
ments of ductility and structural integrity make it 
necessary to introduce tensile strength into joints 
of shear walls. 43 This can be provided by the verti- 
cal tie in form of welded reinforcing, overlapping 
loops, grouted dowels, angle bolt connections or 
with continuous vertical post-tensioning. 

The plate-bolt connections as shown in Fig. 
2.102 or similar alternates (Fig. 2.92b) can provide 
the vertical continuity but to avoid a brittle failure, 

Fig. 2.101 Stress distribution in drypack grout 
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the failure mechanism must develop within the 
panel or by deformation of the connection details. 
Bonded or unbonded post-tensioning steel is 
another common method of achieving vertical con- 
tinuity (Fig. 2.103). The area of post-tensioning 
steel and post-tensioning forces is determined by 
the intensity of horizontal loads and the require- 
ments for vertical ties. 43 By leaving the steel un- 
bonded, large strains can develop throughout the 
structure and the vertical tie can be designed to re- 
main within the elastic or post elastic range during 
an earthquake. 

Design for angle-bolt connection is governed by 
the strength of plates, angles, bolts or welds in ac- 
cordance with Sect. 2.5.1. The design of the post- 
tensioning connection is governed by the tension in 
bar and the coupler. 

Isolated Connections. Isolated connections are 
welded or bolted. Typical examples are shown in 
Fig. 2,104, Force transfer is governed by the prin- 
ciples developed in Sect. 2.5.1. Since all forces 
are concentrated at a few points, special care 
must be taken to redistribute these forces into the 
panels above and below. Excessive tolerance re- 
quirements may need enlarged bolt holes, result in 
a loose fit and allow large movements of the struc- 
ture. If welds are used, high localized temperatures 
may loosen and crack the concrete surrounding the 
steel. Intensive quality control measures must be 

Fig. 2.103 Post-tensioned connection 
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Fig. 2.104 Isolated connections 
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used. Design of connection details, especially for 
welds, must assure ductility and a strength that is 
greater than the vertical tie fastened to it. 

2.6.2 Wall and Floor Connections 

Details of the various possible floor to wall con- 
nections are shown in this section. According to 
the detail selected, rotation and load eccentricities 
can be introduced, especially where the floors span 
from an exterior wall to an interior support. Most 
joints clamp the wall panel and cause restraint 
which may cause cracking of the floor planks close 
to the support if no or only little negative moment 
capacity is present. Fig. 2.105 indicates two possi- 
ble conditions which should be avoided since they 
may weaken either the joint or the performance of 
the planks. Properly grouted joints and cross ties 
or top reinforcing can avoid or minimize this con- 
dition. Nominal cross ties equal to: 43 



T 



1,u 



> 



2,u 



1500 (lb/ft) x span of floor slabs (ft), 
(cross tie) 

16,0001b, peripheral tie 

2 1/2% of service load on wall 

1 500 (lb/ft) x distance between ties (ft), 
(longitudinal tie) 

3000 (lb/ft) x distance between ties (ft), 
(vertical tie) 

are required for considerations of structural integ- 

Fig. 2.105 Conditions at interior wall-to-floor connection 
subject to slab moment or rotation 



3,u 



'4,u 







(a) Slab rotates due to insufficient clamping action at joint 

(b) Slab cracks due to insufficient flexural capacity 



rity if the design does not require cross ties or con- 
tinuity reinforcing of greater strength (Figs. 2.106 
and 2.107). 

Wall to Foundation Connections 

To connect walls to foundations or to transfer 
girders, linear or isolated connections can be made 
(Fig. 2.108). It is essential that (1) a method of 
leveling and aligning the wall panels be provided, 
and (2) an attachment and force transfer mechan- 
ism to the support structure is detailed which is 
capable of transferring all vertical and lateral (base 
shear) forces. 

Fig. 2.106 Recommended tie forces in precast concrete 
wall buildings 




Fig. 2.107 Typical tie arrangement 
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Fig. 2.108 Wall to foundation connections 
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FC-2 



FC-3 



Detail FC-1 shows a wall panel attached to the 
foundation by isolated angle sections welded to an- 
chor plates in the wall panels and bolts cast into the 
foundations. Leveling and aligning is done with 
shim pads. The space between foundation and wall 
panel is drypacked with non-shrink grout in order 
to transfer the design loads. 

Detail FC-2 indicates a similar method in which 
post -tensioning anchors are cast into the foundation 
and the wall panels lowered over the anchors. Con- 
duits are cast into the wall panels to accommodate 
a post-tensioning rod for the connection. Leveling 
and alignment as in FC-1. Force transfer is realized 
by a shear-friction mechanism controllable by the 
surface roughness of the intersecting elements, the 
shear strength of the post-tensioning rod and the 
compression forces applied onto the wall and foun- 
dation. 

Detail FC-3 shows a typical grouted dowel con- 
nection that can be used for panels of ribbed or un- 
iform cross section. One or two conduits or a block- 
out are placed in the foundation which is to receive 
a dowel from the panel above. Leveling and plumb- 
ing can be done by leveling bolts or with shim pads. 
Drypacking is used to complete the connection. 
Special attention should be given to filling the dow- 
el holes or blockouts with non-shrink grout imme- 
diately before placement of panel. Any adjustment 
of panels in place should be made before the initial 
set of the grout. Pullout and shear strength of this 
connection can be increased by wrapping stirrups 
around the conduits. 



In addition to previously shown typical wall to 
floor connections several other methods are possi- 
ble. 

Fig. 2.109 illustrates the connection of floor dia- 
phragms to bearing walls (transfer of lateral loads 
only). Most design conditions require some degree 
of continuity for these connections. However, a 
fully fixed connection is generally not desirable, es- 
pecially if the floor members are long and flex- 
ible and if expansion joints are placed far apart. Par- 
tial continuity can be realized by a judicious use of 
bearing pads in combination with clamping forces, 
reinforcing steel crossing interior bearing walls in 
the topping or being grouted into the shear keys of 
hollow-core slabs, or by welding to anchor plates 
placed in floor members. For end bays, reinforcing 
steel can be doweled, threaded or welded to the 
walls. 

Connections to shear walls should be able to 
transmit lateral loads and should allow some vertical 
movements to accommodate possible rotations and 
camber and deflection movements of the floor 
units (Fig. 2.110). 

Rigid moment connections to bearing and shear 
walls should be analyzed and detailed to ensure 
adequate transfer of moment, diaphragm and possi- 
ble volume restrained forces. 

Detail FBW-1 shows a hollow-core slab supported 
on a wall corbel. Cast-in inserts receive coil rods 
grouted into the shear keys. Slight rotations are pos- 
sible due to the bearing pads. 

Detail FBW-2 shows an alternate solution where 
the dowels are placed into the topping either pro- 
truding from the wall or threaded into inserts in the 
wall. 

Detail FBW-3 indicates a ribbed floor unit on a 
corbel with bearing pads. Continuity with the wall 
is provided by an angle weld or bolt connection. 
Variations similarto FBW-2with or without topping 
are possible. 

Detail FBW-4 shows a fixed (moment) connec- 
tion obtained by welding angles or plates to an- 
chor plates in the wall and floor units. Arrangement 
of weld plates must allow for easy welding access 
and should avoid overhead welding if possible. Since 
the connection is rigid, rotation of the wall ele- 
ments and the effects on bracing wall connections 
and effects of volume changes must be considered. 

Detail FBW-5 shows a moment connection ob- 
tained by post-tensioning. This connection is 
used mainly for ribbed floor and wall units with 
appreciable depth in order to economically create 
a moment couple. The joint between wall and floor 
unit is usually 1 in. or less, drypacked or epoxy 
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Fig. 2.109 Floor to bearing wall connections 
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Fig. 2.110 Floor to shear wall connection 
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grouted, and must be under compression or limited 
tension for all loading conditions. Temporary sup- 
port for floor units is required until the final con- 
nection is made. 

Detail FSW-1 shows a floor to shear wall bolt 
connection. A slotted angle can transfer loads while 
allowing vertical movements of the floor systems. 

Detail FSW-2 is similar in principle to FSW-1 but 
vertical movement is made possible by a bolt sliding 
in a slotted insert in the wall. 



Detail FSW-3 shows a rigid weld connection of 
floor unit to shear wall. Since this detail does not 
allow relative vertical movements of floor to wall, it 
should only be used close to the support where no 
vertical movement will occur, or if the floor unit 
and the connection are of sufficient strength to re- 
sist possible volume change and live load deforma- 
tions and/or restraint forces. 

Cast-in-Place Floor to Wall and Wall to Wall 
Connections 

A combination of precast bearing walls and pre- 
cast floor units with cast-in-place connections is 
sometimes the most convenient method to provide 
increased lateral resistance in buildings (Fig. 2.1 1 1). 
(See Chapter 7 for a further discussion on these 
connections.) 

Detail CIP-1 shows a wall to wall connection 
where reinforcing protrudes from the panel and is 
cast into a joint section formed by the edges of the 
wall panel. The joint must be reinforced to transfer 
horizontal and vertical shear forces without undue 
deformations. 

Detail CIP-2 demonstrates a floor to wall connec- 
tion similar to the wall to wall connection. Rein- 
forcing from floor and wall units is anchored into 
a cast-in-place spandrel beam. From a practical as- 
pect, wall and floor panels should be shaped to cre- 
ate self-forming elements for the cast-in-place con- 
crete and require a minimum of temporary support 
and bracing. 



Fig. 2.111 Cast-in-place connections 



-Precast 



VERT. SECTION 



CIP -1 




!:'■> HORIZ. SECTION 



CIP-2 



2-88 



2.7 TYPICAL CONNECTION DETAILS FOR NON-LOAD BEARING PANELS 

A number of typical connection arrangements is shown in this section. There are obviously many 
possible combinations of anchors, plates, seats and bolts to form various connection assemblies. The 
details and final assemblies selected should be an optimum compromise considering production, erec- 
tion, service and ultimate design criteria, common industry practice and standards, and economy. 

Connection assemblies for cladding panels are typically either seat or tie back connections. Also 
hanger and alignment (panel to panel) connections are sometimes used. Seat connections transfer loads 
to the support system either directly (via panel edge, corbel, or cast-in structural sections) or indirectly 
(with clip angles, plates, or other sections). Tie back connections resist forces mainly normal to the 
panel and are flexible or movable in the other directions. Seat and tie back connections are often 
combined with leveling or plumbing devices. 

According to the details of the assembly, ninedifferenttypesof connectionsare described as follows: 



2.7.1 Direct Seat Connections 

DS-1 through DS-3 show typical arrangements 
for direct seat connections (Fig. 2.1 12). A minimum 
number of force transfers is necessary for vertical 
loads. Loads in X and Y directions aretransferrable 
by friction, welding or bolting. Provisions for move- 
ments in X, Y, and Z directions can easily be made. 
A major advantage is the acceptability of large 
manufacturing and erection tolerances. 

DS-1 shows a leveling shim pack used as tempo- 
rary support and to establish the elevation. Dry- 
pack is used for final force transfer. A vertical plate 
with horizontally slotted hole accepts tolerances in 
elevation or vertical movements of support and is 
restrained in X and Y directions. 

DS-2 provides two threaded inserts per panel with 
a leveling bolt and nut resting or an anchor plate 
cast into the support. Space between support and 
structure can be filled with grout, drypack, insula- 
tion or any other filler material. Restraint is pro- 
vided in X and Y by welding of nut to anchor plate. 

DS-3 is similar to DS-1 except that the shim pads 
remain as permanent load transfer element. The 
angle is the tie back element and can provide re- 
straint or allow movement depending on direction 
of slots and use of welds. If movement in Y direc- 
tion is required, low friction shim pads should be 
used. 

Fig. 2.112 Direct seat connections 



2.7.2 Corbel Seat Connections 

CS-1 and CS-2 show typical applications for steel 
and concrete support structures (Fig. 2.1 13). Corbel 
seat connections have all of the advantages of direct 
seat connections and can additionally cover the 
support. Corbels can be continuous, however, they 
are commonly provided only at two points per 
panel and transfer vertical loads. 

CS-1 and CS-2 show connections for which the 
comments of the corresponding features of DS-1 
and DS-3 apply. 

2.7.3 Cast- In Seat Connections 

Cast-in seat connections are comparable to direct 
seat and corbel seat connections (Fig. 2.114). As 
major additional advantages can be considered the 
large force transfer and moment capacities that can 
be developed in a confined connection area and 
that the seat element can simultaneously be used 
as tie back. 

CIS-1 shows a structural steel section cast into 
the panel with reinforcing bars welded to it to ob- 
tain maximum capacity. The seat rests on an elasto- 
meric bearing pad. A pin welded to the anchor plate 
and penetrating through the bottom flange of the 
seat allows rotation but can restrain or allow move- 
ments according to shape of hole. 
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Fig. 2.113 Corbel seat connections 
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Fig. 2.114 Cast-in seat connections 
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CIS-2 indicates an angle with stiffener plates 
welded to the panel reinforcing and cast-in. Trans- 
fer of bearing forces and leveling of panel is done 
with a leveling bolt welded to anchor plate. Force 
transfer capacity is limited with some restraint 
provided in X, Y, and Z directions. 

CIS-3 shows a structural tee section with studs 
cast into the panel. The flange of the tee is stiffened 
by gussets and supported on a steel member welded 
across a column. Shim plates can be used for adjust- 
ment. Stop plates are welded to control move- 
ments or provide restraint. Large tolerances can be 
accommodated and amount of possible movement 
can be predetermined. 



2.7.4 Angle Seat Connections 

Angle seat connections are most versatile and 
adaptable to most of the support and framing de- 
tails of concrete or steel structures (Fig. 2.115). A 
disadvantage when compared to direct seat or cor- 
bel connection is the increase of load transfer points 
and the necessity of casting into the panels anchor 
bolts, studs, inserts, etc., or the drilling in of expan- 
sion inserts. Also, angle seats are often placed ec- 
centrically onto the support system and may cause 
torsional stresses in support beams. A point to be 
considered is the twisting effect of loads in the Y 
direction on the seat angle. 
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Fig. 2.115 Angle seat connections 
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AS-1a and AS-1b show connections to steel and 
concrete structures. Steel shim plates are used for 
control of elevations and after final adjustment are 
welded to structure and angle. A fixed connection 
to structure results. If movement in the Y direction 
is desirable, a longitudinally slotted hole with low 
friction washers between angle and panel is required. 

AS-2 is a variation of AS-1b. After the panel is 
seated and plumbed, an expansion insert is drilled 
into the concrete slab. Tight fitting or slotted holes 
for restraint or possible movement can be pro- 
vided. 

AS-3 shows steel to steel bearing with a shim 
plate placed directly over the web of steel section. 
An erection bolt is used for plumbing and tempo- 
rary stabilization. Shims between angle and panel 
provide contact since the panel section changes 
within the connection area. 

2.7.5 Plate-Seat Connections 

PS-1 shows a plate seat for a panel (Fig. 2.116). 
The plate is fastened by bolts to a support structure. 
The panel rests freely on the seat — movement in Z 
and Y directions is possible without restraint. Sup- 
port structure is subjected to torsion. This connec- 
tion provides limited possibilities for adjustment. 

2.7.6 Tie Back Connections 

There are numerous arrangements possible for tie 



back connections (Fig. 2. 117). The common charac- 
teristic is flexibility or movements possible in Y and 
Z directions, while being able to transfer forces in 
the X direction. Occasionally, it is also desirable to 
accommodate slight movement in the X direction 
which can be realized by bending angle shaped tie 
back connectors. 

TB-1: a bent metal plate with vertically slotted 
hole allows movement in two directions. A move- 
ment in Y direction is achieved by pivoting about 
the stud bolt fastened to the structure. Plumbing of 
panel is achieved with shims and horizontally slotted 
hole in the plate. 

TB-2: a slotted plate is hooked around a bar an- 
chor cast into the panel and welded to the struc- 
ture. Free movement in Z and Y directions is pos- 
sible. Restraint in the Y direction could be obtained 

Fig. 2.116 Plate seat connection 
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Fig. 2.117 Tie back connections 




TB-1 



Low friction 
washer 




Slotted angle 

strap (A) 







TB-4 









;■;• . ■■ ;; 


■■■$ . 




■ y v ^;' ; - 


: !*''■ 




: :'v-\'v.* 


■' ;'^\\ 




].;*-. '.- L-J-'t^r^. 


•*-H 


b 








^-Reir 


u /- 




•* — ( 


• 



TB-2 





Slotted tie back plate cb) 



Reinforcing bar 



-■■■tt: 










TB-7 



■:■*[:[ 






TB-9 



if plate is welded to bar anchor in panel. 

TB-3: angles welded to anchor plates in a column 
are bolted to the cladding panels. For movement in 
Y direction slotted holes are made in angle and 
backed up with low friction washers. 

TB-4: a bolt with double nut arrangement for 
plumbing is shown with an angle welded to the 
structure. The head of the bolt can freely slide in 
two directions in a slotted insert. Movement in Y 
direction is possible by bending of bolt. This assem- 
bly can accommodate large tolerances. 

TB-5: Fig. 2.113 is a variation of TB-4 with 
plumbing adjustments feasible by using various 
thicknesses of shim plates. The angle welded to the 
structure has a horizontal slot for movement in Y 
direction. If restraint in Y direction is desired, a 
closely fitted hole can be made. 

TB-6: Fig. 2.1 13 shows an angle tie back connec- 
tion free to move in the Z direction. After plumb- 
ing of panel, the angle is welded to structure. Y and 
Z movements can be achieved with oversized bolt 
hole. 

TB-7: an adjustable tie back bolt connection fas- 
tened to a structural tee with gusset plates which is 
connected to the support structure. Flexibility of 
bolt allows movement in Z and Y directions. Forces 
or movements in X direction will cause torsion in 
support structure. 

TB-8: Fig. 2.115 shows a tie back connection 
with free movement in Z direction, if a longitudinal 
slot is provided in angle, movement in Y direction is 
also possible. If field welding of stud is not specified 
very tight tolerances are required. 



TB-9: a slotted insert in horizontal direction with 
plumbing bolt assembly and an angle bolted to sup- 
port structure allows free movement in Y direction, 
limited flexibility in X direction, and movement in 
Z direction only if a vertical slot is provided in angle. 

2.7.7 Hanger Connections 

Any of the tie back connections previously dis- 
cussed could be modified to become hanger con- 
nection (Fig. 2.118). However, if flexible long han- 
ger elements are used, a lateral brace in form of a 
tie back or cross brace to the support structure is 
necessary. 

H-1: a typical soffit hanger connection is shown 

Fig. 2.118 Hanger connections 
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Fig. 2.119 Alignment connections for panels 
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with hanger rods in direct tension. Force transfer 
into panel is with flat bar anchors cast into the 
panel, and to support structure with a welded angle 
connection. Lateral stability is assured with a tie 
back bolt in a longitudinal slotted insert. 

2.7.8 Alignment Connections 

In-plane alignment of panels is often necessary 
(Fig. 2.119), especially if they are very slender and 
flexible, or if prestressing or storage has caused dif- 
ferential camber. These connections are either by 
mechanical interlock, bolting or welding. 

A-1: panels with anchor plates cast in have a 
slightly bent metal plate welded to it. At time of 
erection, a similar opposing arrangement cast into 
the adjacent panel locks and aligns the adjacent 
panel edges. 

A-2: various embedded plates or shapes or rein- 
forcing bars are welded together at distances deter- 
mined by internal or external forces. This type of 



welded connection is most efficient if vertical shear 
forces due to earthquakes or wind loads have to be 
transferred at the panel edges. 



2.7.9 Masonry Tie Back Connections 

Concrete cladding panels covering masonry walls 
commonly use direct tie connections with an 
adjustable anchorage element cast into the panel 
and a bolt or strap anchor grouted into the masonry 
(Fig. 2.120). 

MT-1: a bent metal strap anchor similar to detail 
H-1 is cast into the panel. A threaded bolt anchor 
allows plumbing of the panel. 

MT-2: a slotted insert is cast into the panel and a 
bent anchor bolt grouted in the void of a concrete 
block. 

MT-3: identical to MT-2 but anchor bolt grouted 
into joint of brick masonry. 



Fig. 2.120 Masonry tie back connections 




-Strap 
anchor 



MT-1 




-Slotted 

Insert 



-Fill cell 
w/grout 




MT-3 
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2.8 DESIGN EXAMPLES 
2.8.1 Design Example: Tie Back Connection 

DESIGN CONDITIONS 

anchor plate with stud 

force, P= 14. k ; LF = 1.51 

engineering judgement factor, E = 4/3 
see Sect. 2.3.7 

E(LF) = 4/3x 1.51 = 2.0 
DESIGN CRITERIA 



Elements 


Type 


E(LF) 


Studs 


F y = 54 Ksi 


2.0 


Bolts 


A 307 


2.0 


Concrete 


N.W.C., f' c = 4 ksi 
w = 1 50 pcf . 





CONNECTION FORCES 

H U =P(ELF) = 14.0(2.0) = 28 k (Direct Tension) 



K, 




Case 1a 

Find size (0) and length (/) of stud 



7" 

use - $ 

from Table 2.2 P us = 32.45 k > 28 k 



3" 



<fts F y .9 (5400) 1182 



c \/f7 .65V4000 

from Fig. 2.28 

l e 
X = — = 7.55 



l e ~ 1(7.55) = 6.6" 



usel a = 7.00" 



Case 1b 



o 



rB^ 



-T welded 
to plate 



Find size (d b ) & number (N) of studs if 



L 



= 3" 



from Fig. 2.28 X = 7.55; l e = 3.00- . 375 = 2.625 

(estim.) 

for N = 2 (estim.) — reduction factor 



from Fig. 2.32 q = .94 



d b = ± 



2.625 



Xq 7.55 x .94 



.37" say 0.5" 



Try: 2 1 / 2 "0; / a = 3" 

from Table 2.2 P us = 2(10.6)= 21.2 < 28 k 

5" 

8 



Use: 2-^; P us = 2(16.56) 



33.1 k >28 k 

min. spacing: C = 2/ e + d n 

= 2 (2.625) + 1.25 = 6.5" 
use 7" 
Weld T to anchor plate: 

flange thickness _ 3" 

8 

length = 8"; electrode E70XX 

weld length = 2(8) = 16" 

140 
req. weld resist.: yx-^r = .87 k /" 

1" 
from Table 2.13 use x fillet weld 
o 

Case 1c: Design for Edge Condition 
U-,6.6- 



iili. 



P " T? 



^b" y 8 
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from Case 1a: d b = o 



7" 
8 

I = 6.6" 



from Fig. 2.33 d e min = 4" 
Case 1d: Design for a Given Edge Distance 



:.-f 



T-, 



Loop hanger 



/; 






2#3-3-0 



0,-7 



C-7" 



18 



d e = 2%" 



from Fig. 2.33 d e = 2 1 / 2 "; d b > 1 / 2 " 
use d b = V2" 

from Fig. 2.28 A = 7.55; l e = 7.55 x V2 = 3.78" 

from Table 2.2 l a = 3"; Z e = 2.6875" 



^h 1' ^us 



10.60 k 

N = 3 estimated 

from Fig. 2.32 q = .88 



N = 



H, 



28.0 



Pa ~ 10.6 (.88) 



= 3 



Check plate bending according to fastening 
detail to structure 

C = 2(2.6875) + 1.0-7" 

provide distribution reinforcement 
nominal: 2-#3-3'0" Ig. 

and hanger reinforcement 

nominal: #3~L_T 

2.8.2 Design Example: Angle-Bolt Connection 



DESIGN CONDITIONS 

forces: P u =7.0 k ;T u = 2.3 k ; LF = 1.45; e v - 4.0" 

DESIGN CRITERIA 



Elements 


Type 


E(LFJ = ELF 


Bolt 


A 307 


LFx 1.25=1.81 


Bearing Pad 
Concrete 


F y = 36 Ksi 
Elastomeric 
S.-L.W.C.;f' c = 4ksi 
w - 1 20 pcf 


LFx 1.00=1.45 
WS x 1 .00 



H, 



Pu Vu 



u-'-j-,- 1 



Tu 



il.':V:.: 
Vu 



CONNECTION FORCES 

Use 4 6" x 6" 

from Table 2.5 g, = TA"; h =* 3 1 / 2 " 
(See Fig. 2.27- Eq. 2-8) 

ju was used to determine T u and does not enter 
this design. 

V. = P u = 7.0 k 

7.0 x 4 



H. 



V u e v 



1 T7.0 x 4 "I 

+ Y=hir + 2 - 3 J 1 - 



+ 2.3 1.25= 12.9 k 



V =[V U e v + T u9l ] E= [7.0x4 + 2.3(2.25)] 1.0 

= 33.18" k 



DESIGN ANGLE 

M u = 33.18" k 

1 5 

from Fig. 2.51 t = > x < x 

5 
Use: 4 6 x 6 x „ in. 

DETERMINE SIZE (d b ) 8e EMBEDMENT 
(l e ) OF BOLTS 

for combined tension and shear 



H = — 



H„ 12.9 



LF 1.45 



8.89 k 



V, 7.0 
V = -r^.=-T^ = 4.83 K 



LR 1.45 



7" 



from Fig. 2.23 Use: 1-q <t> hex. bolt (A307) 

8 5" 

from Fig. 2.20 C= Vh" , H = g 



from Fig. 2.28 5 



0s F, 



5 V 



.9 (32000) 



<£ c Vf; .65V4000 



= 701 



X=6.24J =Xd b =6.24(o)=5.47" 



8' 



l a = 5.47 + {| - 6" 



CHECK CONTACT BEARING: BOLT-CONCRETE 

from Fig. 2.36 f> c = 4.00(120) = 480 ksi 
F BU =31.1 k >V u =7.0 k 
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DESIGN ELASTOMERIC PAD 
V = -^-= 4 R3 k ■ 

Use: 50 duro. hardness 

from Fig. 2.38 f max = 1,000 psi, v max = 100 psi 

size W > 5t or > 4"; t > 1/4" 

Since load is small, use min. size: 4" x 4" 

V 4830 
f = — = ^ttt^ = 301 psi < 1000 psi 



from Table 2.5 g = 2V 2 "; h = VA" 
V u = P u = 15.0 k 

from Fig. 2.27- Eq. 2-8 



H = 



V u e v 



_ h 
15(2.5) 



1.25 



+ 5 



e> 



46.70 k 



wb 4 (4) 

t = 1/4" 

shape factor: SF = 



wb 



4 (4) 



2(w + b)t 2(4 + 4)1/4 

from Fig. 2.75 

compressive strain: S c = 4% < 15% 

2.8.3 Design Example: Anchor Plate-Bolt-Angle 
Connection 

DESIGN CONDITIONS 

forces: P u = 15.0 k ;T u = 5.0 k ;LF = 1.5 
panel thickness: t = 5" 
d c = 1";e v = 2.5" 

DESIGN CRITERIA 



VJ = V U E = 15.0(f) = 20 k 

DESIGN ANGLE 

M u = v u e v = 15(2.5) = 37.5 k " 
4 from Fig. 2.51 



Element 


Type 


ELF 


Studs 


F y = 54 ksi 


LFx|=2.0 


Bolts 


A325N 


LFx|=2.0 


* & Plates 


F y = 36 ksi 


LFx1.0=1.5 


Concrete 


N.W.C.;f' c -5 ksi 
w = 1 50 pcf 





PyVy 




Case la: Studs & Bolt in One Plane 

CONNECTION FORCES 

Use 4 4" x 6" 



5" 



k/' 



Use*4"x6"xg ;M ucap =38.0" 

37 5 
min. length = -^r x 12" = 12" 

DETERMINE STUD SIZE <d b ) AND NUMBER (N) 

maxJ a = 5-1 = 4" 
L = 3.625" 



from Fig. 2.28 



.9 (54000) 



C \^T~ -65V5000 

I 3.625 
X = 7.13, d b =T^ = 



-= 1054 



7.13= - 51 = 8 



from Table 2.2 P us = 16.56 k 

Since more than one stud will be needed, a re- 
duction factor must be used; location close to 
edge of panel requires that only one row be used. 
.'. it is advisable to increase d b to %". 

for %"0 studs, P us = 23.84 k/ stud, d h = 1.25 
from Fig. 2.32 N est = 3 : q = 0.88 

46.70 



N = 



.88 x 23.84 



= 2.66" use 3' 



mm. spacing: 



c = d h + 2/ e = 1.375 + 2 x 3.625 ~ 9" 



Studs 
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DETERMINE SIZE (d b ) AND NUMBER (IM) OF BOLTS - 
A307 

H u = 46.70 k , V; = 20 k , LF = 1.5 



H 



31.13 k , V = 13.33 k 



SIZE OF SUPPORT BOLT 

T, E 5.0 (4/3) 



LF 



1.5 



= 4.45 k 
5" 



from Table 2.1 use 1--0 bolt325N 
8 

Case 1b: Studs & Bolts in Different Planes 



-\i.cr 



K, 







-Q— -^ 


Cu 


m 






<x 




'.V- '•'•'. \^ 






t 


j 


Vu 




6" 







Hu 



CONNECTION FORCES 

Use 2v 4" x 6", L ; g = 2 1 / 2 "; h = VA"; a = 4" 

6" 

H U =C U =1^+T U 



Sue ^ut 



h 

H u (h) 
2a 

46.7(1.25) 
2(4) 



= 7.30 k 



DESIGN ANGLE: Same as Case 1a 

DETERMINE SIZE (d b ) AND NUMBER (N) OF STUDS 

for max. l a = 4" and spacing (c): 

S ut /F v \ 7.30 .3F, 
from Fig. 2.26 y = ^ [j J= -jj x ^ = .49 

1 stud 

a = .44; j3 = .89; f t = a 
F t = .44 (6) (54) = 14.26 ksi 
considering one stud in tension: 



7.30 



.34 in. 2 



A = = - 

st ^(N)(LF) 14.26(1)(1.5) 

from Table 2.2 use %"</>; 
check embedment length 



from Fig. 2.26 5 = 1054; X = 7.15; d b = 3/4" 

/ e = 4.47"; d a =.3125, 
min. L = 4.78 use I = 5" 



Note: Thickness of panel must be 6"at anchor studs. 

DETERMINE PLATE THICKNESS 

t-1fe" 



s 


u,c ; ; 


V> 


CO 


v : 


r ^ 






05 


Vr -i\ 


Hu' 


s 


UT" 





Neglect C u : 

S ut (a) 7.30(4) 



M U <L=1 



(studs) 



4 
3 



- 21.9 



"k 



'k 



from Fig. 2.51 use W plate; M u cap = 24.9' 
21.9 

L min = 24!9 = " 87 ' = 11 " 

Use L = 1 2", since angle length is 1 2" 

2,8.4 Design Example: Structural Section Welded 
To Anchor Plate (Moment Connection) 

DESIGN CONDITIONS 

P = 6.0 k ; LF= 1.5; e v = 8"; e=12" 
EQ. Zone 3; Z = 0.75 

DESIGN CRITERIA 



Elements 


Type 


E(LF) 


Anchor Bars 


F y = 40 ksi 


"1 


Anchor Plate 


F y = 36 ksi 


LF (1.0) 


I Section 


F y = 36 ksi 


LF (1.0) 


Concrete 


N.W.C., f' c = 4 ksi 






1 50 pcf 





Pu V„ 




Deformed bar anchors 



check availability 
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CONNECTION FORCES 

Assume I d = 6" for seat section 
V u = P (LF) = 6(1.5) = 9.0 k 

H U =V U :j| = 9.o/j|=9.0 k 

F peq = ZISC p P where C p = 2, IS = 1, Z = 0.75 
= 0.75 x 1 x 2 x 6.0 = 9.0 k 

V ueq = 0.75 (1.1) (1.7E) 

= 0.75(1.1) (1.7) (9) = 12.62 k 



12" 



•*. ,x x >, /; ; ij f 







% 



Cu 



Tu 



H ueq .= V ueq .= 12.62 k 



plate and I Section: 

M = V(e v )= 6.0(8) = 48" k 

M ueq. = V ueq.( e v)= 12.62(8) = 100.96" k 



anchor bars: 



^ut S uc 



=m »0) 



6 



100.96 



"u eq. 



(1.0)= 16.83 k 



DESIGN I SECTION 



M = 48" k S 



M 48 



re< i- F h 21.6 



= 2.2 in. 3 



1 C\f\ QC 

M ueq = 100.96" k S req eq = 133(216) = 3.51 in. 3 



Use:S6x 12.5; A = 3.67 in. 2 



12.62 
v eq . =-3-3-- = 3.44 ksi < 1.33 f all 



welds to plate: (each side) 

from Fig. 2.52 (for full strength weld 
of S6-1 2.5) use E60 electrodes 

F v 36 K, 

V- = TZ = 2; ^ = .567 



t 



18 



t„ 



l flange 



.359", t = 0.20" = 1/4" 



t web = .232", t w =0.13" - 1/8" 

DETERMINE SIZE & SPACING OF ANCHOR BARS 
EQ. forces control: 



H ueq . = V ueq .= 12.62 k 



Combination 1 

12.62 k , 4 anchor bars 



H 



u eq. 



V u = 9.0 k , 4 anchor bars 

from Fig. 2.26 7 = U ' 6 ^' 5) = 0.70 a = .68 



9.00 

f t = aF t = .68 (.6) (40) = 16.32 ksi 
12.62 



j3 =.82 



At 1.33(16.32)(4) 
Use V2" bars 
Combination 2 



H ueq = 12.62 k (2 bars) 
V ueq = 12.62 k (4 bars) 



= 0.15 in. 2 



= Hueg. (4) /jv\ = 12.62(4) = 

2(V ueq .) \F t /" 2(12.62) »- & '"'- u 



a = 0.715 = 

.71 x.6x40 = 17.16 



f t = f. 



= 12.62 

1 17.16(1.33)(2) 



= 0.28 in. 2 



Use 5/8" bars (2 top, 2 bottom) 
controls 

anchorage or development length: 
from Fig. 2.50 l e = 12" 

spacing: 

from Fig. 2.28 equivalent I 8=- ' =780 

.65V5,000 

X=5.9 

l e = 5.9 (.625) = 3.69" 

spacing: c = 2Z e = 8" 

DETERMINE THICKNESS OF ANCHOR PLATE 

H ueq (6) 12.62(8) 
Mueq. = "^ = 4— = 25.24" k 
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s = 



25.24 
1.33(0.6)(36) 



= .88 in. 3 



-/¥-/ 



6(.88) 
b _ V 12 

Use 12"x9"x 3 / 4 "plate 

C~\ , 3" 



= 0.66" 



&ft^ 



I 



12" 






T7TT 



2.8.5 Design Example: Insert-Angle Connection 

DESIGN CONDITIONS 

P = 5.5 k ;T = 2.0 k ; LF = 1.51 

e v = 6" 

EQ. Zone 2; Z = 0.375 

DESIGN CRITERIA 



Elements 


Type 


ELF 


Loop inserts 


F y = 75 Ksi 


LF(4/3) 


Angle 


F y = 36 Ksi 


LF(1.0) 


Bolts 


A 307 


LF (4/3) 


Concrete 


N.W.C. f' c = 6 ksi 
w = 1 50 pcf 






CONNECTION FORCES 

Assume 4 6" x 8" 6 4_1L= 



from Table 2.5 g = 2%"; h s 3 1 / 2 " 
V u =5.5(1.51) =8.3 k 



V 


= 2.0 (1.51) = 3.02 k 




H u 


-(^'♦0*- 


(w^)i 




= 23.00 k 

F peq =ZISC p P where: C p = 2.0, IS = 1.0 

Z = 0.375 

= 0.375x2x5.5 = 4.125 k 
F u = 0.75 (1.1) (1.7) (4.125)= 5.79 k 

F u = 5.79 k (earthquake) 



or T u = 3.02 k 



t V u = 8.3 k 

angle moments 

M u = [P u e v +T u g] E = [8.3(6) + 3.02(2.25)] 1.0 
= [49.8 + 6.79] 1.0= 56.59" k 

M u eq "= M u + F u g = 56.59 + 5.79(2.25) = 69.62" 

DESIGN ANGLE 

M u = 56.59" k orM ueq = 69.62" k 

M u eq . controls 

from Fig. 2.51 use 6" x 8" x %"4 

54.9" k 



M 



u cap 



69.62 . 
L " 54.9 " 1 * 27 ~ 16 



DETERMINE TYPE, SIZE & NUMBER OF INSERTS 

panel thickness: t = 5"; d c = 1" 

from Fig. 2.37 use: thin section ferrule, 
bent loop 

Note: Since embedment length is fixed, solve for 
shear cone capacity; i.e., for strength of bolt, or in 
this case, strength of wires. 

max H u =23.0 k ; 

or H u eq = p|^ + 5.79] 4/3 = 26.69 k 

H u = 23.00 k — pullout force due to gravity 
H ueq = 26.69 k — pullout force due to e.q. 
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DESIGN CRITERIA 



from Fig. 2.28 5 



0s. F y _ 0.9 (75,000) 



Element 


Type 


ELF 


Structural I 


F y = 36 ksi 


LF(1.0) 


Elastom. Pad 


50 Duro 


WS(1.0) 


Concrete 


N.W.C. f' c = 5 ksi 
w = 150 pcf 





0c vl^ .65V 6,000 
A = 8.1; ? e = 4.0 
equiv. d b = f = ^?- = 0.494" 



= 1336 



b X 8.1 



A s = 0.1917 in. 2 , P y = 14.38' 
need 2 inserts, each to be min. — ^ — - 13.35 



use 4 wire insert; P 



13.35 



y wire 



= 3.34 k 



from Table 2.3 use: C1008, d w = .306 in.; 



P v = 3,545 k 



need 2 inserts, 8 wires 
from Fig. 2.32 q = 0.94 



insert cap. = H u 



cap. 



0.94(8X3.545) 
= 26.66 k = 26.69 k 



DETERMINE BOLT SIZE, A307 

combined tension and shear 

H = ^flp = 15.23\ V = 5.5^ = 7.33 k 
H eq = 15 ' 23 1 + 33 125 = 14 - 55k; V = 7 " 33k 

(tension) (shear) 

7" 

from Fig. 2.23 use: 2 - ;r~ <* bolts with 

7" 
corresponding =- <p ferrule insert 

min. spacing C = 2/ e = 8" 
2.8.6 Design Example: Cast In Structural Section 



DESIGN CONDITION 

P-6.0 k ; T = 0; LF = 1.5; e v = 8" 
EQ. ZoneS, Z = 0.75; e= 12" 

K = e v + L/6 




Elastomeric 
Pad 



I = 10" 

L e max ' w 



center of compression block: / e /6 = 1.67" 
e v = 8" + 1.67" = 9.67" -j- 

use: TS6x 12.5; b f -3.33" '<\ 



I 

4-4 

3.33 



CONNECTION FORCES 

V u = P(ELF) = 6.00(1.5) = 9.0 k 

F p , eq . = ZIC p SP 

where: C p =2, IS= 1, Z = 0.75 

= 0.75(2)(1.0)(6) = 9.0 k 



Fueq. = V 



0.75(1.1 ) (1.7) (F Dea ) 



u eq. "■' ^ x '' ' ' * '■' ' x " P, eq. 

= 0.75(1.87)(9.0)= 12.62 k 

Example 6a: Determine Ultimate Concrete 
Bearing Capacity 

from Fig. 2.54, Eq. 2-30 

0f' c b/ e 



c, u 



'♦*)" 



. 85(5.0X3.33X10 ) 
3 + 4(.97) 



= 20.57 k > 9.0 k 
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Example 6b: Determine Ultimate Concrete 
Bearing Capacity 

same as 6a, but max. depth of panel = 7" 
l e = 7-2 = 5"; Z„ = e v + ^ = 8 + .83 = 8.83" 



L 



6 
= 1.76 



V„ 



. 85 (5.0) (3.33) (5 ) 
3 + 4(1.76) 

= 7.05 < 9.00 k 

DETERMINE ADDITIONAL REINFORCING 
excess force = 9.00 - 7.05 = 1.95 k 

capacity increase from compressive 
reinforcement: 

from Fig. 2.55, Eq. 2-31 
3 A' (f'J 



V R = 



3 + 4 



V D 



a'j: = 



t) 



3 + 4 



©] 



19.50 [3 + 4(1.76)] 



= 6.53 



Assume d' = 1 .5" and f = 40,000 psi 



f' s = 87,000 



(■■f) 



87,000 



« 



a: 



8,700 psi 
6530 



0.76 in. 2 



s 8700 
Use: 2- #6 bars welded to I S6x12.5 

Welds: Weld to top and bottom flange 




Weld cap. q w = 0.707(21) ( 1 / 2 ) = 7.42 k /" 
2 (.44) (40) 



L = 



Ab fy 



= 4.74" 



7.42 

■iN 

Use: 3/8" welds- 1 1/4'Vbar 
DESIGN ELASTOMERIC BEARING PAD: 

V = 6.0 k ; 50duro. hardness 
From Fig. 2.77 
v max = 100 psi , u max = 100 psi 
w > 5t or4"min., t > 1/4" 
Use4"x4"x 1/4" pad 

6000 



f = 



wb 4 (4) 
Shape factor = SF = 



= 375 psi < 1000 

wb 



2(w + b)t 
4(4) 



2(4 + 4) (1/4) 

From Fig. 2.75 

Compr. strain: e c ~ 5% < 15% 

2.8.7 Corbel Seat Connection 

DESIGN CONDITIONS: 

V u = 24.0 k , T u = H u = 12.0 k 
LF = 1.5 

e v = 3" 

DESIGN CRITERIA: 



= 4 



Element 


Type 


ELF 




N.W.C. 




Corbel 


f' c = 4000 psi 
v u < 600 psi 


LF (1.0) 


Reinforcing 


f y - 60000 psi 


LF (1.0) 


Strut Inserts 


F y = 75000 psi 


LF (4/3) 


Angle & Bolts 


F y = 36000 psi 


LF (1.00) 
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DESIGN CORBEL: 

Dimensions 

e v /d < 1, v u < 600 psi 

Assume b = 6" 
Use Eq. 2-51 



V, 



v 



u 0bd 
d = 7.84" 



= 600 



24,000 
.85 (6) (d) 



7.84 



< 1 



h =d + d c +y = 7.84 + 1.0 + 0.25 

= = 9.00" 
Check Max. Stresses 



From Table 2.18 

v u = 600 < 0.2f' c - 0.2 (4000) = 800 psi 
K= 0.5 

Shear Transfer Reinforcement 



Use Eq. 2-55 



V. 



Mv f f 



- Kbd 



> 



v 

24000 
0.8 (0.85) 



0.5 (6) (7.62) 



= .59 in. 2 



60000 

0.2 bd 0.2 (6) (7.62) 



60 



A„ = 0.59 in. 2 > r 
v f f, 

= 0.15 

Ultimate Corbel Moment 

Use Eq. 2-53 

M u = Ve v + H w (h-d)= 24x3+12 
x (9- 7.62) = 88.56" k 

Bending & Tension Reinforcement 
Use Eq. 2-54 



A 

Use Eq. 2-55 



, A f + A t > - A^ + A t 



A f = 



* f v(d-2 



p 



88.56 



9 (60) (7.12) 

I J 

0.23 in. 2 
a =1" (assumed depth of stress block) 



P , , A s f y 0.23(60) 

Check a: a = -——77- = 



.85f' c b .85(4.0X6) 
= 0.67 < 1" 
A, = 0.23 + 0.22 = 0.45 in. 2 



Check: A s > ^ A Vf + A t = ^ (0.59) + 0.22 



2 
3 



= 0.61 in. 2 
Use 2- #5 (A s = 0.62 in. 2 ) 

Horizontal Shear Reinforcement 

Use Eq. 2-61 

A h = 0.5 (A s - A,) = 0.5 (0.39) = 0.20 in. 2 

Use 2- #3 (A s = 0.22 in. 2 ) 

DESIGN ELASTOMERIC PAD 

Note: T u is absorbed by tie back connection 
Only V u need be considered 

Use Fig. 2.77 

f < 1000 psi, assume pad = 4" x 6" x 3/8" 



16000 
= 4 (6) = 667 P si < 1000 psi 

Shape factor:SF = 



wb 



4(6) 



2 (w + b) t 2 (4 + 6) 3/8 
= 3.20 
From Fig. 2.75 
60 Duro. 

e c = 12% < 15% 

DESIGN TIE BACK CONNECTION (V = 0): 

Use insert in corbe! 

Determine Bolt Size 

H u - T U E 

- 12 (1.0) = 12 k (direct tension) 
F y - 36 ksi 
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From Table 2.1 

Use 1"0bolt, F t - 13.33 k cap. 

Determine Insert Type and Embedment 

H u = T u 

= 12(4/3)= 16 k (direct tension) 
From Fig. 2.37 
Use flared loop insert — ferrule 

16 k 

4 struts: —r- = 4.00 k strength per strut 

From Table 2.3 
Use: C= 1038, d s = .225 in. 
F ycap = 4.05 k each 

Embedment length 
From Fig. 2.28 

5 „ »L -A_ = -9 (75,000) =1642 

^c y/T^ .65V 4000 

X = 9.4, d b equiv. = 0.5246 in. 
l e = 9.4 (.5246) = 4.93" 
Use/ emjn = 5" V'</> ferrule 

Determine Angle Size 



d = 



(t f +1) 



4- (1/2 + 1) 




Assume 8" x 4" 

M u = [H u e a ] E = 12.0(5.0)(1.0) = 60" k 

Since corbel width = 6" use also L = 6" 
for angle. 

From Fig. 2.51 

Max M u cap. for 3/4"* = 54.5" k /ft 

.'. use angles with gusset plates 

From Fig. 2.52 

uset f = 1/2" 



b- (tf + 1) 8- (1/2+ 1) 

a = 0.38 < 0.5 .'. use a = 0.50 
P = 0.35 



= 0.38 



V 



12000 



l p P F y (a- (t f + 1)) 


0.35(36000X2.5) 


= 


0.38" 


use 2 plates t p = 1/4" 




weld size for gussets 




E60 electrodes 




From Fig. 2.53 




^ = ^ =20 
f.. 18 ZAi 




- n c;r« + - n k 


r«/ oc;\ - n 1/IO" 



use 3/16" fillet weld both sides 
Weld Size for Angle to Anchor Plate 



T u 


= 12 k , E = 


4/3 for 


field weld 




T 


" LF ,4/3 » 


12.0 
1.5 


(4/3) = 


10.67 k 


From Table 2.14 








use 


metal shielded ; 


3rc weld , 


E70XX 




From Table 2.13 








Mir 


.3/16" 








L 


10.67 _ 
2 (4.64) 


.15" 






use 


1-1/2" weld each side. 







2.8.8 Design Example: Expansion Insert — Cont. 
Angle Connection 



DESIGN CONDITIONS: 



P u = 2.0 k /ftT u 



0.75 k /ft 
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LF = 1.6 

1 u ' u c ' / c v max 

DESIGN CRITERIA: 



= 3" 



ELEMENT 


TYPE 


ELF 


Exp. inserts 


Phillips red head 


LFx4/3 


Angle 


l y = 36 ksi 


LFx 1.0 


Bearing pads 


Korolath grey 


WSxI.O 


Panel 


S.-L.W.C. 

f' c = 5000 psi, 

w = 120pcf 






CONNECTION FORCES: 
use angle 4" x 4" 



H, 



2-1/2", h = 1-1/4" 

" (^ +T -) E 



2.0(3.0) 
1.25 



+ 0.75 



4/3 



V. 



(4.8 + 0.75) 4/3 = 7.4 k /ft 
P„ E = 2.0 (4/3) = 2.66 k /ft 



M u = (V u e v +T u g)E 



[2.0(3.0) +0.75(2.5)] x 1.0 
7.875" k /ft 



DESIGN ANGLE: 

use 4" x 4" x 3/8"; 
From Fig. 2.51 



M u.ca P = 14.0" k /ft> 7.875" k /ft 



DETERMINE SIZE AND EMBEDMENT LENGTH OF 
INSERTS BOLT: 

Reduction factor for S-L.W.C, k = 0.85 

From Fig. 2.46 

use 3/4" phillips redhead insert 

Capacities: Note Fig. 2.48 is based on 
f ' c = 3.5 ksi .'. use with conversion scale 

H' u = 11. 5 k (f;. = 3500 psi) (k) 

.. H' u = 15.0 k (5000 psi cone.) (0.85) 
= 12.75 k 

V' u = 17.0 k (3500 psi cone.) (k) 

•"■ V' u = 20.0 k (5000 psi cone.) (0.85) 
= 17.00 k 

k min. = 3-1/4", Torque = 125 in. lb 

12.75 
spacing for pullout, C = _ . - 1'-9" 



spacing for shear, C 



7.4 

17.0 
2.66 



> 1'-9" 



Check bolt: Combined tension & shear for 
a spacing of 1'-9" = 1.75' 

H u = 7.4 k /ft(1.75) = 12.95 k ; 
H = -1?^. = 8 .09 k 



V. 



1.6 



2.66 k /ft(1.75)= 4.66 k ; 



V 



4.66 
1.6 



= 2.91* 



From Fig. 2.23 
use 3/4" 4> bolt; F y = 36 ksi 
pullout strength controls 
CHECK BEARING ON CONCRETE: 

insert ~ 1 ", f c W c = 5.0(120) = 600 

From Fig. 2.36 

f bu = 49 k /safety factor = 49/4 
- 12.25 k > 2.78 k 
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2.8.9 Design Example: Dowel-Edge Bearing 
Connection 

DESIGN CONDITIONS 

P u = 8.0 k , T u = 4.0 k , LF = 1.5 
DESIGN CRITERIA: 



ELEMENT 


TYPE 


ELF 


Bearing pad 


PVC - rigid 


wS (1.0) 


Dowel 


F y = 40.0 ksi 


LF (4/3) 


Concrete: panel 


S.-L.W.C, 
f ' c = 4000 psi 
w = 1 20 pcf 


LF (1.0) 


support 


N.W.C., 

f;= 4000 psi 
w = 150 pcf 


LF (1.0) 



A T 



Elevation 



Tu 



% 



10" 



CONNECTION FORCES: 



V.. = P.. E 



8.0(1.0) 



= 8.0 k ,x4/3 = 10.67 k 

H u = T u E = 4.0(1.0) 

= 4.0 k ,x4/3 = 5.33 k 

DETERMINE SIZE OF BEARING PAD: 

From Table 2.17 

using PVC - Rigid, min. f' p = 8000 

6" x 6" with 1-1/2"0hole = 34 in. 

f p = ^~- = 235 psi « f' p 

DESIGN DOWEL: 
From Fig. 2.50 

H u - 5.33 use #4 l e = 8" 
Grout strength, f = 4000 psi 







S 










i 




°>o 






L 




Section A L_,„„.,.,. 


h ,f .. 










I, 










6" 





psi 

2 



DESIGN SEAT: 

Panel: 

V u = 8.0 k 

Strength of non-reinforced seat 

use Eq. 2-33 

3 

f b, u = c r 70V?; vs/w k 

use Eq. 2-34 



sw 



200 



H u/V. 



1 4/8 



where: 



K 



200 

0.70 
0.85 



= 0.045 y > = 0.21 



sw < 9.0 
s 



w 



< 0.5 



f b#u = 0.2I (.70) 70V^000 a/5 (.85) 

= 443 psi > f p = 235 psi 
No special reinforcing required 
Support: 

f bu for support > f bu for panel 

No special reinforcement required 

2.8.10 Design Example: Window Panel With Roof 
Parapet - Eq. Zone 2 



9-0" 



+ \ + 



6-0 



^.., 



tt 



" IVu 



Section A 
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DESIGN CONDITIONS: 

N.W.C., w - 150 pcf 

support structure: steel frame 

shape of panel : see above sketch 

wind = 50 psf 

Eq. Zone 2, z = 0.5 

DESIGN CRITERIA: 



ELEMENTS 


TYPE 


ELF 


Angles 


F y = 36 ksi 


LF (1.0) 


Bolts 


F y = 36 ksi 


LF (4/3) 


Inserts 


Stud or loop 


LF (4/3) 


Dowels 


F y = 40 ksi 


LF (4/3) 


Concrete 


N.W.C., 

w = 150 pcf 

f' c = 5000 psi 


... 



CONNECTION FORCES: 

Weight of panel 

A = 9(18)- 9(6) = 108 ft 2 

P.. : 



1.4 [(108) ^ + (10 + 6)(2) ^#|X 



12 "" ' ' ' 144 
.15 + 1.4 [9(6) (0.01)] 
= 1.4 [5.4 + 0.6 + 0.54] = 1.4(6.54) 
= 9.16 k 
Wind Loading : 

H w = 9(18) (0.05) = 8.10 k 

EQ. Loading: 

0.5 (2) 



peq. 



/9.1I 
\ 1.4 



= 6.54 k 



Center of Gravity: 



9(6)(.05)- (.6 +.54) 



6.54 



(1.5) + 9 = 9.36' 



/.6 + .54 \ 
\ 6.54 / 



e„ = 1 6 „ + ;? 4 1 3.5 + 4 = 4.61" 



6.54 

Shear Lo ads at Face of Panel: 
Gravity: V'^ = P u (SF) = 9.16 E 

EQ. : V y EQ = 0.75 [1.4D+ 1.7L+ 1.1 
(1.7E)] 
= 0.75 [9.16+ 1.87 (6.54)] 
= 16.04 k 



Horizontal Loads 



From gravity (e): 



From wind: 



T uG = 


P u e 2 
di 




9.16(4.61) 




13.5 


= 


± 0.26 k 


» 
At top and bottom conn's. 


'uW _ 


1.1 H w = 1.1(8.1) 


= 


8.9 k 



From EQ.: 



= Equal to all conn. 
T uE q. = F PEQ . = 6.54 k 



D 



f + 



^ Equal to all conn's. 

Distribution of Forces on Conn's.: 

To: C& D: 1/4 Wind 

1/4 Hor. EQ 

1/2 Grav. Ecc. Hor 

To: A & B: 1/2 Grav. Vert.* 
1/2 EQ. Vert/ 
1/4 EQ. Hor. 

1/4 Wind 



Note: Considering importance of occupancy — engineer- 
ing judgement was made to consider also a vertical EQ 
toad component. 



Forces on Connections A & B 



Pu Vu 



#3 Hanger 
loop 




Stiffener plates to 
distribute torsional 
effects on support 
structure 
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Assume * 6" x 4", e v = 2.5 



H„ = 



g, = 2.25, h s 3.25 

1/2 V uG e v T uG T uW 



9.16(2.5) 0.26 8.9 



2(3.25) 



= 5.62 



or 



H.. = 



1/2V uEQ e v T uG 



h 

16.04 (2.5) 026 = 
2 (3.25) 2 



or 



H = 1/2 V uG e v JuEQ _ T uG 

h 4 2 



6 54 
= 3.52 + -V- - 0.13 = 5.025 k 



DESIGN CONNECTIONS A & B 

Angle 

from Fig. 2.27 



M u = 



V u e v 



+ T u g 



16.04 (2.5) 0.26 



(2.25) 



2 (3.25) 2 

from Fig. 2.51 

use * 6" x 4" x 3/8" - 6" long 
Insert 

H u = 6.04 (4/3) = 8.05 k 
from Fig. 2.37 
Use bent-strut ferrule 
from Table 2.3 
Use 4 bent bars, d b = 0.306 
P cap = 4(3.545) = 14.18 k > H u 



1 = 5.88" k 



T. - Jj f + ^ - -0.13 + 54 =2 . ogk 



Or 



'uG , "^uEQ 



6.54 



u 2 4 4 



Forces on Connections C & D 
Assume 4 6" x 4" 




T u = 1/2 T uGe + l/4T uW = 0.13+^ - 2.36 k 
or 

T u = 1/4T uEQH + 1/2T uGe 

6.54 
= —^- + 0.13 = 1.77 k 

= ]Lw^ = 8.9 (2.5) = 
4g 4(2.25) 



f y = 54,000 psi 
Find l e required to develop insert strength 
from Fig. 2.28 



.9 54,000 

5 = -^r - 1 = 1054, X= 7.0 

.65 



V5000 



J b,equiv 



mt)=™ - 



l e = .454(7) = 3.18" 

max l e = 3.0" < l e 

Need 2 inserts 

from Fig. 2.32 

cap. red. factor q = .94 

P u,ca P req. = 2 ^|y = 4.28 k 

from Fig. 2.37 

Use 2 wire insert (strut cross) 

C 1008, d w = .262 

Pucap = 2 (3.2) = 6.4 k /insert > 4.28 k 

Bolts 



1.4 
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V 



9.16 



= 3.27 k 



2 (1.4) 

from Fig. 2.23 

Use 2-5/8" <j), F y = 36 ksi 
with 5/8" (p ferrule inserts 

from Table 2.5 



H- 



min. spacing C = 2/ p = 6" c/c 
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TOLERANCES 
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3.1 GENERAL 

Three groups of tolerances which should be 
established as part of precast concrete design and 
to which final unit details should conform are: 
tolerances for manufacturing, tolerances for inter- 
facing, and tolerances for erection. 1 When toler- 
ances are understood and allowances made for 
them in the design stage, the task of determining 
and specifying them becomes fairly simple. The 
precaster, contractor, and erector must in turn 
carefully monitor tolerances in order to construct 
the structure as designed. 

Tolerance is a permissible amount of variation 
from a specified or nominal characteristic. A toler- 
ance may be expressed as an additive or subtrac- 
tive (±) variation from a specified dimension or 
relationship or as an absolute deviation from a 
specified relationship. Tolerances should be estab- 
lished for the following reasons: 

1. Structural Conditions - Design for such fac- 
tors as eccentric loading, bearing areas, and 
reinforcement and hardware locations shall 
be based on specified maximum deviations 
for structural safety. The maximum permissi- 
ble accumulated deviation shall be specified. 

2. Feasibility — In interfacing and joint perfor- 
mance. 

3. Visual Effects - The degree of deviation from 
theoretical requirements will be control- 
lable. Large deviations are objectionable, 
whether they occur suddenly or cumulatively. 

4. Economics — Ease and speed of erection de- 
mand known accuracy in the dimensions of 
precast units. 

5. Legal — To avoid encroaching on building 
lines. 

6. Contractual - To establish known acceptance 
limits. 

The Architect-Engineer should be responsible 
for coordinating the tolerances for precast work 
with the requirements of other trades whose work 
adjoins the precast construction. In all cases the 
tolerances must be reasonable and realistic, within 
generally accepted limits. Manufacturing and erec- 
tion costs are directly related to the tolerance re- 
finement required. It is therefore economically 
desirable and practically safer to design with maxi- 
mum flexibility and to keep tolerance require- 
ments as liberal as possible. The tolerances given 
herein are a guide only. The enforcement should be 
based on the engineering judgment of the Archi- 
tect-Engineer. The Architect-Engineer is able to 
decide whether a deviation from the allowable 
tolerances affects safety, appearance or other 
trades. 



Where a project involves particular features sen- 
sitive to the cumulative effect of generally accept- 
ed tolerances on individual portions, the Architect- 
Engineer should anticipate and provide for this 
effect by setting a cumulative tolerance or by pro- 
viding escape areas where accumulated tolerances 
or production errors can be absorbed. The conse- 
quences of all tolerances permitted on a particular 
project should be investigated to determine whe- 
ther a change is necessary in the design or in the 
tolerances applicable to the project or individual 
components. For example, there should be no pos- 
sibility of minus tolerances accumulating so that 
the bearing length of members is reduced below 
the required design minimum. The designer shall 
specify the minimum bearing dimensions and con- 
ditions. 

Careful inspection of the listed tolerances will 
reveal that many times one tolerance will override 
another. The specified variation for one element of 
the structure should not be applicable when it will 
permit another element of the structure to exceed 
its allowable variations. Restrictive tolerances 
should be reviewed to ascertain that they are com- 
patible and that the restrictions can be met. For 
example, a requirement which states that "no bow- 
ing, warpage or movement is permitted" is not 
practical. 

3.2 TOLERANCES FOR MANUFACTURING 

Manufacturing tolerances are those needed in 
any manufacturing process. They are normally de- 
termined by economical and practical production 
considerations, and functional and appearance re- 
quirements. The actual tolerances should, however, 
be related to the amount of repetition, and the size 
and other characteristics of the precast unit. The 
cost of manufacturing to close tolerances decreases 
with increased repetition. Manufacturing tolerances 
are applied to physical dimensions of units such as 
thickness, length, width, squareness, and openings. 

The Architect-Engineer should specify toler- 
ances or require performance within generally ac- 
cepted limits. Tolerances for manufacturing are 
standardized throughout the Industry and should 
only be made more exacting and therefore more 
costly, where absolutely necessary. 2 ' 3 These areas 
might be special finishes or appearance require- 
ments, glazing details, and certain critical dimen- 
sions of open shaped panels. For example, a spe- 
cial case may be honed or polished flat concrete 
walls where bowing or warping tolerances might 
have to be decreased in order to avoid joint sha- 
dows. Another special case might be tolerances for 
dimensions controlling the matching of open 
shaped panels which may have to be smaller than 
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the standard dimensional tolerance, unless the 
Architect-Engineer has recognized and solved the 
alignment problem as part of his design. 

When considering casting tolerances (or dimen- 
sional measurements) the following items are sig- 
nificant: 

1. Length or width dimensions and straightness 
of the precast will affect the joint dimension, 
opening dimensions between panels, and per- 
haps the over-all length of the structure. 

2. Panels out-of-square can cause tapered joints 
and make adjustment of adjacent panels ex- 
tremely difficult. 

3. Thickness variation of the precast unit be- 
comes critical when interior surfaces are ex- 
posed to view. A non-uniform thickness of 
adjacent panels will cause offsets of the front 
or rear faces of the panels. 

Architectural precast concrete panels should be 
manufactured and installed so that the face of each 
panel which is exposed to view after erection com- 
plies with the following dimensional requirements: 

1. Warpage. Maximum permissible warpage of 
one corner out of the plane of the other three 
shall be 1/16 in./ft distance from the nearest 
adjacent corner. 

This requirement is illustrated in Fig. 3.1. 

2. Bowing or camber — concave or convex — of 
any part of a flat surface shall not exceed 

Length of Bow 

360 

with a maximum of 3/4 in.; and differential 
bowing or camber between the adjacent mem- 
bers of the same design shall not exceed 1/4 
in. 

The bowing requirement is illustrated in Fig. 
3.2. 

Slender panels should not be subjected to the 
standard tolerances for bowing and warping. 
Table 3.1 gives width and length dimensions in 
relation to panel thicknesses, below which warping 
tolerances should be reviewed for each individual 

Fig. 3.1 Warping 



Fig. 3.2 Measuring bowing 



length of bow 



5 

o 

-Q 



length of bow 




5 

o 

_Q 



E 



project. For slender panels below the range shown 
in Table 3.1, and/or for panels with large aggre- 
gates — above 3/4 in. — these tolerances should be 
increased. Tolerances for units which are not ho- 
mogeneous — consisting either of two widely dif- 
ferent concrete mixes or natural stone veneer with 
concrete backup - should be specifically reviewed 
and may also have to be increased. The major cri- 
teria for maintaining or relaxing bowing and warp- 
ing tolerances will be connection details (types and 
spacing), appearance requirements, and the advice 
of precasters for feasibility. 



Table 3.1 Chart of panel thicknesses* 








Panel + + 
Dimensions 
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5" 


6" 


6" 


7" 
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7" 


7" 


8" 


10' 


5" 


5" 


6" 


6" 


7" 


7" 


8" 


8" 



* This table should not be used for panel thickness selection. 
++This table represents a relationship between overall flat 
panel dimensions and thicknesses below which suggested 
bowing and warpage tolerances should be reviewed and 
possibly increased. For ribbed panels, the equivalent 
thickness should be the overall thickness of such ribs if 
continuous from one end of the panel to the other. 



distance to nearest 
adjacent corner 




distance to 
farthest adjacent corner 



. Alignment of ribbed members. (Deviation 
from straight lines parallel to centerline(s) of 
panel and/or designated skew): 
3/16 in. up to 40 ft lengths 
1/4 in. from 40 ft to 60 ft lengths 
Dimensional tolerances for flat and vertical 
ribbed wall panels. The location of these tol- 
erances is shown in Fig. 3.3. 
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Fig. 3.3 Location of dimensional tolerances 




a. Overall height and width measured at the 
face adjacent to the mold at time of casting 
or neutral axis of ribbed members: 

10 ft or under ± 1/8 in. 

10 ft to 20 ft + 1/8 in. -3/16 in. 

20 ft to 30 ft + 1/8 in. -1/4 in. 

Each additional 10 ft ± 1/16 in. per 10 ft 

or ± 1/4 in. which- 
ever is greater 

b. Thickness: Total or 
flange thickness shall 

be within -1/8 in. + 1/4 in. 

c. Rib thickness ± 1/8 in. 

d. Rib to edge of flange ± 1/8 in. 

e. Distance between ribs ± 1/8 in. 

f. Angular deviation of 

plane of side mold 1/32 in. per 3 in. 

of depth or 1/16 
in. total, whichever 
is greater 

g. Deviation from square 
or designated skew 
(difference in length 
of the two diagonal 

measurements) 1/8 in. per 6 ft or 

1/4 in. total, which- 
ever is greater 

h. Length and width of 
blockouts and openings 
within one unit ± 1/4 in. 



i. Dimensions of 

haunches ± 1/4 in. 

j. Haunch bearing surface 
deviation from speci- 
fied plane 1/8 in. 

k. Difference in relative 
position of adjacent 
haunch bearing surfaces 
from specified relative 
position 1/4 in. 

I. Tolerances on any 
dimension not speci- 
fied above The numerically 

greater of ± 1/16 
in. per 10 ft or ± 
1/8 in. 

5. Position tolerances. For cast-in-items meas- 
ured from datum line locations as shown on 
the approved erection drawings: 
Weld plates ± 1 in. 

Inserts ± 1/2 in. 

Handling devices ± 3 in. 

Reinforcing steel and 
welded wire fabric ± 1/4 in. where 

position has struc- 
tural implications 
or affects concrete 
cover, otherwise 
± 1/2 in. 

Tendons ± 1/8 in. 

Flashing reglets ± 1/4 in. 

Flashing reglets, at edge 

of panel ± 1/8 in. 

Reglets for glazing 

gaskets ± 1/16 in. 

Groove width for glazing 

gaskets ± 1/16 in. 

Electrical outlets, hose 

bibs, etc. ± 1/2 in. 

Openings and blockouts ± 1/4 in. 

Some types of window 
and equipment frames 
require openings more ac- 
curately placed, and 
when this is the case, the 
minimum practical 
tolerance is ± 1/8 in. 

Haunches ± 1/4 in. 

Groups of inserts or cast-in items which must be 
located in close tolerance to each other should not 
be separated into two panels by a joint. Cast-in 
grooves, reglets, or lugs, that are to receive glazing 
gaskets, should be held relatively close to their 
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correct location. Misalignment of these reglets at 
corners, or casting these in a warped or "racked" 
position will restrict proper installation of the 
glazing gasket. In addition, gasket manufacturers 
place severe restrictive tolerances on the groove 
width and surface smoothness necessary to obtain 
a proper moisture seal of the gasket. 

3.3 TOLERANCES FOR INTERFACING OF 

OTHER MANUFACTURED BUILDING 

MATERIALS 

Interface tolerances and clearances are those re- 
quired for joining of different materials and for ac- 
commodating the relative movements expected be- 
tween such materials during the lifeof the building. 
Typical examples are: tolerances for window and 
door openings, glazing gaskets and reglets. 

Where matching of the manufactured materials is 
dependent on work executed at the construction 
site, interface tolerances should be equivalent to 
erection tolerances. Where the execution is indepen- 
dent of site work, tolerances should closely match 
the standard tolerances for the materials to be 
joined. Fabrication and erection tolerances of other 
materials must be considered in design as the precast 
elements must be coordinated with and must ac- 
commodate the other structural and functional ele- 
ments comprising the total structure. Unusual re- 
quirements or allowances for interfacing should be 
stated in the contract documents. 

Windows between open shape units where they 
will intersect a joint between units is an example 
which requires interface erection tolerances. A sim- 
ilar condition often occurs where precast concrete 
is interspersed with glass or metal curtain wall ele- 
ments, as in many precast mullion projects. Close 
tolerances are often mandatory between the mullion 
and the glass or curtain wall. This condition de- 
mands additional flexibility that may be provided in 
the corner details. A solution which permits two or 
more corner elements to overlap and thus take up 
irregularities in the overall building dimension is rec- 
ommended. 

Where tolerances are independent of site condi- 
tions, they will depend solely on normal manufac- 
turing tolerances plus an appropriate allowance 
(clearance) for differential volume changes between 
the materials being joined. A case in point would 
be the glazing of an opening completely formed 
within a concrete panel. Such openings can be made 
to normal manufacturing tolerances. However, 
openings for aluminum windows should allow 
room for some temperature expansion of the sash. 
Fastening details should ensure that the aluminum 
is properly separated, or protected, from any other 
metals in the concrete panel in order to avoid possi 
ble electrolytic action. 



Special tolerances for the planeness of concrete 
surfaces at the glass face should be provided when 
glazing is performed directly into the concrete. 
Close tolerances should govern the physical dimen- 
sions and alignment of the groove when neoprene 
gaskets are used in glazing. In both instances, a 
smooth concrete surface should be specified where 
sealants or gaskets meet the concrete surface to en- 
sure water-tightness. Consideration must be given 
to the glass manufacturing tolerance also, which 
apply to both the thickness and size of glass, gener- 
ally proportional to the glass thickness. Glass of 3/8 
in. nominal thickness, for example, may vary ± 1/32 
in. in thickness and ± 3/32 in. from its nominal size 
dimensions, and the length and width of heat- 
strengthened or tempered glass may be 3/1 6 in. more 
or less than their specified nominal dimensions. 

Allowable variations from a perfect plane should 
be established after consultation with the glass man- 
ufacturer for double-insulating glass units, heat-ab- 
sorbing or colored glass. The glazing solution selec- 
ted should relate to realistic and attainable toler- 
ances for the precast concrete. 

3.4 TOLERANCES FOR ERECTION 

Erection tolerances are those required for realistic 
matching with the building structure, and will nor- 
mally involve the General Contractor and/or differ- 
ent subcontractors such as precast erector. The basis 
for erection tolerances is determined by the char- 
acteristics of the building structure and site condi- 
tions and are directed to achieve uniform joint and 
plane wall conditions. They should be determined 
on the basis of individual unit design, shape, thick- 
ness, composition of materials, and over-all scale of 
the unit in relation to the building. The specified 
erection tolerances affect the work of several trades 
and must be consistent with the tolerances as speci- 
fied for those trades. 

Final erection tolerances should be verified and 
agreed on before erection commences and, if differ- 
ent from those originally planned, stated in writing 
and noted on erection drawings. 

Appropriate field procedures should be followed 
to ensure accurate application of tolerances. The 
General Contractor is expected, and should be re- 
quired, to establish and maintain control pointsand 
bench marks in an undisturbed condition until final 
completion and acceptance of a project. The Con- 
tractor should provide the erector at each floor with 
a building perimeter offset line approximately 2 ft 
from the edge of the floor slab and bench marks on 
all perimeter columns. Offset linesand bench marks 
should be scored into columns and floor slabs. The 
Contractor should be responsible for the accuracy 
of the offset lines and bench marks. 
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If reasonable tolerances and adjustments have 
been designed into the construction details and 
complied with, the erector should be able to: (1) 
avoid joint irregularities such as tapered joints (panel 
edges not parallel), jogs at intersections, and non- 
uniformity of joint width; (2) maintain proper open- 
ing dimensions; (3) properly execute all fastening 
connections; (4) align the vertical faces of the units 
to avoid "offsets" and (5) prevent the accumulation 
of tolerances. A more precise installation and gener- 
al improvement in appearance is thus achieved. 

Erection tolerances are of necessity largely deter- 
mined by the actual alignment and dimensional ac- 
curacy of the building foundation and frame. The 
General Contractor is responsible for the plumbness, 
level, and alignment of the foundation and struc- 
tural frame including the location of bearing sur- 
faces and anchorages for precast products. There are 
many Architect-Engineers who fail to recognize the 
critical importance of controlling foundation and 
building frame tolerances. It is not uncommon to 
find specifications in which no mention is made of 
the tolerances to be held in the structure to which 
the precast is being connected, and drawings on 
which clearance dimensions make no allowances for 
tolerances. If the precast units are to be installed 
reasonably plumb, square, and true, the actual loca- 
tion of all surfaces affecting its alignment, including 
the levels of floor slabs and beams, the vertical align- 
ment of floor slab edges and the plumbness of col- 
umns or walls must be known before erection be- 
gins. The Architect-Engineer, in his specifications, 
should clearly define the maximum tolerances to be 
permitted in the building foundation and frame a- 
lignment, then should see that the General Contrac- 
tor frequently checks to verify that these tolerances 
are being held. Lack of attention to these matters 
often necessitates changes and adjustments in the 
field, not only delaying the work but usually result- 
ing in unnecessary extra costs, and sometimes im- 
pairing the appearance of the units and completed 
structure. 

The allowable tolerances for steel frame struc- 
tures (see Sect. 3,4.2) make it impractical to main- 
tain precast concrete panels in a true vertical plane. 
Based on the allowable steel frame tolerances, it 
would be necessary to provide for a 3 in. adjust- 
ment in connections up to the 20th story and a 5 in. 
adjustment in connections above the 20th story if 
the Architect-Engineer insists on a true vertical 
plane. These adjustments in connections are not 
economically feasible, therefore precast concrete 
walls should follow the steel frame. 

Tolerances of the building frame must be ade- 
quate to prevent obstructions that may cause diffi- 
culty with panel installation procedures. The 
structural frame should also provide for the use 



of standardized connections, that is, whenever pos- 
sible beam elevations and column locations should 
be uniform in relation to the precast units with a 
constant clear distance between the precast concrete 
and support elements. 

In the determination of tolerances, attention 
should be given to possible deflections and/or rota- 
tion of structural members supporting precast con- 
crete. This is particularly important for bearing on 
slender or cantilevered structural members. If the 
deflection of the frame is sensitive to the location 
or eccentricity of the connection, limits should be 
given. Consideration should be given to both initial 
deflection and to long-term deflections caused by 
plastic flow (creep) of the supporting structural 
members. 

3.4.1 Cast-in-Place Concrete Frame 

For a cast-in-place concrete frame, the maximum 
tolerances are given in Section 2.4.1 of the Amer- 
ican Concrete Institute "Recommended Practice 
for Concrete Framework" ACI 347-68 4 or in Table 
4.3.1 of "Specifications for Structural Concrete for 
Buildings" ACI 301-72 (Revised 1975). 5 These tol- 
erances are quite optimistic for tall buildings when 
one compares them to AISC tolerances and to toler- 
ances actually obtained on concrete buildings. Also, 
greater variations in height of floors are more preva- 
lent in cast-in-place structures than in other struc- 
tural frames. This will affect location or mating of 
the insert in the precast with the cast-in connection 
device. Tolerances for cast-in-place structures may 
have to be increased further to reflect local trade 
practices, the complexity of the structure, and cli- 
matic conditions. Also, the stated cast-in-place tol- 
erances are difficult to attain during severe winter 
conditions. Asa result, it is recommended that pre- 
cast concrete walls should follow concrete frames in 
the same manner as for steel frames. 

The following tolerances, in addition to ACI 301 
or ACI 347 requirements, should be specified for 
cast-in-place concrete when precast concrete units 
are to be connected: 

1. Footings Caisson Caps, and Pile Caps 

a. Variation of bearing of surface from speci- 
fied elevation: ± 1/2 in. 

2. Piers, Columns, and Walls 

a. Deviation in plan from straight lines parallel 
to specified linear building lines: 

1/40 in./ft adjacent members lessthan 20 ft 

apart or any wall or bay length lessthan 20 

ft 

1/2 in. adjacent members 20 ft or more 

apart or any wall or bay length of 20 ft or 

more 

b. Deviation in elevation from lines parallel to 
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specified grade lines: 

1/40 in./ft adjacent members less than 20 ft 
apart or any wall or bay length less than 20 
ft 

1/2 in. adjacent members 20 ft or more 
apart or any wall or bay length of 20 ft or 
more 
3. Anchor Bolts 

a. Variation from specified location in plan: ± 
1/4 in. 

b. Variation from specified elevation: ± 1/2 in. 

c. Anchor bolt projection: -1/4 in. +1/2 in. 

d. Plumbness of anchor bolts: ± 1/16 in. 

3.4.2 Steel Framing 

Tolerances for structural steel framing should be 
specified to conform with the American Institute of 
Steel Construction A ISC Code of Standard Prac- 
tices, Section 7.1 1 . 6 Particular attention is directed 
to the "Commentary" included in the September 1, 
1976, edition of this Code, which provides a de- 
tailed explanation of the specified erection toler- 
ances. Rolling, fabrication and erection tolerances 
combined result in the final accuracy of the struc- 
tural steel frame. 

A structural steel frame building presents differ- 
ent erection and connection problems from the con- 
crete frame building. For example: structural steel, 
being relatively weak in torsion, compared to con- 
crete, generally requires that the load be applied di- 
rectly over the web or that the connection be capa- 
ble of supporting the induced moment. This in 
turn can place a greater structural requirement on 
the connection, as well as creating problems during 
erection if any rolling behavior of the steel beam 
occurs. Also, when detailing precast units for attach- 
ment to steel structures, allowance must be made 
for sway in tall, slender steel structures with un- 
even loading, and movements due to sun or wind on 
one side or seasonal thermal expansions and con- 
tractions. 

Designs must provide for adjustment in the verti- 
cal dimension of precast concrete panels supported 
by the steel frame, because the accumulation of 
shortening of stressed steel columns will result in 
the unstressed panels supported at each floor level 
being higher than the steel frame connections to 
which it must attach. Observations in the field have 
shown that where precast panels are erected to a 
greater height on one side of a multistory building 
than on the other, the steel framing will be pulled 
out of alignment. Precast concrete panels should be 
erected at a relatively uniform rate around the peri- 
meter of the structure. 



3.4.3 Precast Concrete Framing 

Erection tolerances are less critical in structures 
consisting entirely of precast concrete units than for 
cast-in-place concrete or steel frame structures. 
Where precast units connect to site work, such as 
footings or foundation walls, ample erection toler- 
ances are still required. The precaster should normal- 
ly be allowed to suggest his own tolerances for the 
erection of precast concrete framing members. See 
Ref . 7 for suggested tolerances. 

3.4.4 Composite Structures 

It should be recognized, though, that ACI 301 
applies only to reinforced concrete buildings, and 
the AISC Code only to steel building frames. Neither 
of these standards applies to buildings of composite 
construction (e.g., concrete floor slabs carried by 
steel columns or to concrete encased structural steel 
members, or fire-proofed frames). Obviously, the 
location of the face of the fire-proofing steel, as well 
as that of the steel member itself, are both critical. 
As the alignment of composite members, fire-proof- 
ing and masonry work are not controlled by refer- 
encing these standards, the Architect-Engineer 
should require that the location of all such materials 
contiguous to the precast unit be controlled within 
tolerances which are, at most, no more than those 
specified in ACI 301. Should there be some doubt 
as to what these tolerances should be, the precast 
manufacturer should be consulted for advice. 

3.4.5 Clearances 

With reasonable tolerances for the building frame 
established, it is equally important that the designer 
provide proper clearances (purposely provided space 
between adjacent parts) between the theoretical 
face of the structure and the back face of the units, 
in detailing the wall and its relationship to the build- 
ing structure. Otherwise, alignment of the wall as 
specified will likely necessitate delays and extra 
costs, or may even be impossible. 

The failure to provide adequate clearances is an 
all-too-common deficiency of wall designs. They are 
absolutely essential for any of several reasons: (1) 
to accommodate movement between adjacent parts; 
(2) to provide for possible size variations and mis- 
alignment, or (3) to provide space for the connec- 
tion materials: sufficient room for welding or ade- 
quate space to place a wrench to tighten a bolt 
must be provided. When erecting the wall it is the 
latter two reasons that are of prime concern. 

The clearance necessary for erection of the wall 
will depend on the wall design, the dimensional ac- 
curacy of the support system (building frame) or 
other construction to which the wall is connected 
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and the limits of adjustment permitted by the con- 
nection details. If a connection is required to the 
face of spandrel beams or columns or their fire- 
proofing, more clearance will be needed to install 
fastenings than when the anchors are located on the 
top face of beams and the sides of columns. 

A good rule of thumb is that at least 1/2 in. clear- 
ance be required between precast members, and 
panels and precast members; 1 in. is the minimum 
tolerable clearance between precast members and 
cast-in-place concrete with 1 1/2 in. preferred; and 
1 in. isthe minimum clearance required between pre- 
cast members and a steel frame. At least 1 1/2 to 2 
in. clearance should be allowed in tall, irregular 
structures, regardless of the structural framing ma- 
terials. The minimum clearance between column 
covers and column is 1 1/2 in.; 3 in. is preferred be- 
cause of the possibility of columns being out of 
plumb or dimension causing interference with com- 
pletion of the connection. If clearances are realisti- 
cally assessed, they will solve many tolerance prob- 
lems. Where large tolerances have been allowed for 
a supporting structure or where no tolerances are 
given, the clearances must be increased. 

The nominal clearance dimension shown on the 
drawings should be equal to the actual clearance re- 
quired plus the outward tolerance permitted for the 
support system and any adjacent construction, and 
should be determined on the assumption that this 
construction will be as far out of position in the 
wrong direction as is allowed. Connections should 
be designed to accommodate the clearance plus the 
inward tolerance also. 

The maximum variation from the specified clear- 
ance between adjacent independent members of 
separated building parts or components should be 
± 1/4 in. Adjacent independent members are mem- 
bers that are close together but are not connected 
structurally. These members may both be precast 
concrete or they may be combinations of precast 
concrete and cast-in-place concrete, masonry, or 
steel. Typically, this clearance situation develops at 
an expansion joint or at the interface between a stair 
tower and a larger structure when the two are joined 
only by an expansion joint. 

3.4.6 Connections 

All connections should be provided with the 
maximum adjustability in all directions that are 
structurally or architecturally feasible, see Chapter 
2. Where a 1 in. tolerance is needed but a 2 in. toler- 
ance creates no structural or architectural problems, 
the 2 in. tolerance should be selected. Closer toler- 
ances are required for bolted connections than for 
grouted connections. Connections should provide 
for vertical, horizontal and lateral adjustments of 
1 in. minimum to accomodate any misalignment of 



the building frame. Location of hardware items cast 
into or fastened to the structure by the General Con- 
tractor, steel fabricator, or other trades should be 
determined with specified tolerances for placement. 
Unless some other value is specified by the Archi- 
tect-Engineer, tolerances for such locating dimen- 
sions should be ± 1 in. in all directions (vertical and 
horizontal), plus a slope deviation of no more than 
± 1/4 in. for the level of critical bearing surfaces. 
For smaller and simpler structures, location toler- 
ances of ± 1/2 in. may be feasible. Connection de- 
tails should consider the possibility of bearing sur- 
faces being misaligned or warped from the desired 
plane. Adjustments can be provided by the use of 
drypack concrete, non-shrink grout, or elastomeric 
pads if the misalignment from the horizontal plane 
does not exceed ± 1/4 in. 

Where possible, connections should be dimen- 
sioned to the nearest 1/2 in. The minimum clearance 
between various items within a connection should 
not be less than 1/4 in. with 1/2 in. preferred. The 
minimum clearance or shim space between the vari- 
ous connection elements should be a minimum of 
1 in. with 1 1/2 in. preferred. 

Where a unit is not erected within the tolerances 
specified in the connection design, the structural 
adequacy of the installation should be checked and 
the connection design should be modified if re- 
quired. No unit should be left in an unsafe support 
condition. Any adjustments affecting structural per- 
formance, other than adjustments within the pre- 
scribed tolerances, should only be made after ap- 
proval by the design engineer. 

3.4.7 Joints 

Small width variations between adjacent joints 
can be achieved by setting out joint centerlines 
equally spaced along an elevation and centering 
panels between them. The resulting joint width may 
vary considerably — within specified tolerance — 
from the theoretical width, but a smaller variation 
between adjacent joints should be possible. 

The precast units should be located in the center 
of their theoretical location on the structure and ad- 
justed to accommodate adjacent products, proper 
joint width, and alignment with adjacent precast 
units. The larger the panel, the wider the theoretical 
joint should be in order to accommodate realistic 
tolerances in straightness of panel edge, in slope of 
edge, and in panel width. The alignment for exter- 
ior units should be assumed to be the outside face 
unless the inside face is so specified. Variations from 
true length or width dimensions of the overall struc- 
ture are normally accommodated in the joints or, 
where this is not feasible or desirable, at the corner 
units, in expansion joints, or in joints adjacent to 
other wall materials. 
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A liberal joint width should be allowed if varia- 
tions in overall building dimensions are to be ab- 
sorbed in the joints. This may be coupled with a 
closer tolerance for variations from one joint to the 
next for appearance purposes. It is apparent that the 
individual joint width tolerance should relate to the 
number of joints over a given building dimension. 
For example, to accommodate reasonable variations 
in actual site dimensions, a 3/4 inch joint may be 
specified with a tolerance of ± 1/4 inch but with 
only a 3/16 inch differential variation allowed be- 
tween joint widths on any one floor, or between ad- 
jacent floors. Alternatively, the jog in alignment of 
edge may be specified. 

In a situation where a joint has to match an archi- 
tectural feature (such as false joints) a large variation 
from the theoretical joint width may not be accep- 
table and tolerances for building lengths will have 
to be accommodated at the corner panels. 

Non-cumulative tolerances for the location of flat 
and vertical ribbed precast wall units are as follows: 

Face width of joints ± 3/16 in. 

Joint taper (panel edges 1/40 in. per ft 
not parallel) 
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4.1 GENERAL 

The determination of the interaction of an archi- 
tectural precast element with the supporting struc- 
ture is essential in order to evaluate the effect of 
loads on that element. However, once these loads 
have been established, the element can be analyzed 
with minimum consideration for the adjacent ele- 
ments. Except for panels in zones of high seismi- 
city, or load bearing panels in tall structures, the 
in-place load condition will generally not be as 
critical as those loads imposed during the manu- 
facturing process. Thus, for maximum economy of 
material the production process (stripping, han- 
dling, transportation and erection) should be given 
consideration as part of the design process. In par- 
ticular, architectural precast panels should be 
shaped such that they will be as stiff as possible in 
the direction of handling-induced stresses. Limita- 
tions on product dimensions imposed by transpor- 
tation must also be considered during the design 
process, The designer should be familiar with legal 
load limitations, and with the cost premiums that 
are associated with transporting members of a par- 
ticular overwidth or overlength. 

When the in-service loads result in stresses larger 
than produced during production-erection, the for- 
mer will govern design. In this case, the limitations 
imposed by local building codes may govern. 

Unless otherwise required by such local ordi- 
nances, it is suggested that the design methods of 
this chapter also be applicable to the in-service con- 
dition. The ultimate strength of the member in ser- 
vice should be verified using the load factors indi- 
cated in ACI 318-77. 

The visual characteristics of a panel will usually 
be determined by the Architect. These character- 
istics are configuration (ribs, joints, openings), sur- 
face treatment (smooth, exposed aggregate, color), 
and architectural function (insulated). For the most 
part the size of the individual elements and the exact 
details of geometry will be determined in conjunc- 
tion with the structural engineer. Thus, both the 
architect and the structural designer should be fa- 
miliar with good production practice as well as pro- 
duction capabilities of the probable fabricators. 

Production affects engineering in that it deter- 
mines the loads to which the panel will be subjected. 
The designer must consider the equipment available 
to handle the panel, the production cycle and its 
effect on concrete strength, and the specific manner 
by which the panel is to be handled prior to its final 
position in the structure. The exposed surface finish 
is also related to handling requirements, since it may 
dictate the position of the panel for worker access 
during removal of surface retarder or sandblasting. 

The geometry of a panel is referred to as shape 



details which in a general sense can be defined as 
details which do not affect the architectural con- 
cept, but can to a significant degree influence the 
economy of fabrication and engineering require- 
ments. The significant shape details are (1) overall 
size and (2) configuration. 

The most economical element that can be used is 
the largest that can be selected after consideration 
of the following: 

1. How large a unit of the geometry being con- 
templated can be reasonably handled, consid- 
ering the stability and stresses on the element? 

2. What is the maximum unit that can be trans- 
ported within the governing regulations for 
size and weight? 

3. What is the maximum crane capacity available 
both in the production facility and atthe site? 
Evaluation of crane capacity must consider the 
position of the crane, since capacity is a func- 
tion of reach. 

4. What size limitations are placed upon the mem- 
ber due to site conditions? 

The shape of the member must be such that there 
is proper thickness of concrete to develop insert ca- 
pacities for handling in all phases, and for connec- 
tions; the shape and thickness must permit proper 
placement of reinforcement, where required; and 
the shape must allow for ease of production (Fig. 
4.1). The latter consideration is particularly impor- 
tant since unintended restraints in combination with 
form suction during the stripping process can induce 
large stresses. 

In establishing the shape of a panel, the designer 
must consider the draft required to strip the unit 
from the mold as well as the draft required to 

i 
Fig. 4.1 Shape considerations 
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Fig. 4.2 Draft concepts 
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achieve a specific finish. 2 Generally the minimum 
draft which will enable a unit to be stripped easily 
from a mold is 1 in. in 1 ft (1:12) (Fig. 4.2). This 
draft should be increased for narrow sections or del- 
icate units since the suction between unit and mold 
becomes a major factor. The draft should be in- 
creased to 1:6 for screen units with many openings, 
or for smooth concrete. 

These suggested drafts will vary due to shapes and 
techniques proposed for production. The designer 
is strongly advised to consult the local precasters 
for specific recommendations. Vertical sides or re- 
verse (negative) draft will create entrapped air voids 
which, if exposed, may be objectionable. The more 
draft provided, the better will be the uniformity and 
economy of finish, so that a compromise may have 
to be made between the finishing requirements and 
the shape of a precast panel. Finally, the designer 
should avoid fragile edge details which can impose 
costly increases on handling, and should shape the 
panels such that they will be as stiff as possible in 
the direction of handling-induced stresses. 

4.2 STRUCTURAL DESIGN CRITERIA 

For precast concrete elements, the two distinct 
phases which require design consideration are (1) 
the manufacturing through erection process, and 
(2) in-service conditions, defined asthose conditions 
imposed upon a member after it is permanently con- 
nected to the supporting structure. The in-service 
loads, which are determined by the Structural En- 
gineer, may not produce the critical stress condition. 
The forces imposed during the manufacturing-erec- 
tion process can control design. These stresses occur 



primarily as a result of the member being manufac- 
tured in an orientation differing from that of its final 
position in the structure, and the limitations of these 
stresses are controlled by the fact that the concrete 
strengths at time of stripping are lower than when 
the member is in service. 

The forces imposed on a member during stripping 
and handling are affected by: (1) the orientation of 
the member, (2) imposed external restraints such as 
form suction and impact, (3) location and number 
of handling inserts, (4) member weight and weight 
of any additional items which must be lifted (such 
as forms which remain with the member during strip- 
ping), and (5) location of temporary points of sup- 
port (such as in storage). 

The forces imposed on a member during trans- 
portation are affected by (1) orientation of the 
member, (2) location of the supports, and (3) con- 
dition of the transporting vehicle, roads and site. 
Since it is the manufacturer's option as to which 
production and transportation methods he will em- 
ploy, it is also his responsibility to verify behavior 
of the precast element during these processes. 

The Contract Documents should make reference 
to the PCI Manual for Quality Control for Plants 
and Production of Architectural Precast Concrete 
Products (PCI MN L 1 1 7-77) 3 as the industry guide- 
line for production of architectural precast ele- 
ments. Exceptions or specific requirements for 
stripping, handling, and transportation should be 
clearly set forth in the Contract Documents. Some 
examples of specific requirements include: type and 
location of handling inserts, methods of curing, pro- 
tection during storage and transportation, and limits 
on when members may be transported. 

Various structural design criteria as related to the 
critical manufacturing processes are discussed in the 
following sections. 

4.3 STRESS LIMITATIONS 

Panels may be designed so that on surfaces ex- 
posed to view either of the following criteria may 
be selected as the limiting criteria during the manu- 
facture-erection phase: 

a. Visible cracking is not desirable 

b. Controlled cracking is permitted 

On surfaces not exposed to view, the above re- 
strictions are generally not applied, and the design 
procedure is in accordance with ail the requirements 
of reinforced concrete as delineated in ACI 318-77. 

In all cases, structural design requires investiga- 
tion of shear, bond and achorage of reinforcing. 

4.3.1 Handling Without Cracking 

Under this criteria, surfaces which are exposed to 
view are to remain free of discernible cracks. This 
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can be accomplished by selecting lift point locations 
such that, at any location of the surface, the flexural 
tension is less than the modulus of rupture, modi- 
fied by an appropriate safety factor. Applying a fac- 
tor of safety of 1 .5, and taking the modulus of rup- 
ture of normal weight concrete as 7.5 vf^ : 

f; < 5VnT 

where: 

f' r = allowable flexural tension, computed 

on the basis of a gross concrete section 
f' cj = concrete strength at the time considered 

For lightweight concrete, the value f, should be 
modified by the factor f ct /6.7, if f ct is known. If f ct 
is not known, the value f' r should be multiplied by 
0.75 for all-lightweight concrete and 0.85 for sand- 
lightweight concrete. 

Where the handling procedure will not permit 
achieving the above limitations, prestressing can be 
introduced, using either pretensioning or post-ten- 
sioning. In either case, the prestressing force should 
generally be concentric with the effective cross-sec- 
tion, in order to minimize out of plane deforma- 
tions. For thin sections (2 to 3 in.) which may be 
subjected to undesirable bowing, it is sometimes 
feasible to prestress the section eccentrically, to 
counteract the bowing. It is recommended that pre- 
stressing in a panel, after all losses, be limited to the 
range of 150 psi to 800 psi. All limitations and de- 
sign criteria listed in ACI 318-77 for prestressed con- 
crete are applicable, with the further restriction that 
the allowable tensile stresses under loads during 
handling not exceed the above values for f' r . As an 
additional caution, it may be noted that the panels 
prestressed with zero eccentricity will not camber 
from the forms at release. Thus adhesion may be 
significant, and should betaken into account (Table 
4.1). 

If short panels are pretensioned, care must be 
taken that effective bond transfer length is provided. 
Strand should be bonded beyond the critical section 
for a development length, in inches, not less than 
(f ps -2/3 f se )d b , where d b is the nominal diameter 
in inches, f ps and f se are expressed in ksi, and the 
expression in the parenthesis is used as a constant 
without units. When bonding of a strand does not 
extend to the end of the member, the above bonded 
development length should be doubled, in order to 
minimize the possibility of cracking in thin preten- 
sioned members, the maximum size of prestressing 
strand should preferably not exceed: 



Panel thickness, in. 


Strand diameter, in. 


2 1/2 

2 1/2 to 3 1/2 

3 1/2 and thicker 


3/8 
7/16 

1/2 



Post-tensioning of architectural concrete pro- 
ducts may have economical advantages where it has 
been determined that the product should be pre- 
stressed. If panels are post-tensioned, care must be 
taken to assure proper transfer of force at the an- 
chorages and provision for anchor plate protection 
against corrosion. Straight post-tensioning cables or 
bars can be incorporated into the product, and this 
would generally require anchorages at both ends of 
the tendon. One method used to minimize the num- 
ber of anchorages is illustrated in Fig. 4.3. 4 Plastic 
coated tendons with a low coefficient of angular 
friction (m = 0.03 to 0.05) are looped within the 
panel, and anchorages installed at one end only. 

Fig. 4.3 Plan and section of flat rectangular panel 
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Following curing, the tendons are post-tensioned 
and the anchorage area sealed. The design proce- 
dures are as indicated in ACI 318-77, and the limit- 
ing stresses during handling are the same as for con- 
ventional reinforcement. With this method of stress- 
ing, it is important to accurately determine the fric- 
tion losses which will occur due to the multitude of 
tendon curvatures. 

A significant design consideration is the evalua- 
tion of possible future unplanned openings. Cutting 
of an unbonded tendon will remove the effect of 
prestressing for that particular tendon. While it is 
unlikely that unplanned openings will be required, 
the designer must still be cognizant of this. One im- 
portant advantage is that, by use of prestressing, it 
is possible to compensate for possible bowing of 
thin panels. 

4.3.2 Handling with Controlled Cracking 

When a reinforced concrete element is subjected 
to flexural tension, the amount and location of re- 
inforcing has a negligible effect on member perfor- 
mance until a crack has developed. As stresses in- 
crease, hairline cracks may develop and extend a 
distance into the element. If cracks are narrow, the 
structural adequacy of the element will remain un- 
impaired. 

It is recommended that, for surfaces exposed to 
the weather, the maximum permissible crack width 
not exceed 0.005 in., and for surfaces exposed to 
view but not weather, the maximum permissible 
crack width not exceed 0.01 in. In order to limit 
crack widths, reinforcing size and spacing should 
be selected based on the following: 



w„ 



0.076 Rf s v^VA x 1(T 3 (Eq. 4-1) 

, b 



n.a. 

5 



ZL 



where: 
R 



maximum width of crack at the extreme 
tensile fiber (in.) 

h 2 /h 1 

distance from the centroid of the tensile 

reinforcing to the neutral axis 

distance from the extreme tensile fiber to 
the neutral axis 

thickness of concrete cover, measured 
from the extreme tensile fiber to the cen- 
ter of the reinforcing closest thereto (in.) 



A = average effective concrete area around 
one reinforcing bar (in. 2 ) (A = 2bt b /num- 
ber of bars) 

f s = steel stress (ksi) 

For a flat panel one ft wide, with reinforcing in 
one layer in the tensile zone, and with reinforcing 
spaced 12 in. o.c, the steel stress as a function of 
crack width can be determined from Fig. 4.4. For 
other values of reinforcing spacing, the stress deter- 
mined from Fig. 4.4 should be multiplied by 

V^ 1 2/s , where s is the spacing in inches. 

For flat panels designed to be lifted in a manner 
that will result in equal tensile stresses on each face, 
Fig. 4.5 through 4.8 indicate reinforcing required 
for different widths of cracks. These charts assume 
a single layer of reinforcing on each face and an im- 
pact factor of 40% on the weight of the panel, and 
a maximum reinforcing spacing of 12 in. For spac- 
in gs oth er than 1 2 in. divide chart values for A. by 
V 7 12/s , where s is the spacing in inches. 

4.3.3 Load Multipliers for Production 

Panels will be subjected to forcesduring stripping 

Fig. 4.4 Steel stress for various crack widths - 

flat panels with reinforcing steel 12 in. o.c, 
one face only 
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Fig. 4.5 Reinforcement required each face for various crack widths - flat panels with reinforcing steel 12 
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Fig. 4.6 Reinforcement required each face for various crack widths — flat panels with reinforcing steel 12 in. o.c, 
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Fig. 4.7 Reinforcement required each face for various crack widths — flat panels with reinforcing steel 12 in. o.c., 
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Fig. 4.8 Reinforcement required each face for various crack widths — flat panels with reinforcing steel 12 in. o.c, 
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which are in addition to the weight of the panel, and 
which will depend upon methods of forming, sur- 
face treatment, and member geometry. During the 
handling process, members may be subjected to dy- 
namic forces. For purposes of determining concrete 
stresses and reinforcing, it is common practice to 
use multipliers on the panel weight, and treat the 
resulting force as an equivalent static dead load. 
There are no fixed values which can be quantitative- 
ly derived; values which have been used in the past 
are generally based on the experience of the panel 
manufacturer. Table 4.1 provides one set of reason- 
able multipliers which may be used to determine 
equivalent static load. 



1. For handling and erection devices attached to 
or embedded in the concrete panels — 2.5 
times the equivalent static load (Table 4.1), 
but not less than 4 times that portion of the 
actual weight of the panel supported. 

Example: At stripping, assuming a sculptured 
panel using exposed aggregate, the devices used 
for stripping should have a safety factor of 
2.5 x 1.5 = 3.75, or 4, whichever is greater. 
Use 4. 

2. For unreinforced panels — f' ru = 7.5 \Zf^j" 
where f' ru is the ultimate tensile stress, com- 
puted on the basis of a gross concrete section 



Table 4.1 Equivalent static load multipliers to account 
for stripping and dynamic forces 



STRIPPING 


^\Fsnish 
Panel ^\. 
Type \^ 


Exposed aggregate 
with retarder 


Smooth mold 
(form oil only) 


Flat, with removable 

side forms, no 
false joints or reveals 


1.2 


1.3 


Flat, with false 

joints and/or 

reveals 


1.3 


1.4 


Fluted, with proper 
draft 


1.4 


1.6 


Sculptured 


1.5 


1.7 


YARD HANDLING 2 AND ERECTION 3 


All panels 


1.2 


TRAVEL 2 


All panels 


1.5 



These factors are used in f lexural design of panels and are not to be applied 
to required safety factors on lifting devices. At stripping, suction between 
product and form introduces forces, which are treated here by introducing 
a multiplier on product weight. It would be more accurate to establish 
these multipliers based on the actual contact area and a suction factor in- 
dependent of product weight. 

Certain unfavorable conditions in road surface, equipment, etc., may re- 
quire use of higher values. 

Under certain circumstances may be higher. 



4.4 SAFETY FACTORS 

In accordance with the accepted principle that all 
structural members have a reserve measure of 
strength against applied loads, the following safety 
factors are recommended: 



and the moment is determined from equivalent 
static load (including dynamic effects) times 
1.5. For sand lightweight or all-lightweight 
concrete, the allowable tension should be 
modified as discussed in Sect. 4.3.1. 
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3. For reinforced panels — panels should be de- 
signed in accordance with the procedures of 
ACI 318-77, considering an equivalent dead 
load (based on Table 4.1) and a safety factor 
of 1.4 x dead load. 

4.5 HANDLING ARRANGEMENTS AND 
STRESSES 

The arrangement of lifting devices will be deter- 
mined by the plant engineer, since such arrange- 
ment is a function of the manufacturing process and 
the strength of concrete at time of stripping. The 
magnitude of stresses generated at time of stripping 
will determine whether a design based on no crack- 
ing, or controlled cracking, is most feasible. When 
the maximum moment at time of stripping has been 
determined, the stresses may be evaluated based on 
the gross section properties; if they are excessive, an 
increase in the number of lifting points may be re- 
quired. The embedded devices used for stripping 
may be used again for erection; however, additional 
devices may be required to rotate the panel from the 
stripped and handled position to the erection posi- 
tion. 

4.5.1 Flat Panels 

Panels which are stripped by rotating the panel 
about one edge, with lifting devices attached near 
the opposite edge, will develop moments in accor- 
dance with Fig. 4.9 (a) and (b). For determining 
stresses, it may be assumed that the calculated mo- 
ment is resisted by a width of approximately 10t 
where t is the thickness of the panel. When members 
are stripped in this fashion, care should be taken to 
prevent spalling of the edge along which rotation is 
accomplished. Use of a compressible filler, or sand 
bed, are some of the more common ways to protect 
this edge. 

Members which are stripped flat from the mold 
will develop moments in accordance with Fig. 4.10 
(a) and (b). As above, the calculated moment may 
be assumed resisted by a width of approximately 
10t. 

Lift lines which are inclined to the plane of the 
panel will induce in-plane compression. When the 
point of load application is not coincident with the 
middle plane of the panel, additional flexure will be 
introduced. Design considerations similar to those 
discussed under Ribbed Panels (Sect. 4.5.2) are ap- 
plicable. 

When available, the use of a tilt table will signifi- 
cantly reduce stripping stresses. The slight inclina- 
tion of the panel as it is lifted from the tilted posi- 
tion to the vertical may be neglected when deter- 
mining stripping forces and stresses (Fig. 4.11). 



Fig. 4.11 Stripping from a tilt table 
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a) Hardened panel prior 
to stripping 




b) Panel tilted by table 




c) Panel stripping 



4.5.2 Ribbed Panels 

When a panel is ribbed or is of a configuration 
such that stripping by sliding or tilting is not prac- 
tical, a system of vertical pickup points on the top 
surface can be used. These lift points should be lo- 
cated so as to minimize the tension on the face of 
the member. However, the geometry and practical 
location limitations on the pick-up points may not 
permit a crack-free design. Provided that the in-ser- 
vice conditions permit, the panel in thiscase should 
be designed for the controlled cracking condition, 
or prestressed. 

Members of Constant Cross-Section 

Since the section modulus of top and bottom 
faces will not usually be identical, the designer must 
determine which face is controlling when choosing 
position and number of lift points. He must also se- 
lect the controlling design limitation: 

1. Tensile stresses on both faces to be less than 
that which would cause cracking (Sect. 4.3.1) 

2. Tensile stress on one face to be less than that 
which would cause cracking, with controlled 
cracking permitted on the other face 

3. Controlled cracking permitted on both faces 

If only one of the faces is exposed to view, then 
generally this is the face which will control. 

The design moments for a two point lift, using 
inclined lines, is indicated in Fig. 4.12. When the 
angle of lift line to the horizontal is small, the com- 
ponent of force parallel to the longitudinal axis may 
generate a significant moment. Even though the ef- 
fects of non-vertical lifting lines can and should be 
accounted for, it is not recommended that this ef- 
fect be allowed to dominate design moments. When 
this condition exists, consideration should be given 
to using spreader beams, two cranes or other 
mechanisms to reduce the angle of lift and thus the 
effect of longitudinal forces. 
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Fig. 4.9 Moments developed in panels stripped by rotating about one edge 



(a) Two point pick-up 








<>^H 



**^ 



r 'On 




(b) Four point pick-up 



>x 



Maximum Moments (Approximate) 



wa' 



(per unit of width) 



wab 2 , 
M = +M = .0214—r— (acting over a 



section of width 1 0t or x , whichever is less) 



Maximum Moments (Approximate) 



M v = 



wa^ 



(per unit of width) 



wab 2 
+ M v = - M v = .0054-^— (acting over a 



section of width 1 0t or « , whichever is less) 
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Fig. 4.10 Moments developed in panels stripped fiat 




(a) Two point pick-up 



Maximum Moments (Approximate) 

+M X = -M x = 0.0107 wba 2 
+M y = -M y - 0.0107 wab 2 

M x acting over a section of width 0.293a, 10t, 

b 
or - , whichever is less 

M y acting over a section of width 0.293b, 10t, 

or - , whichever is less 



(b) Four point pick-up 







r Or 



&> 



Maximum Moments (Approximate) 
-M = +M V = 0.0054 wa 2 b 



-M y = +M y = 0.0027 wab 2 



M x acting over a section of width 0.292a, 10t, 

or - , whichever is less 

M acting over a section of width 0.293b, 10t, 



or - , whichever is less 



In addition to longitudinal bending moments, 
there could also be a transverse bending moment 
generated by the orientation of the pick-up points 
with respect to the transverse dimension (Fig. 4.13). 
For the particular section shown, critical conditions 
could result between the ribs at a relatively low 
magnitude of moment, due to the reduced cross- 
section. 

Members of Varying Cross-Section 

The design guidelines listed under the previous 
section are applicable for members of varying cross- 
section. No rules can be formulated with respect to 
location of lift points with members of varying 
cross-section; for these cases, the location of lift 



points requires a trial and error process to determine 
the position which will result in acceptable stress. 
In the case of long members of varying section, roll- 
ing blocks can be employed (Fig. 4.14). The forces 
in the lifting lines will be equal, and the stress anal- 
ysis can proceed by considering a beam with vary- 
ing load supported by equal reactions. 

The force in inclined lift lines can be determined 
from Fig. 4.15. 

4.5.3 Handling Devices 

Lifting devices are normally strand or cable loops, 
projecting from the concrete, or threaded inserts. 
All types require engineering for safe and efficient 
usage. The actual material used is often selected on 
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Fig. 4.12 Pick-up points for equal stresses of a ribbed 
member 




Fig. 4.13 Moments caused by eccentric lifting 



R, . sine cos0 




%T r « tane 



"£T 



cgc 




M x = P H Yc 

P DL Vc 



M 



tan<9 



M z - P v e* 

M z = P D i_ e * tan( J 



where: e 



* _ .,# 



y* t + t L 



the basis of economy and local availability. 

Since lifting devices are subject to dynamic loads, 
ductility of the material should be part of the design 
requirements. Deformed reinforcing bars should not 
be used for lifting loops as the deformations result 
in stress concentrations from the shackle pin. Also, 
reinforcing bars are often hard-grade or re-rolled rail 
steel, with low ductility and low impact strength at 
low temperature. Smooth, mild-steel bars may be 
used, provided adequate embedment against pull- 
out is provided. The diameter must be such that lo- 
calized failure cannot occur by bearing on the 
shackle pin. 

Both strand and wire rope (cable) may be used 
for lifting loops. Ordinarily only the straight tensile 
load capacity of a given product is available from 
the manufacturer, and a given product's capacity 
when tensioned while bent over the relatively short 
radius of some lifting hooks can be significantly less 
than its straight tensile capacity. The strand or wire 
rope's ability to withstand repeated bending and 
flexing must be considered. Also, the bond/embed- 
ment length or embedded configuration with or 
without supplemental reinforcement may limit a 
lifting loop's capacity, and edge conditions may 
further limit capacity. 

In order to assure that an embedded insert acts 
primarily in tension, a swivel plate as indicated 
(Fig. 4.16) should be used. 



Fig. 4.14 Arrangement for equalizing lifting loads 




rolling block 



force equal on all 
lines 



all reactions 
equal 
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Fig. 4.15 Determination of force in inclined lift lines 

Crane Line Load =W 

t 



S - Sling Load = (W)(F) 
2 






Multiplication Factor "F" for the total load on 
the hoisting sling with an inclination = 


<t> 


90° 


75° 


60° 


45° 


30° 


15°* 


F 


1.00 


1.04 


1.16 


1.42 


2.00 


3.86 



Note: usually not less than 60° to 70° 
* Not recommended 



Fig. 4.16 Swivel plate 








X~ — angular pull 


insert bolt — ^ 


/ 


JO/ 


/ swivel plate 


w 


i 




1 ! 


i 




i 


N horizontal component 
resisted by friction in 
this area 


L 

insert placed -^* 
mostly in tension 


j 


i 


i 





The looped (aircraft) type cable finds application 
in stripping small flat panels or for edge lifting of 
flat panels. The following table indicates usual 
working loads. 



diameter in. 


capacity lb. 


3/16 


1250 


1/4 


2000 


5/16 


3000 


3/8 


5000 


1/2 


10000 



Lifting heavy units from threaded inserts should 
be carefully assessed. When properly designed (for 
insert and concrete strength) and applied according 
to such criteria, threaded inserts have many advan- 
tages. Correct usage is sometimes difficult to inspect 
during handling operations. 



Connection hardware should not be used for lift- 
ing or handling of any but the lightest units, unless 
carefully reviewed by the designer. 

DESIGN EXAMPLE 

A ribbed wall panel design is to be checked for 
stripping forces and corresponding stresses. 



Section: Ribbed 
Span - 40'-0" 



96" 



m^r 



TT 3 



Vb 



= 0.276 



Half Section Properties: 

Y b = 10.18 in. 

Y t = 2.81 in. 

S b = 156 in. 3 

S t = 565 in. 3 

Wt. = 192 plf 

f' ci @ stripping = 4000 psi 

Stripping load: 

assume a load multiplier of 1.6 (Table 4.1) 
W = 1.6(192) = 307 plf 

CASE NO. l - Neglecting the moment due to pick 
up points 

Pick up location for equal tension on each face: 



X 



TV-* 

= 0.2347 


J 


2(1 


+ V1.276) 


wx 2 L 2 
J\ = 2 


= - 


0.307 
2 


(0.2347 x 40) 2 


= 13.52 ft-k 









M = J 3^n2) =287psi 

1 S t 565 

< 5 V 4000 

Note: Since stresses are equal on the tension faces 
there is no need to calculate more than one. 
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CASE NO. 2 - Accounting for moments due to pick 
up points 

For: 9 = 45 deg 



a) Assume: Y c = Y t 

4Y„ 4(2.81) 



Ltanf 



12(40)tan45 
4Y. 



= 0.0234 



1 + 



X 



Ltanfl 



1 + 



m 



1.0234 



4Y C 
Ltanfl 



2[1 +V 1+0.276 (1.0234)] 



= 0.23996 
_ M = MP2 (0.23996 x 40) 2 = 1 4. 1 4 ft-k 

= , 14,140(12) =300psj<5 V4000 
* 565 

b) Assume: Y c = Y t + 3" = 5.81" 



4Y„ 



Ltantf 
X = 



0.0484 

1.0484 



M 



2[1 +V1 +0.276 (1.0484)] 
0.307 , ^_ , rtl2 



0.24547 



(0.24547 x40) 2 = 14.80 ft-k 



14,800(12) _.. . , _ nrzrz- 

f t = — -^ — L = 314 psi < 5V4000 
1 565 

considering a change in angle of lift line 
For 6 = 20 deg: Y c = Y t 

X = 0.24897 
-M= 15.00 ft-k 



f t = 318 psi = 5V4000 



Y c = Y t +3" 



X = 0.2640 
■M= 15.92 ft-k 

f t = 338 psi > 5V4000 



DESIGN EXAMPLE 

A window unit of exposed aggregate is to be cast 
face down and stripped vertically. Pickup points 
are to be located to minimize tension stress in the 
concrete. 



2-0" 8'- 4" 



A 



3'-i 



8' - 4" 



19%" 



23' -llV 



A 

j 



E 



N P 

i^pick ijip points 






Section A-A 



Section Properties V 
A = 237.6 in. 2 



I x = 10,969 in. 4 

= 4,448 in. 4 £ 



L 



S tx = 11,892 in. 3 
S bx = 742.4 in. 3 



Dead load of member: Assume: 1.6 Multiplier 
(Table 4.1) 




1.6(1,800) 
=2,881 
Pit 



Rl 
,6^60° 



Rr 



eee: 



1.6(495) 



2-0" 



'c 1.6(495) 
-792 plf 

8-4" 



W92plf 
^2,881 plf 

8' - 4" 



19 1 /^ 



X-2.25 



W 



W = 16.67' (792) + 7.292 (2881) = 34,2111b 

Lifting loops should be placed symmetrically about 
the center of gravity of the member. 

Assume critical cracking stress will occur in the 
narrow sections of the unit. For equal stresses on 
each face: 
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ft = f b 



. MjYt. M p Y b 

" 1 I 

Y u 



•M n = V M p = 1.602 M p 



V R 




H 



V 



tanfl 



34,211 
2tan60 



Y c = Y t + 3 = 12.22 in. 



12 22 
M H = -^f- (9876) 

= 10,060 ft-lb 



2,881 plf 



V = 17,105lb 



H= 9,876 lb 



^792 plf 



10.33 - X 



N.A. 



M P 



10.33' 



M n = 396 x 2 +4178x-4178 
M n = 1 .602 Mp 

.-. 396x 2 +4178x- 4178 

= 1.602 (- 17,105 x +105,520) 



x 2 +91.14x 
x = 5.15' 

Use: x = 5' 



499 



M„ 



= 105,520- 17,105 (5) = 19,996 ft-lb 

(239.9 in.-k) 

= 396 (5) 2 +4178(5)- 4178 
= 26,614 ft-lb (319.3 in.-k) 

319,300 (9.224) 



M n Y b = _ 

I 2(10,969) 

= 134 psi 

M p Y b _ 239,900 (14,776) 



b I 2 (10,969) 

= 162 psi 

This stress would allow stripping at f' cj as low as 
2000 psi without theoretically cracking the sec- 
tion. Thus, reinforcing would not be required. For 
illustrative purposes, determine reinforcing re- 
quired for controlled cracking, assuming a permis- 
sible crack width = 0.005". 

Reinforcing For Controlled Cracking: 
319.3 



M r 



M p = 



2 
239.9 



= 159.6 in.-k per narrow section 
= 120 in.-k 



M p = 17,105 (10.33- x) - 792 



- 2881 (2)9.33 + 10,060 

Mp = - 17,105 x +105,520 
2' 



(8.33) 2 



X 



A Jm n 



M n = 2881 <2)(x-1) + 



792 (x-2) 2 



ForM„ 



d = 22.5" 



Assume: jd = 0.9d 
kd = 0.3d 

1734" 



^ 




^(2- #5) 






[ ----- 










t 




CM 




/ - c 


JZ 






V 








^ 


5" 


^-(* 


t6 
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h 1 = 0.7d = 15.75" 
h, = 17.25" 



•". h 2 /h 1 = 1.09 



For a crack width = 0.005", f = 1 6. 1 ksi 
(Fig. 4.4) 



Approx A. 



Min p. 



M„ 



120 



f s 0.9d 16.1 (0.9) 22.5 

= 0.368 in. 2 
200 200 



f„ 



60,000 



= 0.00333 



A 



l s min 



0.00333 (5) 22.5 = 0.375 in. 2 



Try #6 Bar A s = 0.44 in. 2 

. 17.75 kd 2 = 9(044) (22.5- kd) 
2 

kd = 2.959, jd = 21.51 

•'. h, = 19.541", h 2 = 21.04" 

h 2 
TT = 1-08 

Actual f = 



120 



0.44 (21.51) 



= 12.63 ksi 



From Fig. 4.4 the corresponding crack width is 
0.004 in. which should be satisfactory. 

Use: #6 bottom of section 
ForM„ 



Assume -- = 1.10, jd = 0.9d, f - 16 ksi 
h i 



Approx A. 



ML. 



159.6 



fjd 16 (0.9) 22.5 

- 0.49 in. 2 



Try 2- #5 (A, - 0.62 in. 2 ) 



5kd 2 



- 9 (0.62) (22.5- kd) 

kd - 6.01 in., jd = 20.5 in. 
16.44 in., h 9 = 17.99 in.; -~ = 



1.09 



Actual f = 



159.6 
0.62 (20.5) 



- 12.56 ksi 



From Fig. 4,4 the corresponding crack width is 
0.004 in. Modified for the number of bars, 2: 



w = 0.004 \/03 = 0.0032 in. which should be 
o.k. 



Use: 2 - #5 top of section 

4.6 STORAGE 

Often the manner of storing depends on how the 
panel is to be shipped, and what limitations the 
panel's cross-section imposes on handling. General- 
ly, member storage is such that the points of sup- 
port are at or near those used for stripping and han- 
dling. Thus, the design for stripping and handling 
will usually control. Where points other than those 
used for stripping or handling are used for storage, 
the storage condition must be checked. 

A basic axiom is to support the panel at two lines 
only, where possible. If support is provided at more 
than two lines, and the design based on more than 
two supports, precautions must be taken so that the 
panel does not bridge over one of the supports, due 
to differential support settlement, thus causing bow- 
ing and possible cracking. Long members in partic- 
ular should have their support so chosen that long- 
time deformations in storage are minimized. Mo- 
ments, shears, and initial deformations for uniform- 
ly loaded members with different support arrange- 
ments are indicated in Fig. 4.17. Particularcaremust 
be taken for prestressed members, with account 
taken for the effect of prestressing. Equalization of 
stresses on both faces will help in minimizing de 
formations while in storage. 

4.6.1 Warping in Storage 

During yard storage, the concrete strength may 
still be low, and the panel can be subject to warp- 
age, bowing, and possible cracking due to deforma- 
tions. The primary causes of warpage are differen- 
tial temperature, differential shrinkage, creep and 
storage conditions. Warpage cannot be totally elim- 
inated, though it can be minimized by blocking of 
the panel in a given plane. Where feasible, the ele- 
ment should be oriented in the yard so that the hot 
rays of the sun do not overheat one side only, thus 
creating deformations due to differential tempera- 
ture. Storing members in such a manner that flexure 
is resisted about the strong axis is the most common 
way of minimizing stresses and deformations. 
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When a differential strain on opposite faces can 
be established, it can be assumed that the panel will 
bend in a circular shape. From this assumption, the 
amount of lateral bowing can be determined, as in- 
dicated in Fig. 4.18. This design approach assumes 
a uniform change of strain across the section, and 
does not account for creep in the concrete due to 
internal stresses. 

For the type of support conditions illustrated in 
Fig. 4.19, warping can occur in both directions. By 
superposition, the total warpage at the maximum 
point can be estimated by: 



Fig. 4.19 Panel warpage in storage 



'max 

where: 

'max 
W 

e c 

a 

L 



5 w sinfl 
384E„ 



I, 



I 



(Eq. 4-2) 



Ub = 



maximum deflection, in. 

panel weight, pli 

modulus of elasticity of concrete, psi 

panel support height, in. 

horizontal distance between supports, 
in. 

moment of inertia of uncracked 
transformed section in the respective 
direction, for one in. width of panel, 

in. 4 



Fig. 4.18 Bowing due to differential strain 



tan 9 = 




lateral 
supports 




PANEL TILTED OUT OF VERTICAL FOR STORAGE 



Wsin e 



Wcose 





SECTION A-A 

When considering warpage in storage, the time 
dependent creep and shrinkage effects should be 
considered. The total deformation will also be a 
function of the amount of reinforcing. The total 
deformation at any time can be estimated as: 



Vt 



Vt 



(1+X) 



(Eq. 4-3) 



'max 

X 



= time dependent displacement 

= instantaneous displacement 

= amplification due to creep and 
shrinkage (Fig. 4.20) 




4.7 LATERAL STABILITY 7 

Attention should be given to temporary stresses 
and stability of long members with narrow com- 
pression flanges during handling, transportation, and 
erection. 
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Fig. 4.20 Effect of compression reinforcement on creep 




1 3 6 



12 18 24 30 36 48 

DURATION OF LOAD -MONTHS 




Consider a member of the general shape indicated 
below: 



c 



90 c 



First, the location of the centroid of the member 
and the moment of inertia of the member about the 
weak axis is calculated. Next, the member is as- 
sumed to be rotated 90 deg., freely supported at its 
ends, and allowed to bend about the y-axis. 




The factor jS y due to the member's self weight 
w g over a span /, is calculated. If the member is pris- 
matic and is of a uniform weight per ft and a con- 
stant moment of inertia L : 



0v = 



5 Wg/ 4 



384 El 



(Eq. 4-4) 



The distance from the top face to the centroid of 
the member is y T . 

When the member is lifted at the crane hooks, the 
factor of safety against lateral buckling is: 



F.S. = ;r- 






Allowing for dynamic effects, a factor of safety 
of 2 should be required. Thus, for safe hanging, 

y T > n r 

For safe handling of long members, resistance to 
lateral buckling can be improved by several meth- 
ods: 

1. Design adequate moment of inertia l y . 

2. Specify very high-strength concrete (increase 
modulus of elasticity). 

3. Keep weight w g low, if possible. 

4. Reduce (3 y by moving lifting loops away from 
ends of the members. 

5. Attach temporary lateral bracing to compres- 
sion flange or provide strongbacks, stiffening 
trusses or pipe frames. Sometimes two or more 
units can be transported together, side by side, 
and tied together to provide the necessary lat- 
eral strength. 

Economics and other considerations usually dic- 
tate the choice of methods selected for obtaining 
lateral stability. Trade-offs among the five param- 
eters above should be considered in optimizing the 
decision. 

When temporary f lexural stresses permit, location 
of the lifting loops away from the ends of the mem- 
ber can improve lateral stability substantially, Fig. 
4.21a. However, it is difficult to try to locate the 
lifting loop for lateral stability on the one hand, and 
to keep the bending stresses within the permissible 
limits on the other hand. The curves Fig. 4.21b, 
show the percent change in moment as a function 
of span reduction a//. The percent reduction in fac- 
tor |3 y is shown in Fig. 4.21c. 
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Fig. 4.21 Method of decreasing buckling moment 
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Design Example: Lateral Buckling 




3 in. thick x 8 f t high concrete panel' 
f' c = 5000 psi 
w = 300 plf 

Lift points located 40 ft o.c. 
5 wL 4 



ft 



c 'y 



384 E 

T^x96x3 3 - 216 in. 4 



E c = 4.3 x 10 6 psi 

5 300 (40x12) 4 

ft v = ^rr x -77T x 



B 

c 

I 

c 



CO 

c 
5 ® 

o 
42 

3 <D 



0.02 



y T 



384 " 12 " 4.3 x 10 6 x216 

96 

— = 48 in. > 2j3 y .'. o.k. 

4.8 TRANSPORTATION 



18.6 in. 



0.04 
a/* 

(b) 
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0.06 0.08 0.10 



100 
90 
80 
70 
60 
50 

^40 

30 

20 

10 



















































































\ 























The purpose of this section is to introduce the 
designer to some of the structural considerations 
related to transportation, and to suggest design 
guidelines. The limitations on weights and sizes in- 



'0 0.02 0.04 0.06 0.08 0.10 

(c) 



dicated must be verified for each plant and each 
project. This section also introduces a discussion of 
stresses introduced by the dynamic effects of mov- 
ing vehicles. Experience indicates these effects can 
be critical. The analysis provides a range of forces 
due to dynamic effect which should not be consid- 
ered absolute, but must be tempered by judgment 
and experience. 

Most precast firms use either flatbed or low-boy 
trailers, and these trailers cause significant deform- 
ations during hauling. Thus support at more than 
two points on a trailer can be achieved only after 
considerable and expensive modification of the 
trailer. 

Federal, State (Province), and local regulations 
limit the size of shipping loads. Limitations vary 
from one locale to another, and where large units 
are to be moved, a thorough check of local statutes 
is necessary. Where climatic conditions result in half 
load restrictions during spring thaws, actual timing 
of the expected transportation becomes significant. 

The common size of payload is 20 ton with a size 
restriction of 8 ft in width, 8 ft in height, and 40 ft 
in length. !f a unit will fit within the confines of 
this size and weight restriction, the panel can be 
hauled on a standard trailer, without requiring per- 
mits. By use of low-boy trailers, the panel height 
can generally be increased to about 10 ft without 
requiring special permits. However, low-boys cost 
more to operate, and their shorter bed length may 
restrict the length of the panel. In some states, total 
heights (roadbed to top of panel) of 13 ft 6 in. are 
permitted without special permit, while in others 
this limit is 12 ft. On occasion, use of such heights 
requires special routing to avoid low overpasses and 
overhead wires. Restrictions generally exist for loads 
over 8 ft in width, and maximum widths can vary 
from 10 ft to 12 ft to 14 ft from state to state and 
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even city to city. Most states allow lengths up to 
55 ft without special permit. Some allow loads over 
70 ft with only a simple permit, while others require, 
for any load over 55 ft, special permit, escorts front 
and rear, and travel limited to certain times of the 
day. Besides lengths and widths, weight restrictions 
vary widely. Thus, the general load limit without 
permit (20 to 22 ton) can in some states be modi- 
fied up to 100 ton with special permit, while in 
other states there are very severe restrictions on 
loads over 25 ton. These restrictions will add to the 
cost of the precast unit, and thus should be eval- 
uated against savings realized by combining smaller 
units into one large unit. 

In determining final panel dimensions, consider- 
ation should be given to utilizing a full truckload. 
The average payload is about 20 ton; thus a precast 
unit, or several units combined, should approximate 
this usual payioad. For example, an 11 ton unit 
may not be economical, because only one can be 
shipped per load, while if the unit were 10 ton, two 
could be shipped at one time. (For quick calcula- 
tion, standard weight concrete, including reinforcing 
and hardware, weighs about 150 pcf.) 

In order to facilitate erection, it is desirable to 
transport members in the same orientation which 
they will assume in the structure. In many cases this 
is possible; for example, with single-story panel 
units, transportation can be accomplished on an A- 
frame type trailer with the panels in an upright posi- 
tion from which they can be lifted directly into 
position. With this type of trailer, good lateral sup- 
port as well as two points of vertical support are 
provided to the members, and this is illustrated in 
Fig. 4.22. 



Fig. 4.22 Transportation of single-story panels 



Fig. 4.23 Transportation of multi-story panels 




Longer units, which are thin compared to their 
length and width, can be transported in a favorable 
orientation to reduce tensile stresses. Two or three 
story panels can be transported on their sides, taking 
advantage of increased stiffness while supporting the 
panel on two points, with lateral support along the 
length of the panel. This is illustrated in Fig. 4.23. 

One of the important factors when considering 
transportation is the location of supports. Panel sup- 
ports should be chosen such that the imposed ten- 
sile stresses do not exceed the permissable value of 
5 vf ci , with due consideration given to the effect 




of dynamic loading. When a member is non-sym- 
metrical about a bending axis of the cross-section, 
the location of support points to produce equal 
bending stresses on each face will be a function of 
the ratio of the distances from the bending axis to 
top and bottom fiber. If the tensile stresses cannot 
be contained within the above limiting value, aux- 
iliary bracing, such as stiff-backs or space frames, 
can be attached to the member prior to loading, and 
these members are designed to provide full or partial 
support (Fig. 4.24). 

When it becomes necessary to transport a panel 
with one end cantilevered from a support, and that 
panel is not symmetrical with respect to the bending 
axis, the following expression can be used for deter- 
mining the location of supports to give equal 
stresses: 



J>7v;/;;/Jb7 / f)t>///; 




x - 1/2 




(Eq. 4-5) 



where: 

y b = distance from the bending axis to the 
bottom fiber 

y t = distance from the bending axis to the top 
fiber 

When a member must be transported such that it 
cantilevers equally from both ends, the following 
relationship can be used to determine the location 
of supports to provide equal stresses: 
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where: 
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x = 



•i 



1 + 1 + 



Yl 

y b 



(Eq. 4-6) 



4.8.1 Dynamic Stresses 

When members are transported in a flat position, 
either on flat or pole trailers, they can be subjected 
to dynamic forces which result in vibration due to 
the hauling. Significant stresses may be imposed 
upon a member during transportation particularly 
if a member has a natural frequency close to that of 
the support system. Dynamic stresses are usually 
considered as an increase in stress. However, for 
long, thin prestressed members supported at their 
ends only, a dangerous condition may arise due to 
bounce. The dead load of the member may be tem- 
porarily relieved by the bounce, and the prestress, 
no longer countered by dead load, may cause exces- 
sive tensile stress and even failure. 

When a member is supported near the ends, a 
static equivalent load can be used to approximate 
the dynamic effect. That is, in order to determine 
stresses due to dynamic action, an amplified load 
w dy can be substituted for the member dead load: 



w dy = Aw dl 



(Eq. 4-7) 



Fig. 4.24 Methods of temporary strengthening of panels 
with significant openings 
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w, 



f dy 



= amplified load 
A = amplification factor, given by the curves 

of Fig. 4.25 
w d) = weight of the member (member dead 

load) 
The curves in Fig. 4.25 are based on a single de- 
gree of freedom and a range of exciting truck fre- 
quencies from 3.5 hz to 5 hz, and a damping coef- 
ficient of 0.02. The recommended curve is based on 
the median of these two frequencies. In this curve: 
A = amplification factor 
p = natural frequency of vibration, hz 

^ _JL_ /Ha (Eq. 4-8) 

2L 2 VtAc 

E = modulus of elasticity, psi 

7Ac = weight per unit length of member, lb/in. 

I = moment of inertia of the section about 
the bending axis normal to the displace- 
ment 

g = acceleration due to gravity 

(386.4 in./sec 2 ) 
L = length between supports, in. 

Fig. 4.25 Determination of load amplification factor 
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It is evident that for members with a natural fre- 
quency (p) near the average frequency of a highway 
truck large overloads on the members can result. 
However, it must be emphasized that the curve given 
for amplification of the dead load is very approxi- 
mate since average exciting frequency, damping and 
boundary conditions are used. On the other hand, 
certain information can be derived from this curve 
which should help eliminate overstressing during 
hauling (See Fig. 4.26). 

1. An exciting frequency of 5 hz (cps) is in the 
higher range of those reported for highway 
trucks. 

2. The natural frequency of any precast member 
will be greater than the exciting frequency of 
the truck and its period (1/p) will be less than 
0.24 for any practical case. 

3. The value of A at 1/p = is unaffected by the 
damping in the member, and 

4. The damping controls the maximum A value 
which is not of any practical importance to 
design. 

In general it can be seen that a minimum loading 
equal tow DL should be used in any member subject 
to free vibration during hauling. Also the assump- 
tions affect the curve for values of 1/p > 0.16 suf- 
ficiently to not recommend the use of correspond- 
ing A values in design. For the members of higher 
period (1/p > 0.16) the design or hauling proce- 
dure should be revised. It should be pointed out 
that this is not an evaluation of impact loading or 
an impact factor but an amplification of load due to 
vibration. With this being the case it may be of in- 
terest to note that the dynamic loading could be in 
either direction. This could generate a minimum 
loading that might be of consequence if the dead 
load is relied upon to maintain a particular stress 
condition in the member. 

w min = (2- A)w DL 



Fig. 4.26 Fundamental frequency of simple beams with 
cantilevers at each end 



f - F 



Elg_ 

w/ 4 



where 

f = fundamental frequency, cps 

g = acceleration of gravity, 386 in. /sec 2 

F = factor from table below 

E = modulus of elasticity, psi 

I = moment of inertia, in. 4 

w = unit weight of beam, pli 

/ = total length of beam, in. 

a - length of cantilever at one end, in. 

b - length of cantilever at opposite end, in. 

FACTOR F 



a/I 



0.1 



0.2 



0.3 



b/l 



1.57 



1.92 



2.30 



2.37 



0.1 



1.92 



2.40 



2.88 



2.77 



0.2 



2.30 



2.88 



3.38 



3.10 



0.3 



2.37 



2.77 



3.10 



3.04 



DESIGN EXAMPLE: DYNAMIC STRESSES 

1. Calculate the amplification factor for a 6" solid 
slab, length = 20', normal weight concrete 



P = 



2L 3 



Eig 

w 



E = 4.03 x 10 6 psi 
I = 216 in. 4 
w = 6.25 pli 



2(12 x20) 2 



/ 



4.03 x 10 6 x216x (32.2 x 12) 
6.25 



6.32 



- = 0.158 and :. A = 1.82 
P 

.'. use impact fact of 1.82 during 
transportation 

2. Calculate the amplification factor for a hollow- 
core wall panel, length = 30', weight = 55 psf, 
width = 8' 

E = 3.80 x 10 6 psi 

I = 3063-8 = 383 in. 4 

w = 55-M2 = 4.6 pli 
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p = 



2(12 x30) 2 
= 4.25 



J™*- 



10 6 x383x (32.2 x 12) 
4.6 



p " °- 24 

From the curves, the amplification factor will 
be very high. Therefore, reduce the distance be- 
tween support ooints and/or introduce some 
form of damping into the system. 

4.9 ERECTION 

Generally, erection poses no particularly new 
problems in the design of the panel. The stress limi- 
tations and multipliers previously discussed for strip- 
ping and handling are applicable during erection. 

The center of gravity of the panel should be com- 
puted and lifting points located so as to place the 
center of gravity of the loads directly below the 
main hook and below the lowest point of the attach- 
ment of slings, in order that the panel will hang level 
during erection. Walls with openings should be care- 
fully checked for erection stresses and braced for 
handling when necessary. 

Erection is also an engineering consideration 
from the viewpoint of making the process fast, ef- 
ficient and safe. Speed of erection is directly related 
to the type of connections selected (see Chapter 2) 
and the arrangement of the building frame. It is 
highly desirable that the connection allow for initial 
setting of the panel and immediate release of crane, 
with final alignment completed independent of 
crane support. 

Any specific restrictions placed on the sequence 
of panel erection, as may be related to strength of 
the structural frame, must be indicated on the Con- 
tract Drawings. Limitations may state that loading 
on the structure shall be balanced, or may require 
that no elevation be erected more than a stated 
number of floorsahead of the remaining elevations, 
or they may involve the rigidity of the structure, re- 
qu iring that walls not be erected prior to completion 
of floors designed to carry horizontal loads. In steel 
frames, it should be determined how far ahead final 
connections of the frame must be completed prior 
to panel erection. In concrete frames, it must be de- 
termined what strength of concrete is required prior 
to imposing loads of the precast panels. The frame 
designer must also recognize that connections be- 
tween panel and frame impose concentrated loads 
on the frame and that these loads may require sup- 
plementary local reinforcement. In the case of multi- 
story concrete frames, consideration should be given 



to the effects of frame shortening due to shrinkage 
and creep. Delay in erecting precast panels to permit 
a portion of the shrinkage and creep to occur may 
be beneficial. For panels which are supported on a 
continuous bed of grout (such as in load bearing wall 
construction) the maximum number of floor levels 
which can be erected using only shims should be de- 
termined and, if critical, indicated on the Contract 
Drawings. 

The deflection of a panel support is a function of 
the stiffness of the support. Thus, where adjacent 
panels are supported on different portions of the 
building frame with differing stiffnesses, relative de- 
flections between adjacent panels may occur. This 
is often the case at building corners, where the struc- 
tural arrangement may result in significantly differ- 
ent stiffnesses. It is also a concern where the struc- 
tural frame cantilevers. If panels are attached in a 
manner which will tend to prevent relative displace- 
ment, panel stresses developed must be evaluated. 

Erection equipment will frequently influence the 
size of precast panel. The designer must consider ac 
cess to the site to be certain that there is sufficient 
room and proximity to the structure so as to allow 
erection to proceed as contemplated. This requires 
coordination with other trades to assure that there 
will be no interference with crane access, such as 
foundation walls. It should be noted that cranes are 
rated by the safe capacity they will lift with the 
shortest boom and at the steepest boom-up angle. 
Maximum lifts will reduce rapidly as boom length 
and angle change, and the designer should if possible 
consider this during the planning stage. On very tight 
sites, the use of a climbing crane may be necessary. 
If so, this will have a significant effect on the plan- 
ning of the structural frame and the sequencing of 
construction, which must be considered during the 
planning stages of the structural frame. 8 

After erection, each panel must be stable and of- 
fer resistance to wind, accidental impact, and loads 
which may be imposed due to other construction 
operations. Provision should be made both in the 
architectural panel and the support system to per- 
mit immediate bracing of the panels. The arrange- 
ment of such temporary bracing should be such as 
not to interfere with adjacent erection and other 
construction processes, and the bracing must be 
maintained until permanent connections are accom- 
plished. It is desirable that each precast element be 
braced independently of other elements, so that a 
panel may be moved without effect upon the adja- 
cent panel. Permanent connections which safely sus- 
tain loads imposed during erection may be used in- 
stead of temporary bracing. 

Temporary supports or bracing should be de- 
signed with a safety factor of 2 to withstand wind 
loads in accordance with American National Stan- 
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dards Institute "Building Code Requirements for 
Minimum Design Loads in Buildings and Other 
Structures" (A58. 1-1972) or in accordance with 
local codes, but not less than 15 psf on projected 
surfaces. Experience has shown that, in bracing, 
tension failure of embedded inserts can be critical. 
Seismic forces are usually only considered when the 
time of unsupported erection condition will be un- 
duly prolonged (i.e., winter shutdown), or when dis- 
lodgement could have "stack-of-cards" or other 
catastrophic consequences. 



4.10 DESIGN EXAMPLE 1*: FLAT PANEL 

A flat panel is used as a non-load bearing facade 
in a two-story high structure. The process which 
the plant engineer follows in determining pro- 
duction requirements, including cost compari- 
sons of different alternatives, are given in rigor- 
ous detail for purposes of illustration. Elements 
of this design, such as impact factors, are based 
on the recommendations of this Manual. The 
example also illustrates the design process for 
the connection of the panel when in the final 
position. 

Project: Sewage Treatment Plant 

Specified: Wind Load - 20 psf pressure and 
suction 

f ' c = 5000 psi @ 28 days 

f ci = 2000 psi @ stripping 

Cracks in rear face permitted with- 
out width restriction 

Crack width in exposed face limited 
to 0.005 in. 

Establish Handling Procedures 

Casting: Face down. Use same mix for ex- 
posed aggregate surface (retarded) 
and smooth white side bands. Use 
gray concrete backup. 

Stripping: Due to edge detail and inside crane 
headroom, panel cannot be turned 
on edge directly in mold, therefore 
strip flat and move to sand bed (or 
turning equipment) for turning. 

Storage: Since panels will be stored for several 
months and storage yard is subject to 
settlement thus negating possible 
four-point support, and since bow- 
ing must be avoided, store on edge. 



Determine Handling Multipliers 

Stripping: Exposed flat surface has deep expo- 
sure (heavy retarder); side rails are 
removed prior to stripping; drafts on 
edge detail are good: use 1.2 (from 
Table 4.1) 

Use strand loops in back (plant prac- 
tice) 
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PARTIAL ELEVATION 



9-1 1 l/ 2 



-smooth white \^_exposed 
aggregate 

I PANEL CROSS SECTION 



dovetail slots @ 24 o.c- 



SECTION 



X 




grade 



approxima te limit 
of face mix 



*The following design examples illustrate the use of the 
design guidelines established in this Manual. The de- 
tailed considerations which both the Structural Engi- 
neer and the Plant Engineer will follow in determining 
methods of casting and handling, method of support 
when in the final position, and panel reinforcement are 
discussed in depth. In all cases, the product shape and 
dimensions are assumed as having been previously de- 
termined. 

The process which the Plant Engineer follows in arriv- 
ing at methods of transportation, etc. are intended to 
be illustrative and general. Each plant will have its own 
preferred methods of accomplishing the manufacture of 
the product. 
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\ < 


removable / 
side rait 






\ L-deck 
wixed to deck 



Yard 

Handling: turning: use 1.2 (from Table 4.1) 

transport to storage: use 1.2 from 

Table 4.1) 

Shipping: Distance traveled is 150 miles and 
jobsite roadways are bumpy: use 1.7 
(exceeds the value 1.5 recommended 
in Table 4.1 since travel conditions 
are considered rather severe and 
cracking is limited) 

Erection: use 1.5 (based on Engineer's judg- 
ment instead of value from Table 
4.1) 

Handling 

Devices: use 4 (from Sect. 4.4) 

Section Properties (use 7" thick x 9'- 1 1 1 / 2 " wide) 
A = 836 in. 2 a = 10'- 



Z b = Z t = 976 in. 2 
i = 3416 in. 4 



b - 35.2' 



Unit weight @ 150 pcf = 870 plf 

or 87 psf 

Total weight = 30.6 k 
Establish Allowable Tensile Stresses 

@ stripping, yard handling and storage 

f r = 5V2000 = 0.224 ksi (from Sect. 4.3.1! 
1000 

@ shipping and erection 

f r = 5V5000 = 0.354 ksi 
1000 

Check Handling Stresses - Stripping: 

LONGITUDINAL BENDING 
Two Point Pick-up (Fig. 4.10a) 

10t = 70" | = 60" Z 60 „ = 488 in. 3 



M y = 0.0107 wab 2 

M y - 0.0107 (.087) (10) (1.2) (35.2) 2 (12) 
= 166" k 



f =f = ^ 
x b 488 



0.340 ksl > 0.224 



ksi 



.*. 2-point stripping no good 

Four Point Pick-up (Fig. 4.10b) 

M y = 0.0027 wab 2 = 0.0027 (.087) (10) (1.2) 
(35.2) 2 (12) - 41.9" k 

f = f. = ^- = 0.086 ksi < 0.224 ksi o.k. 
t b 488 

Additional moment due to lifting angle (Fig. 4.13) 








3 


y c , 


"*" Idll * 


'. 









NL 



Yc = 



0.87(1.2)(35.2) 
4(2) 



tan d 

5 
tan 45° 



My = 23" k 

Mtotai = 41.9 + 23 = 64.9" k 

f t = f b = 0.133 ksi < 0.224 ksi o.k. 



.'. use 4-point pick-up for stripping 



Note: By inspection of support structure and 4-point 
pick-up stripping locations, it is determined that 
shifting lifting loops toward ends slightly will 
avoid interference between loops and edge beams 
thus avoiding a delay in erection while loops are 
burned off. No adverse affect on stresses. 

TRANSVERSE BENDING - Beam Strip Properties 
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Section @ each lift point 



G =60.6° 

y c = 5 





A e \ 










21' 


5.8' 


2.1' 


207a 207a 
100' 



width = lOt = 70" (Fig. 4.10b) 
or 

width = 0.5 (.586 a) = 35" use smaller 
35(6) 2 



Z = 



= 210 in. 3 



M x (bending) = 0.0054 (.087) (1.2) (10) 2 (12) 
(35.2) = 23.8" k 

1.2 (.087) (10) (35.2) 



1 X (lifting angle) = 



(4) (2) 



tan 60.6 



= 12.9" k 



M total = 23.8 + 12.9 = 36.7" k 

OCZ "7 

f t = f b = ~rz- = 0.175 ksi < 0.224 ksi o.k. 



STRIPPING LOOP LOCATION SUMMARY 




Check Handling Stresses - Turning: 

Stresses for turning from edge to edge are exces- 
sive. Note also that edge detail may restrict this 
type of turning, due to excessive shear loading 
on insert cast into edge. 

Therefore turn as follows: 




continuous support 
in sand bed 



Moment 
Diagram 



BEAM STRIP PROPERTIES 



1 


a b 






21', 


7.9' 




b 




a 



width = 7.9 (0.5) = 3.95' or 47" 
47 x7 2 



Z = 



= 384 in. 3 



LOAD ON BEAM STRIP 

0.87 (1.2) (35.2) (10 2 ) (0.5) 



R, 



w 



M a = 



10(4)(7.9) 
2 R L (7.9) 



5.81' 



10 2 
0.92 x2.1 2 



= 0.92 k/ft 
x 12 = 24.3" k 



Rr = 



24.3 
384 

0.87 (1.2) (35.2) 



= 0.063 ksi < 0.224 ksi o.k. 
5.81 = 3.38 k 



4 



V = Oat -?# = 3.67' 



0.92 



NL 



f. 



- [3.38 (3.67) - ^f^ 12 



78.5" k 

78.5 
384 



0.204 ksi o.k 



Longitudinal Bending similar to stripping 

.*. Use 4-point turning with one edge in sand bed 

Check Handling Stresses — Shipping: 

The following factors were considered in deter- 
mining shipping method: 

ALTERNATIVES 

(1) Ship Flat: -strength with 2-point support 
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permits required in 3 states for 
each load (each panel since pan- 
el weight of 30,600 restricts 
loads to one panel each) 



(2) Ship Vertical; 



(3) Special Frames: 



■ requires low boy trailer 
with 35' well with maxi- 
mum height of 3'~0 which 
would restrict total height 
to 13'-6 (6" support mat- 
erial) 

Fabricate special frame so 
panel could be set at about 
a 45° angle and be within 
non permit restrictions of 
13'- 6 high by 8-0 wide 



Other factors: 

- Total number of pieces 132 

• Erection rate - 10 pieces per day 

■ Drivers not permitted to drop loads on job 
after working hours (union regulations at 
job site) 

• Permit loads on bridge restricted to travel- 
ing between 9:30 A.M. and 2:30 P.M. 

To avoid disrupting normal production in plant, 
loading must be done in P.M. (same cranes used 
for stripping (A.M.), yarding and loading). 

These considerations led to the conclusion that 
30 trailers would be necessary to properly sup- 
ply the job. This can be demonstrated as follows 
with each group of trailers being 10 (A, B, C): 





Mon 


Tues 


Wed 


Thurs 


Fri 


Load 


A 


B 


C 


A 


B 


Ship 




A 


B 


C 


A 


Erect 






A 


B 


C 


Return Trailer 






A 


B 


C 



3 groups of 10 required = 30 trailers 

RECONSIDER ALTERNATIVES 

(2) Vertical - 30 low boys not available 

(3) Special Frames @ 45° - with 2 panels per 
trailer 

check panel bending 

longitudinal bending: w = 0.87 (1.7) 
(Sine 45°) = 1.05 k /ft 
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M max = 0.0214(1.05) (35.2) 2 = 334" k 

334 
f f = r=r = 0.342 k5i < 0.354 ksi o.k. 
y/o 

Since stress is high and a long panel travel- 
ing 150 miles is subject to possible dynamic 
forces, provide a 3rd frame for lateral sup- 
port only, to avoid possible harmonic mo- 
tion. 

30(3) = 90 frames required 

Cost estimated @ $250 each or $22,500 

(1) Flat- cost of permits $65x150 loads 

= $ 9,750 

possible saving = $12,750 

To achieve this saving, we must provide 
proper support. Two point support is de- 
sirable since flexing of trailer normally will 
lower or raise any additional supports thus 
causing unanticipated stresses. 

4 Point Support 



i i r 



T 



3'-8fj . 10'-4"* I 7-f | 1Q'-4"* 1 3-1 



35'-2" 



Too far apart to consider for shipping since the trailer 
will deflect and cause 2 or 3 point support at times 
during transportation. 



Try adjusting support points so that 10'-4" is re- 
duced to 5'0 which is a practical limit to insure 
4 points will have support at all times during 
transportation. 



TT" 

4-6'\ &r\ 16-2" \&r\*6" 



A moment distribution of this condition results 
in moments as follows: 

M a = 0.0082wL 2 - 0.0082(0.87)(1.7) x 
(35.2) 2 (12) = 180.3" k 

tension in back face 

M K - 0.014wL 2 - 307.8" k 



0.0125wL 



2 _ 



tension in back face 

274.8" k 

tension in front face 



Stresses 

180 1 
t = ~i^~ = 0.185 ksi < 0.354 ksi o.k. 



f, 



a 976 

307.8 



b 976 

274.8 
976 



= 0.315 ksi < 0.354 ksi o.k. 
- 0.281 ksi 



Ship with supports as shown (with dunnage 
5'-0 apart) 

Note: Had stress been excessive, supports could be 
shifted toward center of panel until cantilever condition 
is such that it produces a stress of 0.354 



An alternate solution provides 4-point support 
for the precast piece with 2 supports on the 
truck bed as shown: 

/—precast 



Check Handling Stresses — Erection: 

2 POINT 

j_ I 

Making use of stripping loops results in excessive 
stresses. 

3 POINT UTILIZING STRIPPING LOOPS 



^ rolling block 



RLLt 




3.0f 


a b 
10.3' 


c 
21.9* 



Note: Lifting angles: longitudinal 6 = 60°; transverse 
6 = 72° 

Longitudinal bending: with rolling block, reac- 
tions at stripping loops are equal 



0.87(1.5) (35.2) 2 (0.5) 



27.05 



29.9 k 



R 



LR 



R 



29.9 



LL 



= 14.95 k 



R R = 30.6(1.5) - 29.9 = 16 k 



14 95 k 14.95 k 



16* 



I i I 

I I 0.87(1.5H.305plf I 



3.0' 



a b 

[. 10.3' J. 



21.9 



V 

+M 

f 
V 



= 0@ 



16 



1.305 



= 12.26' 



BC 



16 (12.26) - 1.305 

= 98.08' k 
= 1177" k 



(12.26) 2 



1177 
976 



= 1.200 ksl > .354 N.G. 



14 95 
= 0@ 4%±e = 11-45' 



'AB 



= 1.305 



1.305 
(11.45) 2 



14.95 (8.45) 



= - 40.8' k 
= - 489" k 



489 
976 



= 0.502 ks ' > .354 N.G. 



= 1.305 



(3) 5 



5.87' k = 70.5 



»k 



70.5 
976 



= .072 



ksi 



ERECT AS FOLLOWS (stress condition less critical 
than stripping): 



main line 



rolling block 




Lift from truck in horizontal position with one 
line and rotate in air to vertical position with 2nd 
crane line. 

Note: Must use tag line opposing 2nd crane line to 
avoid rapid movement, or a more suitable soluv 
tion is to shift lifting points toward bottom of 
piece to insure that the main line is below the 
center of gravity of the piece. This then insures 
that a vertical force is required at the top to ro- 
tate the piece. 
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Determine In Place Stresses and Connection Loads See Sect. 2.3.7 for discussion on safety factors 

in addition to ultimate load factor. 








■ 


a < 


<\ 










"oo 








^b 






.— 
















C^ 
















CO 












^d 














, — * 

























anchor bolt 




0.5 shim space 
horizontal slot in L s 



round hole in L s 



vertical 
slotted 
insert 



SECTION 



WIND SKA 



SKB 



CONNECTION @ R T & R N 



SKA- Assumed condition for determination 
of connection reactions 

SK B - Assumed moment distribution (pres- 
sure shown, suction opposite) 



REACTIONS: 



Notes: 



R 



1) Weight of panel supported concentrically at 
base. .". no lateral loads due to eccentric 
weight 

2) Connections @ each level (2 per level) must 
be detailed to allow for vertical movement 
and resist lateral (against face of panel) 
loads only. 

0.02(10) 



R M ~ 



Rb = 



2 

0.02(10) 

2 

0.02(10) 



[3.5 + 3/8(15.8)1 = 0.95 k 
(5/8) (15.8) (2) = 1.98 k 
(3/8) (15.8) = 0.6 k 



DESIGN CONNECTION FOR R T & R M : 

V - 1.3(1.98) = 2.6 k 

Zwind load factor (ACI 318-77 Sect. 9.2) 



DESIGN ANGLE 



Suction 




0.5 (assume) 



assume 

(Fig. 2.51 Loading Condition a) 

e a = 2.5" - k dimension 
e a - 2.5" -0.875" 

= 1.625" 
M u provided 



» s ZF y 



u req'd 



= 2.6 (1.625) = 4.2 

4 
= 36 ksi 



"k 



0.9 
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/ 4MT f 

V 0.9b F v V 



4(4.2) 
9(6) (36) 



t 6"lg * 

= .294" 
t 4" Ig 4 = .36" 



4" long angle, 3/8" thick will work but use 5" 

length 

Use * 6 x 4 x 3/8 x 5" Ig 



Check by use of Fig. 2.51 : 
ForM = 4.2, use t= 3/8" 



Length required 



4.2 

14 



(12) = 3.6" 



With full shim between 4 and panel, a slight re- 
distribution of stresses will result under load ap- 
plication; thus transferring V u directly through 
horizontal leg of 4- to bolt in direct shear. 

DESIGN ANGLE FOR R B : 

Suction Condition 



Q\ 




^ «k 




/ 


I 


08 r 






^ 
^ 
^ 
^ 








e a 






k 


/ 'J? J> // S y> 


| | 






T ", 


2" 


.05' 








2 5" 















3"min. to horizontal 
slotted insert 

Y'shim space 



SUCTION CONDITION 



R Bu = 0.6(1.3) - 0.8 k 



e (theoretical) = 3" 



Since e a for vertical leg is subject to change re- 
sulting from actual field elevation of supporting 
floor (and installed position of insert), toleran- 
ces should be considered. The Engineer must 
make a judgment if anything less than the accu- 
mulation of permissible tolerances is considered. 
Using worst permissible condition: (hold eleva- 
tionof bottom of panel) 



cast-in-insert 3/8" up 
slab elevation 1/2" down 

7/8" 
then e a = 4 + 7/8 - k * 



4" 



»k 



M u req , d = 4 (0.8) = 3.2 

From Fig. 2.51, t = 3/8" 

3.2 

Length required = -^V (12) = 2.74", 

but use 5" 
Use 4 6 x 4 x 3/8 x 5" Ig 

DESIGN ANCHOR BOLT FOR R B : 

t.. - c. - sm . 1# 



V u = 0.8 k 



Less critical than R T & R M 
bolt 



use 5/8" A307 



DESIGN ANCHOR BOLT FOR R T & R M : 
V u = 2.6 k A307 Bolts 

2.6(2.5) 



T„ = P„ = 



3.5 



= 1.9 k 



Check 5/8" bolt A s = 0.226 in. 2 

To use Fig. 2.22, convert to 1 in. 2 basis and re- 
duce loads by ultimate load factor of 1.3 used in 
determining design loads: 



2.6 
Vu ~ .226(1.3) 



T„ = 



1.9 



.226(1.3) 



= 8.85 k 



= 6.46 k 



Plotting point on interaction diagram (Fig. 2.22) 
indicates 5/8" <j> A307 bolts is O.K. 

CHECK STRESSES IN CAST-IN-PLACE CONCRETE 
FOR R T & R M : 

2.6(2.5) 



P., = T 



3.5 



= 1.9 k 



Bearing width = 2(1/2) = 1 in. 
Bearing area =1(5) = 5 in. 2 
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1.9 
5 



0.38 ksi < 



70Vf' c 



W' 



/3 



1000 



(Eq. 2-33) 



ksi 



W 



= 0.5 



< 1.98 



<j> = 0.65 



CHECK PANEL STRESSES DUE TO WIND LOADS 
(SEESKB): 



M u@a = 0.02(10) (3.5) 2 (0.5) (12) (1.3) 



= 19.1" k 
f = 0.02 ksi < 0.354"* 



M u@b = M u@d = 50" k 



O.K. 



f = 0.051 ksi < 0.354^ O.K. 

Handling more critical than in place loading 

Design Panel Reinforcing — Longitudinal 

FRONT FACE: For controlled cracking — crack 
width exterior face only = 0.005" 

Note: Since stresses at various handling stages 
do not exceed cracking stress, the piece 
will not crack. However, for purposes of 
illustration only, assume cracking occurs, 
and determine reinforcement for crack 
width = 0.005" 

d = 7 - 1.5 = 5.5 

t b = 1.5" (determined from thick- 
ness of face mix required for 3/4" aggregate and 
deep exposure) 



3.5 



3.5- 1.5 



= 1.75 



w„ 



f. 



= 0.076 Rf, VtTX x 10 3 



(Eq.4-1) 



w m (10) 3 
.076R\^A 



for 6" bar spacing A s = 1.5(2)(6) = 18 in. 2 
(Fig. 4.4 can be used if R is between 1.0 and 1.5) 



f s = 14.34 ksi t b « 1" 

A = -^- 
.9f s d 

Factor of safety against cracking based on values 
used here is least during shipping 



/.354 
1.281 



= 1.25 



therefore consider this to be most probable 
stage of handling for cracking 



M cr = 0.354(976) "= 346' /k 
346 



14.3(.9)(5.5)(10) 



= 0.49in. 2 /ftof 
width in face 



#7@ 15" A, = 0.48in. 2 /ft 



#5@ 7" A s = 0.53in. 2 /ft Use #5 @ 7" 



This illustrates the large quantity of reinforcing 
steel that would be required if the panel stress 
exceeded 5\^~ f and crack width was required 
to be limited to the very narrow width of 0.005 
in. In most cases, it is more economical to choose 
the lift point locations such that the panel stress- 
es do not exceed sV^c"; in which case either 
no reinforcing or nominal reinforcing steel 
would be chosen by the designer, 

REAR FACE: No crack contro l req uired and stress- 
es are below bVf 7 ^. Therefore, 
minimum reinforcing steel. 

Design Panel Reinforcing — Transverse 

FRONT FACE: since stresses are below sVf^T, use 
minimum reinforcing steel. 

REAR FACE: same as front face 

Design Panel Reinforcing for In Place Condition 

Check stresses under design loads and determine 
if reinforcement is required in accordance with 
ACI 322-72 (9) (seeSKB). 

M u@a = 0.002(10)(3.5) 2 (0.5)(12)(1.3) 
= 19.1" k 

f - -^ - 0.02 ksi < 3.2b\T^ 

*j / o 



4-34 



3.25V5000 



1000 

use minimum reinforcement 



= 0.229 ksi O.K. 



M 



u@b 



M u@d = 6(1.2)(0.5)(12)(1.3) 



56.2 



"k 



f 



56.2 



0.058 ksi < 0.229 



ksi 



976 

.'. use minimum reinforcement 
Determine minimum reinforcement requirements 

K min = 0.001 bt 

^*s mm 

Longitudinal 

A smin = 0.001(7X12) = 0.084 in. 2 /ft 

(per ft) 

Transverse 

A smin = 0.001(7)(12) - 0.084in. 2 /ft 

(per ft) 

Use 6 x 6 - W4 x W4 plus #4 perimeter bars 
Summary 



CO 



CO 

c 

c 

CO 

.c 



1-0" 



5-10 




slotted insert for 
ult.load = 2.6 k (note 
shift closer to edge 
to avoid interference 
with lifting loop) 



-slotted insert for 
ult.load = 2.6 k 




strand loops for 
stripping 



slotted insert for 
ult.load = 0.8 k 



Note-, only design 
information is shown 



4.11 DESIGN EXAMPLE 2: 
WINDOW WALL PANEL 

This example illustrates the design of a 2-story 
high non-load bearing window wall with deep 
reveals. The design process is similar to Exam- 
ple 1, with special considerations relating to a 
3-dimensional section. The panel is supported at 
its lowest point, and tied back to the structure 
at the top. 

Project: Four story structural steel frame 
with c.i.p. floor slabs. Precast win- 
dow panels transfer horizontal loads 
only to steel frame (vertical loads 
are transferred to foundation) 

Specified: Wind Load - 15 psf 

f ' = 5000 psi @ 28 days 



f„ 



2000 psi @ stripping 



^Col. 



Cracks in rear face permitted without 
width restriction 

Crack width in exposed face limit- 
ed to 0.005" 



Lateral 
pLoad 
\ Connections 




Partial Elevation 



Section 



REAR ELEVATION 
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Establish Handling Procedures 

Casting : 
Stripping : 



Storage 
Shipping 



Flat - face down 
Flat - face down 
Flat - face down 
Flat - face down 



Determine Handling Multipliers (Table 4.1) 



Stripping : 


Window boxes fixed to main 




deck, side rails removable: 




use 1.7 


Yard 




Handling 


use 1 .2 


Shipping : 


use 1.5 


Erection : 


use 1.5 



Section Properties (Upper Panel) 



C Sym 



Sect. @ Windows 
A - 202 in. 2 I = 6044 in. 4 

755 in. 3 
604 in. 3 




Sect. @ Beams 

520 in. 2 I - 1801 in. 4 

2.85 in. Z b .= 632 in. 3 

6.15 in. Z t = 293 in. 3 



Weight - 0.56 k /ft 

Establish Allowable Tensile Stresses 

@ Stripping, yard handling and storage 



f r = 5V2000 = 0.224 ksi 
1000 

@ Shipping and erection 



f r = 5V5000 = 0.354 ksi 
1000 

Check Handling Stresses 

Simplified loading diagram (no multipliers) 

8.4* t i 3'-0" 




01© © 



3.4' 



.8V 



5.8' 



.227' 




M 

2.7 1 



0.7 K 
'.5671 



2.7 1 



.87' 



®_ 



5.8' 



.227' 



<D 



-T-T 



5.8 1 



|0.: 



.517' 



STRIPPING: 

After several trials and adjustment of stripping 
locations, it is determined that the tensile stress- 
es (front and rear) at a and b are too sensitive to 
slight relocations. Therefore, select locations to 
insure tension in rear between a and b and pro- 
vide a strongback until panel is turned to verti- 
cal position. 

Tension in strongback selected to avoid buck- 
ling of reinforcement, if in compression. 

Stress Summary (without strongback @ beam section): 







M 


f 




Location 


M* 


stripping** 


tension 




1 


252 


428 


0.709 ksi 


high 


2 


199 


338 


0.535 


high 


3 


70 


120 


0.190 


<0.224 ksi 
o.k. 


4 


29 


49 


0.065 
front 


<0.224 ksi 
o.k. 


5 


28 


48 


0.12 


o.k. 



Note: Use spreader beam or 2 cranes to avoid additional 
stress from sling angle effect. 

* No multiplier 
** 1.7 multiplier 



Design Panel Reinforcing for Stripping: 
Stresses at Points 1 and 2 exceed 5^/7^ . There- 
fore, more than A s min is required. Since these 
points are on the rear face of the panel (for 
which crack control is not required), limit crack 
width by use of Z factor (see ACI 318-77 Sect. 
10.6 and Eq. 4.1); 
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where Z = f s >/t b A 

Z = 175 k /in. comparable to crack 
width = 0.016 in. 

Z = 145 k /in. comparable to crack 
width = 0.013 in. 



428 



= 214 



"k 




Stress Summary @ Point 1 

M per window jamb = 
M.req'd = 214" k 

d = 18 - 2 = 16" 

b = 8" 
use 1 - #5 
M u provided - 256" k > 214" k O.K. 

Check Z= 0.6(60) ^ (2)(2)(2)(5) 
= 123 < 175 k /in. O.K. 

Stress Summary @ Point 2 (see Sect. @ Beams) 
M u = 338" k 

b = 96" 

d = 9 - 1.5 = 7.5" 

use 2 - #6 



M u provid ed = 349" k > 338" k O.K. 



Z = 0.6(60) 



f 



5{1.5)(2)(5)(2) 



= 102k/in. < 175k/in. O.K. 

Stress Summary @ Point 3 - less critical than point 2 

Note: Although section at points 2 and 3 are 
adequate without a strongback at beam section, 
extend #5 bars required at point 1 through 
opening for better continuity. 

STORAGE ANDSHIPPING: Lesscritical than stripping 

ERECTION: 

Turn in air with 2 cranes using stripping loca- 
tions. 

Check condition when piece is in vertical posi- 
tion after bar through beam section is cut. 



s-L».- 



Rebar Cut "L^i 



9" 



© 



Wt-4.7* 



M@ Point 2 = 4.7(9-2.85) = 29" k 



M 



■ ri = 29(1.5) - 43.5 



"k 



u req'd 

2 - #6 bars provided is adequate 

NOTE: IN PLACE CONDITION - less critical than 

stripping. 

Design Panel Reinforcing for Handling 

FOR POINTS l r 2,& 3- See Stripping 



POINT 4 - Since the stress level is below 5^2000, 

( = 0.224^') use minimum reinforcement only 

A s min = 0.001 (bt) - 0.001 (area) = 0.001 (202) 
- 2.02 in. 2 



POINT 5 - stress is less than 5V2000 

.*. use minimum reinforcement only 

A s min = 0.001 (bt) = 0.001 (96)(5) = 0.48 in. 2 



TRANSVERSE BENDING: 

Section properties in transverse direction are very 
stiff by inspection and therefore not excessively 
stressed. Use minimum reinforcing (shown on 
final design summary detail) 



Handling Summary 
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(jl Sym. 



Stripping 



Use 2 cranes or 
spreader beam 



Storage and 
Shipping 



Erection 



Reinforcing Summary 




Turn to vertical 
position in air 





| 






\ 


1 Ij 

1 It 
1 ' I 

r 'i 1 


cs 

CM 


i t 

i i 1 
-ti 

ii 
it 

4 Ji 




r 


\b 3 ^ '! 

t Typical ' 

! M 
pi 1. 


i 


i l 

1 lill 






Rear Elevation 

Near Face 

Near Back 



-9 

ir 
o 

03 
LU 

in 



W& 



'SO 

'1* 
t 




o 







LL 

<: 



Sect. 1 





m 


/I *5(Cont.) 






#- 




r- 


T 


M*6x6-0"Lg. 

Sect. 2 
/ 1*5 (Cont) 


i 


2 "4 (Cont) 

r- 1 


nJJ 


) 


m 


/l^xd'-O-'Lg. 


^W2.9xW2.9 


L 




1 P^-* 


X X X X — v — x-*-x — 


V 2*4 (Cont.) 


Sect. : 


3 

/ -W2.9xW2.9 




— X X X' — X-— > 


v -L^ 






^ 2*4 (ConU 




Sect. A 


t 



Connection Design 

Basic construction sequence: 

(1) structural steel erection 

(2) cast floor slabs 

(3) set precast 

Precast erection sequence 

(1) set bottom panel with lateral 
connections 1 and 3 only 

(2) make up lateral connection 2 

(3) set upper panel with lateral 
connection 4 and 6 only 

(4) make up connection 5. 



CONDITION 1 



e.g. precast 
panel 

Brg Pad @ ribs 



e = 5" 




First Floor Slab 



13" 



^\. Foundation 



Base Detail 
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Connection Design Loads 

,i 



CONDITION 3 



i 



-*R 3 



Due to eccentric panel weight 
Weight = 14 k e = 5" 



R - " R = ■ iwk ■ °- 26k 



Due to Wind 



Wind load 15 psf 



0.015(8)122.5) , , 35k 



Connection Design Loads (2 connections @ 

each level) 

R, = R 3 = 1/2[1.4(0.26) + 1.7(1.35)] .75 
= 1.0 k either direction (ACI 318-77 
Sect. 9.2) 

Panel Bending 

M = 0.015(8)(22) 2 (1.5) = 87" k 

M„ „-. d = (.75)87(1.7) = 111" k @beam 



u req'd 



section, less critical than stripping. 




Brg. Pad. 




Detail @ Panel Joint 

Effect of upper panel on lower panel: 

Since connection 2 is made up before setting 
upper panel, the lateral loads (1, 2, 3) due to 
upper panel weight are indeterminate. To sim- 
plify, consider connection 2 made up later. 

Then: Weight upper panel 13.3 k 



e = 13 - 5 = 8" 

= 13.3(8) 
1 3 22(12) 



= 0.4 k 



Connection Design Loads 

R-, = R 3 = 1.0 + 
or 



0.4 (1.4M0.75) = 1.21 k 
2 



R, = R 3 = (0.26 + 0.4)(0.5)(1.4) = 0.46 k 

Wind condition controls use 1.21 k 

UPPER PANEL: 

Condition is similar to lower panel. Since con- 
nection load is nominal (0.92 k ), design all con- 
nections to resist 1.21 k 

Bearing Pad @ Panel Joint 

13.3 ,. ., „_ k 



P u = 2 



(1.4) = 9.3 k 



On plain concrete allowable bearing stress (Eq. 
2-37): 
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f c - 0.850 f' c = 0.85(0.7)(5) = 2.9 ksi 

9 3 
Area req'd = — '— = 3.2 in. 2 



Use standard 3 x 5 in. bearing pad 

Bearing Pad @ Base Detail 

P u - (13.3+14)(0.5)(1.4) = 19.1 k 

f' c foundation - 3 ksi 

f' c allowable = 0.85(0.7)(3) = 1.78 ksi 
19.1 



area of pad req'd = 
Use 3 x 5 in. pad 



1.78 



= 10.7 in, 2 



CONNECTION 1 - Assume no resistance to lateral 
load provided by bearing pad. 

bolt cast into precast 

pocket in slab @ 
connections 



vertical slot (3") 




horizontal slot (3") 
bolt in foundation 



Design Angle (Load condition a, Fig. 2.51) 

e a ^ 5 - k = 4.25" with bolt @ top of slot 



M 



u req'd 



= 1.21 (4.25) = 5.1" k 



6 '''9* treq W:^lr = - 336 " 

Use 4 6 x 6 x 3/8 x 6" Ig 

Desigrt bolt in precast (A307 bolt) 
Convert to working loads to use Table 2.1 
1.21 



T = -TT = °- 86 
1.4 

V = 

Area req'd = ^r~ = 0.043 in. 2 



20 



Use 5/8"<£ bolt 



T = 

V = 



1.21(4) 



1.4(3.5)(.226) 
1.21 



4.37 k 



1.41.226) 



= 3.8 



Loads converted to working based on 1 in. 2 
for 5/8"0 bolt to use Fig. 2.22 

By interaction diagram 5/8"$ bolt is O.K. 
:. use 5/8"0 bolt 

CONNECTIONS 2, 3 AND 5 



23" 



1.6" 



X- 3" vertical slot 



|E^-t 



e = with bolt @ bottom of slot « 6" 



M 



u req'd 



= 1.21(6) = 7.25" k 



5" Ig. * t 



V 0.9 



25(4) 



= 0.42" 



L9(5)(36) 

Use 4- 8x4x 1/2x5"lg. 

Design bolt - same as Connection 1 

Use 5/8"0 bolt with double nut 

Design weld to beam flange 

The approach used here is based on Table XIV, 
pg. 4-68 of AISC manual of steel construction, 
7th edition. However, the approach of Sect. 
2.5.10 may also be used. 

/ = 2.5' 

a/ = 7" (bolt @ bottom of slot) 

k = 

7 

= 2.8 



2.5 



C = 0.11 E70 electrode. 

0.2 6+ 1.35 + 0.4 
P working = 



= 1.0 k 
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D 



1.0 



0.11(2.5) 
CONNECTION 4 



3.6 .'.use 1/4" weld 




Provide shim 
space between 
Precast and Plate 



floor slab 



Design bolt in precast (A307) 



V u = 1.2V 



5/8"0bolt O.K. -Use 

Design weld using Table XIV, pg. 4-68 AISC Manual of 
Steel Construction 

I = 4" 

a/ = 6" (bolt @ top of slot) 
6 



a = ~ = 1.5 
4 



k = 



C = 0.205 (interpolate) 
1.0 



D = 



= 1.21 for 2 lines of weld 



0.205(4) 
Since only one side can be welded 
D = 2(1.21) = 2.42" /.use 1/4" weld 
For plate cast into c.i.p. concrete - see chapter 2 

CONNECTION 6 - Similar to Connection 1 

except weld to top of beam. 



4.12 DESIGN EXAMPLE 3: 
PRESTRESSED RIBBED PANEL 

In this example, a ribbed panel is used both as an 
exterior facade and as a load bearing element for 
the floors of a precast parking structure. Detailed 
analysis for handling and erection stresses is cov- 
ered. The floor is attached to stair and elevator 
shafts which resist the lateral loads. The shape of 
the ribbed panel was chosen from the available 
sections of local manufacturers. Since the floors 
will not be in place when the panels are erected, a 
review of the lateral bracing required for the free- 
standing panel is performed. 



Project 
Specified 



52'~10"cl. 



: Parking Structure 

: Wind Load - 15 psf 

f' c = 5000 psi @ 28 days 
f' cj = 3000 psi @ stripping 

8'-0" o.c. joints 



t: 



24" ir w/3" top'g. 



S 



3/4" joints 



PARTIAL ELEVATION 



4' - 0" 



k sym. 



ri 



u 

L4 



SECTION 



RIBBED PANEL CROSS SECTION 



Establish Handling Procedure 



Casting 


: Flat - 


ribs down 


Stripping 


: Flat 


ribs down 


Storage 


: Flat 


- ribs down 


Shipping 


: Flat 


- ribs down 
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Determine Handling Multipliers (Table 4.1] 
Stripping : use 1.3 



Yard 




Handling 


: use 1.2 


Shipping 


: use 1.5 


Erection 


: use 1.5 


Lifting 




Devices 


: use 4.0 



use 4.0 (from Sect. 4.4) 
Section Properties 

A = 544 in. 2 
V b = 4.0 in. 
y t = 10.0 in. 
weight = 0.57k/ft 

Establish Allowable Tensile Stresses 

@ Stripping, yard handling and storage 



l g = 7048 in. 4 
Z b = 1763 in. 3 
Z t = 705 in. 3 



f r = 5V3000 = 0.274 ksi 
1000 

@ Shipping and erection 

f r = 5V5000 =■ 0.354 ksi 
1000 

Check Handling Stresses 

STRIPPING: 2 point with equal stresses 





a 


b 






xL 




.xL 


. ' L = 55' 





Note: Use of travel lift (or spreader) avoids 
additional moment due to sling angle. 



(from Fig. 4.12) 



1 + 



4y c 



X - 



Ltan 6 



1 + 



J'-H-t&t). 



Vc = Yt = 4' 

y b = 10" 

9 = 90°, 



1 



tan d 
x = 0.229 

0.229 2 (55) 2 (0.57)(1.3)(12) 



M 



ft = 



f b = 



2 

705 
1763 

705 
705 



= 705" k 



= - 0.40 ks ' tension 
rear face 

= 1.0 ksi compression 
front face 



M b = 282" k 



282 

f* = = 0.16 ksi compression 



f b = 



1763 

282 
705 



0.4 



ksi 



rear face 



tension 
front face 



YARD HANDLING AND STORAGE: 

Less critical than stripping. However, should also 
consider deflection in storage. 

SHIPPING: 

On a standard 40' flat bed trailer a 19'-0 canti- 
lever exists, for which excessively high prestress 
is required. Therefore use an extendable trailer. 



For equal positive (+) and negative (-) stresses. 



xL 



x = 1/2 



1 + 



Yt 



1 + 



Yt 



x = 0.355 xL = 19.5' 

This offers no advantage over 40' trailer 

.'. locate support points 0.229L from each end. 

iva i*- .- A - / shipping \ 1.5 A „_ 

Multiplier ratio ( — . * j = -— = 1.15 
^stripping/ 1.3 
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Moments 

M a = 705(1.15) = 811" k 

Oil 

f t = -^~- = - 0.46 ksi tension 

rear face 



282(1.15) = 324 



»k 



324 ^ ksi 



705 



0.46 KS1 tension 
front face 



ERECTION: 



rolling block 



0.229L "^ 




2nd crane 
ine 



r t 0-229L 



Note: Pick with 1st crane line and rotate in air 
with 2nd crane line. Shift lifting points 
toward bottom to insure load @ 2nd 
crane line and avoid rapid rotation of 
precast. 

M b DLonly = 282{ ^ S) = 324" k 

M b sling angle y c - 4 + 3 = 7" 

p dl Yc 0.57(1. 5)(55)(0.5)(7) 



tan 60 



b tan<9 

= 95" k 

M b total = 324 + 95 = 419" k 

f b = ~ = - 0.594 ksi tension 
/U5 front face 

M a = 811" k no change due to sling angle 

Determine Prestress Required 

TENSILE STRESS SUMMARY: 

Stripping - f = - 0.400 ksi 
allowed 0.224 ksi 



provide by prestress 0.176 



ksi 



Shipping - f = - 0.460 ksi 
allowed 0.354 k si 

.'. provide by prestress 0. 1 06 ksi 

Erection - f = - ■ 0.594 ksi 
allowed 0.354 k si 

.'. provide by prestress 0.24 ksi controls 

P e = 0.24(544) = 130 k 

consider prestress loss 10% ©release 

20% total 



130 



(1 - 0.2) 
MOMENT SUMMARY: 



= 162.5 k 



Stripping: M t = 705" k 

R " ,. ri = 705(1.4) = 987" k 



'u req'd 



M b = 282" k 



'u req'd 



= 282(1.4) = 395" k 



Shipping: M t = 811" k 

M u req'd = 811(1.4) = 1135" k 



M b = 324" k 



M 



u req'd 



»/k 



= 324(1.4) = 454 
Erection: M t = same as M t shipping 

M h = 419" k 



M 



u req . d = 419(1.4) = 587' 



Critical Design Moments 

M t = 1135" k withf' c = 5000 psi 

M b = 587 " k with f' c = 5000 psi 

For Concentric Prestress: 

By manipulating the prestress forces try 

4- 1/2"0 27OK@28 k = 112 k @ 12" 

4- 3/8"</>250K@14 k = 56 k @ 6" 



P = 168 k 



e.g. prestress = 10" 



P = 168 k > 162.5 k O.K. 
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Check Design Moment Capacity 



M t provided : strand only 



(from Table 5.2.3 PCI Design Handbook, 1971) 

(4)(0.1531) (270) 



w, 



Aps 'pu 

bd x f'„ 



(14)(12)(5) 



= 0.197 
K., = 723 



M 



u provided 



= 723(14)(12) 2 = 1458 „ k 



1000 

1458" k > 1135" k O.K. 

Note: Mild reinforcing in top flange to provide 
additional moment capacity, if required. 



M b provided - Strand on, y : 

(4) (0.08) (250) 



oj„ 



(96)(8)(5) 



0.021 



K u = 93 

IVI u provided 



93(96)(8) ; 
1000 



= 571 



»k 



2.7% below req'd capacity - consider O.K. 

Construction Stresses 

Construction sequence requires that wall panel 
be either free standing or braced for some period 
of time (possibly more than one day). A free 
standing condition will require a very expensive 
base detail, therefore consider a braced solu- 
tion. 



n=2 



* Note that brace connects below floor tee to avoid 
interference. 

From a preliminary analysis we find that the net 
stresses with this arrangement require very high 
prestress forces (1800 psi) which is considered 
prohibitive. 
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Possible alternatives: 

(1) Brace at higher point on outside (must con- 
sider property line limitations and other 
construction aspects to avoid interference) 

(2) Split ribbed panel into 2 or more pieces to 
limit cantilever from brace 

(3) Increase f' c and subsequently f r 

(4) Combination of above. 

Try alternative #1 only 

Determine minimum height from base to top of 
brace. 



f ps = 



168(0.8) 
544 



= 0.247 



f d , (assume 1/2 of height) 



0.57(55) 
2(544) 



= 0.029 



= 0.354 



Allowable stress due to wind 



= 0.63 



ksi 



M„ 



"k 



M 



wind 



= 705(.63) = 444 

= 0.015(8)(L) 2 (0.5)(12) = 0.72L 2 



Since short duration load do not use Multiplier 
24.8' Use 25' 



/ 444 
3X V 0.72 




0.01 5(55) 2 (0.5)(8) = g k 



30 



R B = 0.6 k 



Note: With brace on 45° angle it must resist 
8.5 k in either tension or compression 
(knee bracing may be required) 

Stresses between base and brace point are within 
limits 



Design Flange Reinforcing 

For 12" wide strip Z = 32 in. 3 



24 



*nzc 



19.5 



Stripping w = 0.05(1.3) = 0.065k/ft 
0.065(19.5) 2 (0.5) 



M = 



12 



= 1.03" k 



f = 0.032 ksi < 0.224 ksi O.K. 

Shipping and erection w = 0.05(1.5) 

= 0.075k/ft 



M = 1.2" k 

f = 0.037 ksi < 0.224 ksi O.K. 

M u req . d = 1.2(1.4) = 1.68" k 

A smin = 0.001(4X12) = 0.048 in. 2 

Use 12x6- W2.9xW2.9 

A s = 0.058 in. 2 > .048 in. 2 O.K. 

M u = 6.9" k > 1.68" k O.K. 

Use 1 layer 12x6- W2.9 x W2.9 set on top of 
strand 

Design Shear Reinforcing 





Controls 






> V 

u max 


15.4 k @ stripping 
with f ' c = 3000 psi 




V 

u max 


17. 9 k @ shipping 
with f ' c = 5000 psi 




Stripping : 






(9 + 7)2 
b = 2 = 


16" 




v u 






V " " 0b w d 






15.4 


~ .. «- Wi 




Vu 0.85(16)(.8)(14) ~ u.iui - 



r- V u d 

v c = 0.6^ + 700 — 

o.6v / 3obo + 700 15 :1 ( J 2) 

_ 987 

1000 

= 0.033 + 0.131 = 0.164 ksi 

0.101 < 0.164 O.K. 

A = 50(16MJ2) =024jn2/ft 

A v mm 40000 U.^4 in. m 

Provide special bent WWF — 10'-0 Ig centered @ 
lift loops 

Check Deflection in Storage (see Fig. 4.17) 

A ends = "^17 t3c 2 ( C + 2d)-d 3 ] 

W = 0.57(55) = 31.35 k 

c = .229(55) = 12.6' 

E = 57\/3000 = 3122 ksi 

I = 7048 in. 4 

d = 29.8' 

31.35(12.6) 



ends 24(3122)(7048)(55) X 

[3(12.6) 2 (12.6 + 2(29.8))- 29.8 3 ] 1728 

A ends = 0.186" + 

A center = 3 g 4E | / (5d 2 - 24c 2 ) 

31.35(29.8) 2 



384(3122)(7048)(55) 
[5(29.8) 2 - 24(12.6) 2 ] 1728 

Acenter = 0.065" \ 

With long term creep factor of 2.0, these de- 
flections remain reasonable .'. no special storage 
provisions are required 
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Summary 



tsym. 



Ipops 




.1/2" -270K strands 
@28 K ea. 
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5.1 GENERAL 

The use of architectural precast panels as build- 
ing enclosures and primary load support elements 
is discussed in this Chapter. The primary loads in- 
clude gravity, wind, seismic, and such abnormal 
loads as the designer may choose to include? The 
in-plane stiffness of these walls provides for an ex- 
cellent means of economically providing lateral load 
resistance, when combined with diaphragm action 
of the floor construction. 

in order to properly design bearing walls, the de- 
signer should consider slenderness, effect of volume 
changes, tolerances, and connection design. The de- 
signer should also consider the behavior of walls 
subjected to lateral loads. For buildings in the low 
to medium height range, (up to about 12 stories), 
simplifying assumptions with respect to distribu- 
tion of lateral loads can be made. Buildings above 
16 stories may require a more accurate evaluation 
of lateral load distribution, as discussed in Section 
5.6.5. In the range between say 12 and 16 stories, 
judgment will be required as to the applicability of 
simplifying assumptions; if the lateral load resisting 
elements contain large openings, the effect of axial 
deformation of the column portion will tend to dis- 
tribute the resisting reaction on a non-linear basis, 
and this should be considered. 

This Chapter uses the slenderness design proce- 
dure of ACI 318-77, with some extensions, to es- 
tablish the strength of load bearing panels. Provided 
the correct parameters are selected, this method 
will accurately predict the behavior of compression 
members. However, it is recognized that simplifying 
formulas have long been used for precast panels with 
reinforcing in the amount of p = 0.001, with suc- 
cess. This is discussed in Sect. 5.5.3. Furthermore, 
ACI 318-77 requires a detailed analysis when kl u /r 
exceeds 100. It is not uncommon for wall panels to 
exceed 100, and a suggested method of solving this 
situation is presented. 



5.2 PRELIMINARY DESIGN 

The design of exterior walls using load bearing 
architectural panels follows usual engineering pro- 
cedures. Perhaps the only design consideration dif- 
ference is recognizing the role precast panel produc- 
tion and erection play in the overall design process 
(see Chapter 4), 

5.2.1 Design Considerations 

The engineering design of exterior precast panel 
structural walls should consider the following: 

1. Gravity loads and the transfer of these loads 
to the foundation. 



2. Magnitude and distribution of lateral loads and 
the means for resisting these loads using shear 
walls and floor diaphragms. 

3. Location of joints to control volume change 
deformations due to concrete creep, shrinkage 
and temperature movements; influence upon 
design for gravity and lateral loads, and effect 
upon non-structural components. 

4. Connection concepts and types of connec- 
tions required to resist the various applied 
loads. For example, local practice may suggest 
the use of bolts rather than welds. 

5. Tolerances required for the structure being de- 
signed in regard to production and erection 
for both precast units and connections, includ- 
ing the interfacing tolerances of different 
materials. 

6. Specific design requirements during the con- 
struction stage which may control designs, such 
as site accessibility. 

Unless analysis or experience indicates otherwise, 
both non-load bearing and load bearing panels 
should be reinforced with an amount of reinforcing 
steel at least equal to p = 0.001 . 

5.2.2 Order of Solution 

The order of solution can be divided into the fol- 
lowing categories: 

1 . Determine or estimate the design gravity loads 
and lateral loads applied to the wall panels, and 
determine which panels receive the greatest 
loading. 

2. The size and shape of the wall panel will be af- 
fected by the general influence of the connec- 
tions and their locations, panel to panel con- 
nections vertically and horizontally, and erec- 
tion requirements. Development of connection 
details must consider such questions as: 

• Do the details lend themselves to standardi- 
zation? 

® Can the details be plant produced within re- 
quired tolerances assuring proper quality 
and strength? 

® Can the details be field constructed within 
required tolerances assuring proper quality 
and strength? 

• Once details are selected, can they be de- 
signed by an accepted method and will vol- 
ume change deformation (creep, shrinkage, 
and temperature) influence the detail or its 
design? 

3. The preliminary size and shape of the wall 
panel should be reviewed considering produc- 
tion requirements for stripping, general han- 
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dling, storage, shipping and erection, and 
architectural finish (see Chapter 4). 

4. Review the creep, shrinkage and temperature 
behavior of the building as a whole with res- 
pect to how the structural behavior of the pa- 
nels is influenced, and how non-structural 
items such as partitions, glass, and sealants are 
affected. 

Following the above review and study, a prelimi- 
nary design can be made. The preliminary design 
will often serve as the final design considering the 
usual compromises and revisions which are normal 
to building design. 

5.3 NON-LOAD BEARING PANELS 

5.3.1 General 

Non-load bearing panels are those precast ele- 
ments which transfer negligible load from other ele- 
ments of the structure. Generally, they are closure 
panels only, and are designed to resist wind, seismic 
forces generated from the self weight, and forces re- 
quired to transfer the weight of the panel to the 
support. It is rare that these externally applied loads 
will produce the maximum stresses; the forces im- 
posed during the manufacturing and erection pro- 
cess will usually govern the design. On occasion, 
wind imposed on slender precast panels may con- 
trol. The forces resulting from seismic considera- 
tions will generally govern connection design but 
will usually result in panel stresses less than those 
imposed during manufacture. 

5.3.2 Deformation 

The relationship of the deformations of the panel 
and the supporting structure must be evaluated, and 
care taken to prevent unintended restraints and im- 
posed loads due to these deformations. Deforma- 
tions of the supporting structure which may induce 
unintended loading will be caused by deflection due 
to weight of panel, volumetric changes of concrete 
frames, and torsion of spandrel beams. To prevent 
imposing loads on the panel, the connection must 
be designed and installed to permit these deforma- 
tions to freely occur. 

Behavior of a series of panels supported on a 
flexible beam is shown in Fig. 5.1. The tendency 
for the panels to follow the beam may cause unin- 
tended restraining forces to develop in the longitu- 
dinal direction, at panel joint openings. This illus- 
trates the need for the designer to provide for ver- 
tical deformations of the supporting beam. 

The most prevalent cause of panel deformation 
after placement in the structure is bowing due to 
thermal variations. The panel, if supported in a 
manner that will permit deformation to freely oc- 



Fig. 5.1 Deformation of panels on flexible beam 




separate 
"panels 



cur, will not be subjected to stresses. However, if a 
panel is restrained laterally at midheight, such re- 
straint will produce panel stresses. 

Example: A 20 ft high, 6 in. thick panel is sup- 
ported laterally top and bottom and at midheight, 
and is subjected to a thermal variation which will 
cause the panel to bow 1/4 in. Provided that the 
midheight restraint is unyielding the moment in- 
duced at midheight = 12 EIA/L 2 . Assure that the 
effective modulus of elasticity is 75% of the instan- 
taneous modulus. 



I = ^ < 12 > < 6 > 3 = 216 in. 4 



E s 4x 10 3 ksi 



M = 



12(216) (4x 10 3 ) (0.75) 



x 0.25 



(20 x 12) 2 
= 33.75 in.-k/ft 

f = 6 (33750/12) (6) 2 - 469 psi 

The restraining force at midheight will be P = 
4M/L Mx 33.75/20 x 12 = 0.56 k per ft of width. 
These are significant forces and stresses, and may 
cause local distress. While in actual practice the 
probable deformation of the attachment will tend 
to reduce these values, the example demonstrates 
the need for the designer to consider this situation. 

Non-load bearing panels should be designed and 
installed so that they do not restrain frames from 
lateral translation. If such restraint is induced, sig- 
nificant diagonal compression may occur, as indi- 
cated in Fig. 5.2. To prevent this, panels which 
are installed between members of the frame should 
be connected top and bottom only and left free 
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Fig. 5.2 Panel forces induced by frame distortion 



Fig. 5.3 Shearing wind on ribbed panels 
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along the sides. The space required for erection 
will usually be sufficient to prevent contact during 
lateral deformation of the frame. 

The vertical shortening of concrete columns, 
which is the sum of elastic and plastic deformation, 
should be considered when structures are tall. At 
intermediate levels, the differential shortening be- 
tween two adjacent floors will be negligible, and the 
panel will follow the frame movement. At the low- 
est level, if the panel is rigidly supported at the base 
(such as foundation or transfer girder), the accumu- 
lated shortening of the structure above may induce 
unintended loading on the panel. Therefore, for tall 
structures, the designer should determine the ex- 
pected total column shortening, and arrange the 
panel connections to permit this deformation to 
freely occur. 

A similar situation will result when two adjacent 
columns have significantly different loads. As an il- 
lustration: the corner facade column of a structure 
will generally be subjected to a smaller load than 
the adjacent facade columns. If both columns are 
the same size (as is often the situation for architec- 
tural reasons) and reinforced approximately the 
same, they will undergo different shortening. 

5.3.3 Wind Load 

Local applicable codes specify the design wind 
pressure for which a building is to be designed. 
These loads, which are intended to be applied to a 
tall building, may require augmentation for a local- 
ized portion of a tall structure, due to gusting, or 
funneling effects produced by adjacent structures. 
This requires engineering judgment, and no defi- 
nite rules are suggested. 

The panel strength should be verified by ultimate 
strength methods, using a load factor of at least 1 .3. 
The lateral deflection of thin panels when subjected 
to wind should be verified, particularly if they are 
attached to, or include, windows. Panels with deep 
protruding ribs may require analysis for shearing 
winds, as indicated in Fig. 5.3, and the connections 
verified for the twist produced. Panels and their 
connections should also be examined for suction. 



Although the design of the panel itself will general- 
ly not be critical for wind, the connections may be. 
This is particularly true for the connection which is 
acting in tension to restrain a panel due to eccentric 
gravity loads, as indicated in Fig. 5.4. 

5.3.4 Panels With Openings 

Non-load bearing panels which contain openings 
may develop stress concentrations at these openings, 
resulting from unintended loading or restrained 
bowing. Fig. 5.5 illustrates the profile of a panel 
which tends to deflect outward due to warming 
of the exterior surface. Experience indicates that if 
the panel is restrained on all 4 edges, hairline crack- 
ing may develop, radiating from corners. While these 
stress concentrations may be partially contained by 
use of reinforcing, the designer should first consider 
methods of eliminating the imposed restraints. 
Areas of abrupt change in the cross-section should 
be reinforced. 

Loads from adjacent floors can be imposed on 
non-load bearing panels by methods of joinery, and 
these loads can cause excessive stresses at the 
"beam" portion of an opening (Fig. 5.6). 

Unless a method of assuring no load transfer can 
be developed and permanently maintained, the 
"beam" should be dimensioned and reinforced for 
loads imposed from the floor. The magnitude of 
such loads requires engineering judgment. 



Fig. 5.4 Forces on a panel subjected to wind suction 



i 



-C+T 



T, C = forces to restrain 
panels due to 
eccentric load 

T' = force due to 
wind suction 
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Fig. 5.5 Corner cracking due to restrained bowing 




Example 

For the panel shown, check the beam portion. 
Assume that accidental loading imposed forces from 
the floor due to live load plus superimposed dead 
load. Handling stresses also should be examined. 
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Beam 



125 (1.4) = 175 plf 

Live + Super DL 

= [(50) (1.7) + (10) (1.4)] (12/2) = 594 plf 

w u = 769 plf 

-M u = 0.769 x 10 2 /12 = 6.40 ft-k 

V u = 0.769 (5.83) = 3.21 k 

check shear: b - 6" h = 20" d - 1 8" 



V, 



3210 



0.85bd 0.85(6) (18) 



= 35 psi 



Fig. 5.6 Unanticipated loading on a non-load bearing panel 



floor load 
imposed due 
to unintended 
restraint 



& 





flexure 
of beam 











v c = 2\ft\ = 2V5000 = 141 psi > v u 

no stirrups required but use 3 - #3 @ 3" each 
end, balance @ 10" 

check moment: 

Try 2- #4(A615- 40) 

T u = 0.4(40) = 16 k 

a = 16/(0.8)(6)(5)= 0.67" 

M u = 0.9 T u (d - a/2) 



»© 



(18- .67/2) = 21.2 ft-k 



> 6.40 ft-k 
use 2 - #4 top and bottom 



5.4 SPANDRELS 

5.4.1 Non-Load Bearing Spandrels 

These are precast elements which are less than 
story height, made up either as a seriesof individual 
units or as one unit extending between columns. 
Support for spandrel weight may be located on the 
floor or on the column, and stability against eccen- 
tric loading achieved by connections to the under- 
side of the floor (see Fig. 5.7). 

Spandrels are usually part of a window wall; thus, 
consideration should be given to limiting the verti- 
cal deflections and rotations of the spandrel to that 
consistent with the requirements of the window. 
Deformation calculations should be based on the 
gross concrete section, since the stresses will gener- 
ally be less than those producing cracking. For ele- 
ments which extend in one piece between columns, 
it is preferable that the connections which provide 
vertical support be located close to the ends. This 
arrangement will tend to minimize interaction and 
load transfer between floor and spandrel due to de- 
flections of the floor. 

Special provisions should be observed for slender 
members, which are defined as elements in which 
the spacing of lateral support of the compression 
flange exceeds 50 times the width of the flange. The 
limit of 50 is based on the criteria of ACI 318-77, 
and is conservative. 1 The strength of the lateral sup- 
port should be a minimum of 2% of the force in the 
compression flange. However, introduction of inter- 
mediate lateral supports is often not feasible, due 
to architectural restrictions. Furthermore, they may 
have the adverse effect of imposing lateral restraint 
against bowing, thus generating excessive forces in 
the spandrel. 
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Fig. 5.7 Typical spandrel connections 
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Consideration should also be given to spandrels 
which are supported at the ends of long cantilevers. 
The designer must verify the effect of deflection 
and rotation of the support, including the effects of 
creep, and arrange the details of all attachments to 
accommodate this condition (Fig. 5.8). A particu- 
larly critical condition can occur at corners of build- 
ings, either when there is a cantilever on both faces 
or on one face only. 

Example: Determine the rotation of the top of the 
-spandrel shown. 



r 



fcrSt 



8' concrete slab 



1+T 



Fig. 5.8 Effect of cantilever supports 





— window 

- — spandrel rotation 

\ 


possible 
""'support rotation 


cantilever deflection \\ 
(elastic plus creep) \\. 


L^** 3 ^ 




r* \ beam 
"t or slab 

Vi ^^-— ~ — window 





Given: 

Spandrel weight = 417 plf 

Concrete slab - normal weight concrete 
E c = 4x 10 3 ksi 

Superimposed DL = 10psf 

Assume E r reduced to 2 x 10 3 ksi due to creep 



Neglecting rotation of support: 



wL 3 
6EI 



Rotation of cantilever 6 = 

Due to slab weight + 
superimposed loads 

= .nox(iox 12) 

6 12x6x2x 10 3 x8 3 
= 2.58 x 10~ 3 rad. 

Rotation of cantilever due to 
weight of spandrel 

wL 2 417 x (10x 12) 2 



e 



2EI 2x2x 10 3 x8 3 

2.93 x 10 -3 rad. 



Total rotation of cantilever 

= (2.58 + 2.93) x 1CT 3 = 5.51 x 10~ 3 rad. 



Rotation of top of spandrel 
= (5.51 x 10" 3 ) (72 + |) 



0.42 in. 



Spandrel strength should be verified for in-place 
loading condition. Some contribution of loads im- 
posed from adjacent floor construction should be 
included, due to possible unintended load transfer; 
the amount of this additional load requires engi- 
neering judgment. Strength should be determined 
for ultimate load, using load factors as specified by 
ACI 318-77. 
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Fig. 5.9 Load bearing spandrel 
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5.4.2 Load Bearing Spandrels 

General 

Load bearing spandrels are panels which also sup- 
port floor or roof loads. Except for the magnitude 
and location of these additional loads, the design 
consideration for load bearing spandrels is the same 
as for non-load bearing. 

Loads 

Load bearing spandrels support structural loads 
which are generally applied eccentric to the bending 
axis. A typical arrangement of spandrel and sup- 
ported floor is shown in Fig. 5.9. 

Torsion is introduced due to eccentricity which 
either must be resisted by the spandrel, or resisted 
by a horizontal couple developed in the floor con- 
struction. In order to take torsion in the floor con- 
struction, the details must provide for a compres- 
sive force transfer at the top of the floor, and a ten- 
sile force transfer at the bearing of the precast floor 
element. The load path of these floor forces must 
be followed through the structure, and considered 
in the design of other members in the building. Even 
when torsion is resisted in this manner in the com- 
pleted structure, erection induced twisting on the 
spandrel will have to be considered. 

If torsion cannot be removed by floor connec- 
tions, the spandrel should be designed for stresses 
induced. 



DESIGN EXAMPLE: 
LOAD BEARING SPANDREL 



Span of Spandrel = 30' 



12" 



CO 



40' Span 



Locate Y-Y axis of spandrel 



6(72) = 


x3" = 


8(6) = 


9 = 


1(6/2) = 


8 = 


2(6/2) = 


8 = 


8(6) = 


9 = 


8(8) = 


-4 = 



601 



1976 



1 Q~7 a 
X = -zzz- = 3.29" from back face 



601 



Loads 



D.L. 








Precast floor 60 psf 


(20') 


= 1.2(1.4) 


= 1.68 k/ 


Floor slab 25 


(20) 


= 0.5(1.4) 


= 0.70 


Superimposed 1 


(20) 


= 0.2(1.4) 


= 0.28 


Window 




= 0.50(1.4) 


= 0.07 


Spandrel 




= .626(1.4) 


= 0.88 


L.L. 50 psf 


(20) 


= 1.00(1.7) 


= 1.70 



w M 



- 5.31 



k// 



Flexure (assume no continuity) 
M u = 5.31| ^ j 2 =597'" k 



(f) ; 



Try 3 - #8 (A615- 60) 
f' c = 5000 
h = 72" 
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d = 69" 

A s = 0.79(3) = 2.37 in. 2 

T = 2.37(60) = 142.2 k 
T„ 142.2 



2.96" 



0bf' c 0.8(12)(5) 

M u =0T u (d-§) 

-0.9(142.2) ^-^6/2) 

= 720 > 597 o.k. 
Shear & Torsion 

Critical section @ d from support 
(= 5'-9", but say 5') 

V u = 5.31(15- 5) = 53.1 k 

w u for torsion = 1.68 + 0.70 + 0.28+ 1.70 
= 4.36 k/ ' 



eccentricity 



3 (8) + 3.29 = 8.62" 



-rh 



3.29 



M% 



<i 



X8 



.±£5 



(Eccentricity should be computed to the shear 
center since the shear center for this section is 
close to the back face, the value 8.62" is con- 
vative.) 

T u = 4.36(8.62) (15- 5) = 376 in.-k 



= 151 psi 



shear stress 




v u 


53100 


Vu 0bd 


0.85(6)(69) 


torsion stress 




3T U 
Vtu 2X 2 Y 





2X 2 Y^6 2 (72)+6 2 (8)(2) + 8 2 (8) = 3680 
_ 3(376000) 



0.85(3680) = 361 psi > 1 - 5Vf 'c 



.'. requires torsion design 



max allow v. 



12VfT 



12V5000 



fW 



I. ,/l.2x 15lV 



758 > 361 o.k. for torsion 



torsion stress taken by concrete 
2.4^F 



/l + (l^ 



= 758|^| = 152 psi < 361 
'. torsion steel required 
shear stress taken by concrete 

2s/~r~ r 



^ 



2V5000 



= 63 psi < 151 .". shear steel required 
shear steel required: (A615- 60): 

v 'u = K - v c> b'd = (151 - 63X6X69) 
= 364301b 

^ = y*L = 36430 = 0.0088 in. 2 /in. 
s df y 69 x 60,000 (= 0.106 in. 2 /ft) 

torsion web steel required: 



x 1 


= 72- 2(1) = 70 


Yi 


= 6- 2(1) = 4 


a t 


= 0.66 + 0.33 — but > 1.5 

X1 


a t 


= 0.66 + 0.33 (~) = 0.68 


a 


(361-152X3680X1) 



3(0.68X70) (4) (60000) 
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A t = 0.0224 in. 2 /in.) . 

(0.27 in.Vft) } perleg 



total stirrups required: 

A v = 0.106 + 2(0.27) = 0.646 in. 2 /ft 

use#4t3@7"(=685) 
Note: check other locations along beam length 

minimum web reinforcement: 
50b's 50(6)(12) 



f„ 



60000 



= 0.06 in. 2 /ft < 0.685 o.k. 
longitudinal torsional reinforcement: 



A/ = 



2 A t (x, + y,) 



, or 



[400xs / Vt 



. V tu +V u 



2A. 



Xt +y, 



L f v 

A, = .0224x7 = 0.157 in. 2 



A, - «°-1"»70 + 4) , 194|n2 



controls 



J ~400x6x 12 
' |_ 60000 

-[(2x.157)(^4) 



361 



361 + 151 
= 0.26 in. 2 



Provide A, as longitudinal bars at stirrup corners, 

combine with flexural reinforcing. 

Provide 50% A/ @ top (= 0.87 in. 2 ) use 2-#7 



reinforcing req'd in bottom to resist flexure 

-2.37(f|)= 1.97 in. 2 
reinforcing available for A; = 2.37- 1.97 = 0.40 



additional reinforcing required for A/ 
= 0.87 - 0.40 = 0.47 in. 2 

Reinforcing in ledge 



V u = 4.36 
b = 12" 
d s 6.5" 



f] 


Lip ^ 


• 


8" 


\ 


8" 

< SP. 





v.. = 



4360 



= 66psi < 2\^F 



0.85 x 12x6.5 
*use #3 @ same spacing as main web stirrups 



*3 X 



-*4 



ffi W 



A= 



u 



_&A. 



*3 



*&r-$ 



- U 



3-*8 



%i 



arrangement of reinforcing 



5.5 LOAD BEARING WALLS 

5.5.1 Genera! 

The design and structural behavior of exterior 
precast architectural concrete bearing wall panels is 
dependent upon the panel shape and configuration, 
the magnitude of applied vertical loads (gravity and 
lateral), the manner by which loads are transferred 
between panels, and the capability of individual pa- 
nel components to resist shear, axial force and flex- 
ure. 

The design of an architectural precast panel does 
not differ from the design of a two-dimensional 
frame once it is isolated and taken as a free body. 



Fig. 5.10 Horizontal and vertical rib panels 










s 




\ 



(a) Truss type panel 



(b) Channel 
type panel 



(c) Window 
mullion panel 
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Similarly, usual accepted procedures and code re- 
quirements apply to the design of an individual pre- 
cast panel and its components. 

Architectural precast concrete panels used in ex- 
terior load bearing walls can be classified as either 
flat panels or ribbed panels. Both flat and ribbed 
panels may have window, door or other openings. 

Fig. 5.10 illustrates three types of ribbed panels. 
The panel of Fig. 5.10(a) is a horizontal Vierendeel 
truss window mullion panel while the other panels 
are vertical window mullion panels. 

Whether or not the architectural panel of the ex- 
terior wall is placed horizontal or vertical depends 
primarily upon handling and erection requirements 
and the methods or details selected for making con- 
nections. A horizontal Vierendeel truss type panel 
lends itself to simple handling since it is shipped in 
its erected position, requires vertical load transfer 
connections at each story level, and allows for min- 
imum erection bracing requirements. A vertical pa- 
nel requires additional erecton handling, and be- 
cause of its projected height during erection de- 
mands more sophisticated erection bracing proce- 
dures. 

Shipping and erection requirements and connec- 
tion design are factors which will play a part in de- 
termining the panel size and configuration. A panel 
can only be as large as that which can be shipped 
and that which can be hoisted with the available 
erection equipment. For preliminary design, a win- 
dow mullion (ribbed) panel can be estimated as 
shown in Fig. 5.11. When determining panel 
weight, consideration must be given to the weight 
of glass windows as well as the weight of any other 
items attached to the panel. Depending upon the 
magnitude and type of loads being transferred by 
connections (panel to panel or floor to panel), the 
connections can determine minimum panel dimen- 
sions for the encasement of the required connec- 
tions. 

5.5.2 Loads 

Wall panels are subject to loads applied in the ver- 
tical and horizontal direction; the loads in the hori- 



Fig. 5.12 Vertical and horizontal forces on wall panels 



eccen tricity 




axial forces 



(a) Eccentric vertical forces 

(b) Horizontal forces (perpendicular to the 
plane of the wall 

(c) Horizontal forces parallel to the plane of 
the wall) along with the vertical axial forces 




peripheral 
shear - 
forces 



zontal direction may either be parallel or normal to 
the plane of the wall. The vertical loads are directed 
parallel to the plane of the wall (Fig. 5.12), at an 
eccentricity influenced by the geometry of the wall, 
location of load application, erection and manufac- 
turing tolerances (Fig. 5.13). Reference should be 
made to Chapter 3 for a discussion of tolerances. 

Lateral loads applied normal to the wall are the re- 
sult of wind and seismic activity. These loads cause 
lateral deflections, which may reduce the vertical 
load carrying capacity of the wall due to increased 
slenderness effects. 

Fig. 5.14 illustrates a special framing arrangement 
to provide for uniform distribution of load to panels 
on all sides of a structure. The uniform loading of 
the perimeter by the floor and roof construction 
has the advantage of resisting tension forces caused 
by lateral loadings, and thus minimizes connection 
and other hold down requirements. Further, uni- 
form distribution of floor and roof loadings around 
the building's perimeter also reduces differential 
creep deformations of panels as discussed in Sect. 
5.7. 

In addition to loads superimposed to exterior 
wall panels by the floors and the roof, the cumula- 
tive loads floor to floor must also be considered as 
a separate loading condition since these loads are 
transmitted by connections between panels. As the 
load accumulates, the transfer of the load between 
panel to panel becomes a much more significant 
factor which can determine minimum panel dimen- 
sions. 

The transfer of gravity loads between panels or 



Fig. 5.11 Approximate window mullion panel weight 



% 



LjlJ 

TYPICAL SIDE MULLION 

Approximate mullion or truss panel weights per 12 in. 
thickness for window panels 



Lightweight 
Normal weight 



65psf 
85psf 



Fig. 5.13 Examples of accidental eccentricities 




a) Panel 
out of plumb 




(b) Panel 

horizontally 

displaced 




(c) Panels 
with defects 
in ffatness 
(warping and 
bowing) 
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Fig. 5.14 Perimeter floor loading to exterior panel wall 
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combinations of gravity and other axial loads caused 
by lateral loadings can become the major factor in- 
fluencing the structural dimensions of a panel and 
the required connection details. The following de- 
sign example illustrates a typical procedure for de- 
termining minimum dimensions of a ribbed precast 
load bearing panel. The example does not illustrate 
the evaluation of slenderness design which also may 
influence or control significant dimensions of the 
panel (see Sect. 5.5.3). 

From the design example, it can be observed that 
the mullion size of the panel will not be controlled 
by the panel minimum concrete structural area. Ra- 
ther, minimum dimensions for grouting panels to- 
gether at horizontal joints, mullion size for placing 
reinforcement, size for locating handling devices or 
size required to accommodate a variety of connec- 
tion conditions can determine the mullion size. 

For most precast exterior bearing wall structures, 
it is found that the gravity dead and live load con- 
dition will control structural dimensions rather than 
load combinations which include lateral loads. 



DESIGN EXAMPLE 
CALCULATION OF MULLION SIZE 

Design Conditions 

1 . Building height 8 stories 

2. Vertical window mullion panel 

3. Maximum panel thickness at mullion 14 in. 
per design criteria 

4. Determine minimum mullion size for panel 
having a required 6 ft width 



Estimate Gravity Loads 
Contributary span = 30 ft 

6'-0", 



o 



ft 



-3rd 



-2nd 



JL 



foundation level 



Find P 

Wall panel wt 
(Est@85psf) 



t t 

p p 



s 8(12) 




\1000J 



Floor dead 
load (@ 60 psf) 



a 7 /6\30 /_60_\ 
\2/ 2 \1000/ 

/6\30 /30 \ 

\iooo/ 



25.5 k 



~ 18.9 k 



Floor live 
load 

(Est. @ 40 psf) 
Reduced 




1.4 k 



12.6 k 



Roof live 
load 

(Est @ 25 psf) 

P = 



^ /6\30 / 25 \ 
\2/ 2 \1000/ 



i.r 



59.5 k 



P per mullion 59.5k for preliminary design — gener- 
ally for precast exterior structural walls, gravity 
dead and live load will control load magnitudes ra- 
ther than some combination of gravity and lateral 
loads. 

Determine Mullion Size at Section A 

Estimate ultimate load factor to be 1 .6 
P u = 1.6(59.5) = 95k for design 
Select minimum mullion area based upon concrete 
cross-section only at ultimate conditions consider- 
ing only one-half the area effective to resist P u due 
possible combinations of moments and axial loads. 

/§ factor 



A, 



Concrete capacity 



(0.7) 0.85f' c 



= 0.298 A c f' c 

A f 
or approximately equal to c c 
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A c required for f' c = 5000 psi 
= 95 

= 57 in. 2 



A c (5000) 
3(1000) 

A = 951^ 



(1) 



Section A Dimensions 
A c -4(14) 

= 56 in. 2 (shaded) 

using dimensions 
indicated (sienderness 
neglected) 




mm: 



Obviously connections and other design features 
will require a larger mullion section or control mul- 
lion size. 



signed by the method of ACI 318-77, Chapter 10. 
Provided an accurate estimate of load eccentricities 
can be made, this design method, which uses the 
principle of moment magnifier to provide an ap- 
proximate evaluation of sienderness effects, will ac- 
curately predict the behavior and strength of walls. 

The principles of the moment magnifier method 
are illustrated in Fig. 5.15. 

The moment produced by the actual loads acting 
at the eccentricity determined by analysis is in- 
creased (magnified), and this magnified moment, in 
combination with the ultimate axial load, is com- 
pared to the strength of the wall calculated by de- 
veloping an interaction diagram. (See Sect. 5.5.5 
for methods of establishing an interaction diagram.) 

The magnified moment is taken as: 

M c = 5M 2 

where: 



5 - 



> 1 



u 

d>p c 



(Eq. 5-1) 



5.5.3 Design of Solid Wall Panels 

Walls which contain reinforcing in each direction 
of an amount at least equal to p = 0.001 may be de- 



Fig. 5.15 Sienderness effects 
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DEFLECTED 
CONFIGURATION 



where: 

M 1 = value of smaller design end moment on compres- 
sion member calculated from a conventional elas- 
tic analysis — positive if member is bent in single 
curvature, otherwise negative 

M 2 = value of larger design end moment, always positive 

M = first order bending moment at critical section of 
compression members as obtained from elastic 
analysis 



For members braced against sidesway, and without 
lateral loads on the panel, 



0.6 + 0.4 






> 0.4 (Eq. 5-2) 



For all other members C m = 1 .0. 

P u is the ultimate axial load on the panel, and P c is 

the critical buckling load, calculated as 



Pc = 



7T 2 EI 

<kU 2 



(Eq. 5-3) 



where l u is the unsupported height of the panel, and 
where k can be determined from the following: 





A. For panels braced against sidesway and free 
along both the vertical edges: 

for all values of 

/ u /b, k = 1.0 

B. For panels braced against sidesway and re- 
strained* along both vertical edges: 

for 

IJb < 1/2 k = 1.0 

1/2 < IJb < 2 k = 1.5- / u /b 

/ u /b > 2 k = 1.0/[1 + (/ u /b) 2 ] 
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c. 



(O 



For panels braced against sidesway and re- 
strained* along one vertical edge: 

for 

Lib < 1 



1 </ u /b <2 
Lib > 2 



k = 1.0 
k = 1.0 



0.423 [(/ u /b)-1] 
k = 1.0/x/[1 + 1/2(/ u /b)2] 



The value El may be determined from the follow- 
ing: 

For wall panels with a single layer of reinforce- 
ment centered in the panel, the value of El may be 
taken as: 

e. 0.10E r I n f 



EI 



E„I, 



c"g 



0d 



(0.5 -r) > 



'c'g 



J3 d 



(Eq. 5-4) 



For wall panels with a double layer of reinforce- 
ment the value of El for use in the same equation 
may be taken either as: 



EI 



5 s s 



(Eq. 5-5) 



or conservatively: 



EI = 



2.5 



(Eq. 5-6) 



For wall panels subject to transverse loading, the 
maximum moment can occur at a section away from 
the end of the member. In this case the value of the 
largest calculated moment occurring anywhere along 
the member is used for the value of M 2 . C m is taken 
as 1.0 for this case. 

If computations show that there is no moment 
at both ends of a compression member or that com- 
puted end eccentricities are less than (0.6 + 0.03h) 
in., M 2 should be based on a minimum eccentricity 
of (0.6 + 0.03h) in. where h is the thickness of the 



* A pane) is considered restrained along an edge if that edge is pre- 
vented from translational displacement perpendicular to the plane 
of the wall. In vertical edges, this can be accomplished by thickened 
edges or by cross walls. 

tThis equation is based on preliminary analytical studies indicated 
in Reference 8. 



panel. Ratio M 1 /M 2 should be determined by 
either of the following: 

a. When computed end eccentricities are less 
than (0.6 + 0.3h) in., computed end moments 
may be used to evaluate M 1 /M 2 . 

b. If computations show that there is essentially 
no moment at both ends of a compression 
member, the ratio M 1 /M 2 may be taken equal 
to one. 

For compression members braced against side- 
sway, effects of slenderness may be neglected when 
k/ u /r is less than 34 - 1 2M 1 /M 2 . 

For compression members not braced against 
sidesway, effects of slenderness may be neglected 
when k/ u /r is less than 22, where r is the radius of 
gyration of the panel; r may be taken as 0.3 times 
the panel thickness for a uniform thick panel, or 
computed based on the gross concrete section for 



other shapes 



(. -M 



For panels with k/ u /r > 100, the following issug- 
gested: 

1. Incorporate these panels only on structures 
which are braced against sideway. 

2. Use k= 1. 

3. UseC m - 1. 

4. Include the moment due to wind in the mom- 
ment to be magnified (M 2 ). Use direction of 
wind (positive, suction) which will produce the 
larger value of M 2 . 

5. Use a modified magnifier 5 1 in the formula 
IVL = 5IVL, where: 



«i - 



100 r 



(Eq.5-7) 



If the resultant of the axial load is located within 
the kern dimension of the panel (i.e., middle third 
of the thickness of a flat panel), the strength of the 
wall may be approximated as 



-r^-Y 

\40hj 



P u = 0.55<M' c A g 

where 

= 0.7 

A g = gross area 

l c = length between supports 

h = thickness of panel 



(Eq. 5-8) 
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For panels which are of an irregular cross-section, 
an equivalent h may be determined from 



h 



■f 



2J, 

b " 



(Eq.5-9) 



where: 

l g = moment of inertia based on gross section 

b = width of section 

5.5.4 Design of Ribbed Wall Panels 

Fig. 5.16 illustrates a typical moment of inertia 
variation for the compression resisting portion of a 
panel mullion. An estimate for the effective width 
of a flange overhanging the mullion is 6t as shown 
by Fig. 5.16. Employing the 6t criterion, the shaded 
portion of the panel presents the design configura- 
tion of the compression element over the panel 
height /. 

The requirements for slenderness design of Sect. 
5.5.3 can be applied to the compression elements 
of a load bearing architectural panel once an equiv- 
alent I has been determined. In lieu of precise anal- 
ysis, the equivalent slenderness I can be reasonably 
approximated by a deflection analysis. For the 
shaded portion of Fig. 5.16 bent in single curvative, 
using lateral support at the panel top and bottom, 
the classic Euler curve can be assumed to be equal 
to a uniform load deflection curve. The uniformly 
loaded simple span mid-height deflection for the 
actual non-prismatic compression member (shaded 
portion of Fig. 5.16) in terms of the reference l 
permits determination of the equivalent l equjv by 



Fig. 5.16 Column section varying I for slenderness design 




equating: 
5wL 4 



= A, 



384EI, 



equiv 



where E, L and w are the same as the values used to 
determine A . 

Once l equiv has been determined, P c can be found 
for the determination of the moment magnifier. 
The selection of k, the effective length factor, typi- 
cally would be selected as 1 for most usual design 
conditions for slenderness about the x-x axis of 
Fig. 5.16. In certain design cases, slenderness design 
about the y-y axis may control. ACI 318-77 require- 
ments for slenderness design are summarized by 
Fig. 5.17. The following design example illustrates 
a typical calculation for slenderness effects in a cen- 
ter panel mullion of a load bearing architectural pa- 
nel. 

A more conservative approach in selecting the 
'equiv f° r slenderness design would be to use the 
average weighted I over the panel height /. Design 
approximations for flat panels subjected to concen- 
trated loads and reactions represent a special case 2 
where it is necessary to determine the effective com- 
pression width which in turn defines L 



equiv ' 



DESIGN EXAMPLE 
SLENDERNESS DESIGN 



indicates center 6t J 

mullion compression r H 
member ■ \ 



V N =75 k 



1 



p 



601" 




(7 2" maximu m 



possible) 



SECTION B 
In- 5638 in 4 
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Fig. 5.17 Slenderness effects by Sec. 10-11 (ACI 318-77) 



Notation 



r 
k 

Mo 



M r 



g 
P 



Unsupported length of compression 

member 

Radius of gyration 

Effective length factor 

Smaller ultimate end moment 

pos. if bent in single curvature 

neg. if bent in double curvature 

Larger ultimate end moment 

always positive (if less than 

minimum code values, use min. 

code values) 

Moment to be used in design 

5M 2 

Gross moment of inertia 

Critical load 



46 
42 
38 
34 
^ 30 
^ 26 
22 



Values of k/ u /r where slenderness 
may be neglected 
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$$£& Neglect slenderness §g& 
Sg&all members §9$ 







■1.0 





M 1 /M 2 



+1.0 



1.0 



0.8 



C 



.£ 0.6 



a 



a 



0.4 



0.2 



Values of k p for P c 














Based on Eq. 10-6 and 10.10 (ACI 318-77) 
fc = 5000 psi, normal weight concrete* 
R Dead load M u 

Total load M u 

c " k 2 


" v\ 












- 






^ftj = 


= 0.5 




& = 


= 0.75-^ 

&6- 


= 1.0-^ 






i 
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I 
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i 


i 


i 










i 


i 


i 


i 



10 



12 



14 



16 



18 



20 
/u.ft 



22 



24 



26 



28 



30 



32 



<o 3 



Magnified moment coefficient, 5 


Based on Eq. 10-7 (ACI 318-77) 

C m = 0.6 + 0.4 M ^2 

P u = Calculated ultimate axial load 

= 0.7 (tied columns) 

M c - 5M 2 




^m 


= 1.0 — y 


/ / " 




C m = 0.8- 
C m = 0.6-^ 






- 














/ 


" "1 


i — - — 


: ~Ta._. 




i 




i 


-C m =0.4- 

i 



3 *o 



0.1 



0.2 



0.3 



0.4 



0.5 

P u /0P c 



0.6 



0.7 



0.8 



0.9 



* For other concretes, P c = kp I g E c /4300k , E c = modulus of elasticity, ksi 
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Determine Mid-Height Deflection 

Uniform load between points of lateral supports 
reasonably approximates slenderness curvature for 
the determination of l equjv . Place 1k/f load onto 
center mullion compression member with supports 
at the top and bottom of the panel. 



, 




w-1klf 






, 


, i v 


i 1 1 


1 4 , 




1-5638 in. 4 


1-3891 in. 4 




I»5638in 4 






5.0' 








3.0' j 




2.0' 






r" 10.0' 

















bottom 



FIND DEFLECTION USING M/EZ DIAGRAM 



10.5k' 




M/EI DIAGRAM 

Using moment area principals, the center or mid- 
span deflection is, for 5000 psi normal weight con- 
crete 

(E c = 4.3x10 6 psi) A n = 0.0127 in. 



Find l 



equiv 



5wl_ 4 



384 E I 



equiv 



5wl_ 4 



equiv A n 384E 



5(1000) (10) 4 (12) 4 
0.0127 (384) (4.3 x 10 6 ) (12) 



l equiv = 4120 in. 4 



Check Slenderness Requirements 

Use k = 1 for slenderness 
(braced against sidesway) 

r = 0.3h = 0.3(14) = 4.2 in. 
k/„ 1(10x12) 



4.2 



= 28.6 



Check If Slenderness Must be Considered 
Use Fig. 5.17 
For M, = and M 2 = 75 k-ft, M, /M 2 = 

k/ u 

— — < 34 neglect slenderness 



Analysis Considering Slenderness 

Do not consider that slenderness may be neglected 
as previously determined. 

Use C m = 1.0 since minimum eccentricity will con- 
trol, and assume j3 d = 0.75 from an analysis. 

Find k p 

For/3 d = 0.75. and /„ = 10 ft, find from Fig. 5.17 
k p =s 0.67 

Use 'equiv to fin d P c 



p _ JSk _ 0-67(4120) _ 

c " k 2 ~ (Tp — ~ 

No correction required for f' c since 5000 psi normal 
weight concrete used. 



Find Moment Magnifier 8 
P u = 550 k 
P c = 2760 k 






550 



0.7 (2760) 



= 0.28 



ForC m =1.0 and ^- 

(From Fig. 5.17) 
M„ = 5M 



0.28,5 s 1.3 



W 



M 2 = 0.1 (i^) 550= 64.1 k ' < 75 k ' 
c/t = 0.r 



M, 



1.3(75) = 97.5 k ' 



(if slenderness considered) 



Final Design Loads to Short Column Intersec- 
tion Curves 

P u = 550 k 
M u = 75 k-ft 



(slenderness neglected) 
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5.5.5 Interaction Curves 

Once the slenderness analysis has been made for 
the compression components of a load bearing pa- 
nel, it is necessary to develop P u -M u interaction 
curves. Fig. 5.18 presents typical relationships for 
the calculation of points on the interaction curve. 

Interaction curves for typical architectural panel 
compression members can be developed as illus- 
trated in the following example. It is important to 
recognize which points need to be calculated. For 
at least one point, as shown in the example, a com- 
pression area of concrete should be selected such 
that summation of the axial forces, steel and con- 
crete, results in a negative value for P u . Usually this 
can be found by determining the maximum steel 
force of the main tension reinforcing steel employ- 
ing a concrete compression which has a slightly 
smaller area while neglecting A' s . 

Using the initially selected points for the depth 
of the rectangular compression block, asgiven in the 
example, an initial interaction curve can be drawn. 
Study of the initial interaction curve shows which 
additional points need to be determined to proper- 
ly define the curve. 

For cross-sections which are not rectangular, it is 
necessary to determine separate curves for each di- 
rection of the applied moment. Further, since most 
architectural column cross-sections are not rectan- 
gular, the "a" distance only defines the depth of 
the rectangular concrete stress distribution. Instead 
of using a/2, as for a rectangular cross-section, it is 
necessary to calculate the actual centroid of the 
compression area which is indicated as Y\ 

Many approximations can be used to select rein- 
forcement in an architectural panel cross-section 
prior to making an interaction analysis. One such 
approximation is to use a load factor of 2.5 to 2.75 
on the service load to obtain an initial P u value and 
to neglect any influence of bending. The steel rein- 
forcement area can be closely estimated by solving 



= 0.85f' c A c + A s f y 



(Eq. 5-10) 



DESIGN EXAMPLE 

DEVELOPMENT OF P u - M u SHORT COLUMN 

INTERACTION CURVE 




Initial Analysis Points 

Select "a" distances of: 

a = 1" 

a = h/4 = 14/4 = 3.5" 

a = h/2 - 14/2 = 7.0" 

a - 3/4 h = 3/4(14)= 10.5" 

a = h = 14" 

Select other "a" distances following initial analysis 
points to find desired points on interaction curve. 

Ultimate Strength Constants 

ft = 0.80 for f ' c = 5000 psi 



C = 



6 W ~ 



E, = 



t = 1.25a e r = 0.003 in./in. 

P c 



60 



29,000 
29,000 ksi 



0.00207 in./in. 



a = 1.0" 

c = 1.25 (1) - 1.25" 





0.003 in/in 


i 


' 


i 


,^r^s 




f c 


1 d' 




^s 




I < 


i 


11 

■o 


r £ s 









f' c = 5000 psi 

f y = 60 ksi 

Concrete Area = 236.0 in. 2 



e = ^ (0.003) 



e = (12 „ J; 25) 0.003 = 0.0258 in./in. > e v 



1.25 
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Fig. 5.18 Strain compatability relationship for ribbed reinforced sections 



0.85 f ' 




r, = E s 



\ = E s 



0.003 



c 
0.003 



L c 



(c-d') 
(d-c) 



< f„ 



< f„ 







(A, 



comp 



A\) 0.85 f + A' f' - A s f 



s s s s 



l comp 
(a) Basic relationships 



0.85 fc p„ 




M P e 

~f = T' = (A C o mp -A s )(y t -V')0.85f c 

+ A s f s (d-y t ) + A' s f' s (y t -d') 



Acomp « A s if a > h 



f\ 



*. = E s 



0.003 



c 
0.003 



(c-d') 
(c-d) 



< f„ 



-f = (A g -A' s -A s )0.85f^+A' s f s + A s f s 



-Centroid of A comp 
(b) Special case with neutral axis outside of the section 



M„ 



P..e 



4> 4> 



A' $ f',(Y,-d')-A s f s W-y t ) 







b 


13 




,, * 


1_ 


■vM\:f^ 


"D 




I'-^i 


i ' 


> 


c. 



0.003 in. /in. 



0.85 f c 

n 



.7" 



A s fy 



P 
-r = 0.85 f' r (A„ - A' - A J + (A', + AJ f. 



c »' "g 



s' 'y 



A s Ty 



M„ 



= 



(c) Special case when M u = 0, P u = P a 



0.85 fc 



0.003d 



">. 0.003 in./"m. 




lt A:f; 



C.G. 



0.003 + f y /E s 



f's = E s 



[^<c-«] 



< f.. 



v^. v 



J = (A comp -A' s )0.85f^+A' s f' s -A s f y 



M> 



A \ 



P u e 



Centroid of ~ comp 

(d) Special case at balance point 



(A comp -A' s )(y t -v')0.85f' c 



^ " A comp 

+ A s f y (d-y t ) + A' I f',(Y t -d') 
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f = 



e r = 



e _ = 



60ksi 

( 2-1 .25^ 
\12- 1.25 



0.0258 = 0.0018 in./in. 
<e„ 



^^0.003=^||-^0.003 
c 4.38 



e' s = 0.00163 in./in. comp. < e y 

f' s = 0.00163 (29,000) = 47.3 ksi comp. 



Find P. 



f' s = e' s E s = 0.0018(29,000) = 52.2 ksi ten- 
sion 

Find P„ 



B 



MfK 



o; 



a /2 



C.G. 



0,7 V A' s fs 



4 — »-6^A 



s's 



2F„ = 



P u = 0.85abf' c -A' s f' s -A s f s 

P u = 0.85 (1) 24 (5) - 3 (52.2) - 3 (60) 



P. = -234.6K tension 



Find M u About C.G. 

Use above diagram and ' +) 

M u = 0.85 (1) 24 (5) 5.51 - 3 (52.2) 4.01 + 
3(60) 5.99 

M u = 562.0- 628.0+ 1078.2= 1012.2 kin. 



a = 3.5" 

c = 1.25 (3.5) =s 4.38" 



c 


^L 


d — , 




~<0 


o 
[ * 






St i 

« 

in 



A' f' 



s's 



A s*s 



C.G. 



As before 2 R, = 



P u = 0.85ab f' c + A' s f' s - A s f s 

P u = 0.85 (3.5) 24 (5) + 3 (47.3) - 3 (60) 
P u = 318.9 k comp. 

Find M u About C.G. 

Use above diagram and ^+) 

M u = 0.85 (3.5) 24 (5) 4.26 + 3 (47.3) 4.01 + 
3 (60) 5.99 

M u = 1520.8 + 569.0+ 1078.2 
= 3168.0 k-in. 



a = 7.0" 

c = 1.25 (7.0)= 8.75" 

0.003 




0.003 


. 


11 


r\ 




d' 




, 


, 


V 



«. - ^ (0.003, -^^ 0.003 



0.00522 in./in. > e y f s = 60 ksi 



5t- ,0.003,= ^^) 0.003 
c 8.75 



e q = 0.00111 in./in. < e„ 

& y 

f s = 0.00111 (29,000) = 32.2 ksi 

s c 8.75 

e\ = 0.00231 in./in. > e„ 



f' s = 60 ksi 
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Determine C and "a/2" 

Since shape of concrete compression area is not rec- 
tangular, the area must be found as well as the cen- 
troid of the area "a/2" = y' 



Part 



(D 



24" 



®U 






fo 



' f 



4" 



V-^-ri 



■V — r^slope=2/io=o.2 

I 

-X- 0.2 (3) =0.6" 



A (in. 2 ) 

24(4) = 96 

2[3(0.6)/2] = 1.8 

3(14,8) = 44.4 

2A = 142.2 in. 2 



y (in.) A v (in. 3 ) 



2 

5 
5.5 



192 
9 

244.2 



ZA y = 445.2 in. 3 



£ s s^ 




<f«<2> 



«.-^ (0.003)- iS^a 0.003 

s c 13.12 

e s = 0.000256 in./in. < e y comp 
f s = 0.000256 (29,000) = 7.4 ksi 
By inspection, e' s > e y 
f' s = 60 ksi 

Determine C and "a/2" 

Use same procedure as for a = 7.0" 



" - ^ = 3.13" 



24" 



y = 



142.2 



A c = 142.2 in. 2 



Find P.. 




r ' > 



>A s fs 



C.G. 



■Acf 



S'S 



2F X = — -> 

P u = 0.85f' c A c + A' s f s - A s f s 

P u = 0.85 (5) 142.2 + 3 (60) - 3 (32.2) 

P u - 687.8 k 




Part 



A (in. 2 ) y(in.) A y (in. 3 ) 

(4)24 = 96 2 

(2) 2[1.3(6.5/2)] = 8.4 6.17 

(3) 6.5(13.4) = 87.1 7.25 



192 

51.8 

631.5 



A= 191.5 in. 2 



2A y = 875.3 in. 3 



Find M u About C.G. 

Use above diagram and l + 



M u = 0.85 (5) 142.2 (2.88) + 3 (60) 4.01 + 

3 (32.2) 5.99 
M u = 1740.5 + 721.8 + 578.6 
= 3040.9 k-in. 

a = 10.5" 

c = 1.25 (10.5) = 13.12" 



875.3 



1 191.5 

A, - 191.5 in. 2 



= 4.57" 



Find P. 






«fl ► A s f s 



-C.G. 



^ no T 



S'S 
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P u = 0.85f' c A c + A' s f' s + A s f s 

P u = 0.85(5) 191.5 + 3 (60) + 3 (7.4) 

P. = 1016.1 k 



Find M u About C.G. 

Use above diagram and ( +) 

M u = 0.85 (5) 191.5 (1.44) + 3 (60) 4.01 
3 (7.4) 5.99 

M u = 1172.0 + 721.8- 133.0 
= 1760.8 k -in. 

a = 14.0" 

c = 1.25(14) = 17.5" 



6'^? 




M u = 0.85 (5) 236 (0) + 3 (60) 4.01 - 
3 (27.3) 5.99 

M u = + 721.8-490.6 
= 231.2 k -in. 

Determine Additional Points for 
Interaction Diagram 

Plot points for the interaction diagram developed 
by the Initial Analysis. By inspection, it can readily 
be determined that one or two additional points 
would be desirable between a = 1" and a = 3.5". 
Select a = 2.5" for the determination of one point. 
If two points are to be selected, a = 1.75" and a = 
2.75" would seem appropriate. 

a = 2.5" 

c = 1.25 (2.5) = 3.12" 



0.003 



-i-^s 



el 



e s =^l 0.003=^-^) 0.003 
c 17.5 

e, = 0.000943 in./in. < e v 

5 y 

f s = 0.000943 (29,000) = 27.3 ksi 
By inspection, e' s > e y 
f' s = 60 ksi 

Find P u 

Since a equals the height of the section, A c = total 
concrete area and y' is at the centroid of the con- 
crete area 

P u = 0.85f' c A c +A' s f' s + A s f s 

P u = 0.85 (5) 236 + 3 (60) + 3 (27.3) 
P u = 1264.9 K 

Find M„ About C.G. 



St 



* As's 



C.G. 



6c = 



f. = 



e, = 



f'„ = 



^(0.003) =^-1^0.003 
c 3.12 

0.00854 in./in. > e y 
60 ksi 

^ (0.003) = ^—^ 0003 
c 3.12 

0.00108 in./in. comp < e y 

0.00108(29,000) = 31.3 ksi 



Find P. 



■+A'cf 



s's 
C.G. 



A s fs 



2F„ = 



*A s f. 



s's 



P u = 0.85abf' c + A' s f' s - A s f s 

P u = 0.85 (2.5) 24 (5) + 3 (3.13) - 3 (60) 

P, = 168.9 k 
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1200 



1000 



800 



600 



or 400 



200 




-200 



-400 



balance 
point 



1000 




2000 3000 
M u ,k-in 



4000 5000 



_J I I L_ 



INITIAL INTERACTION DIAGRAM 

Find M u About C.G. 

Use above diagram and (+j 

M u - 0.85 (2.5) 24 (5) 4.76 + 3 (31.3) 4.01 

+ 3 (60) 5.99 
M u = 1213.8 + 376.5+ 1078.2 

- 2668.5 k-in. 

Construct Design Interaction Curve 

Using the Initial Interaction Curve, plot a design in- 
teraction curve for a short column. Employ a 
-0.7 
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2275 
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1890 
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Design short column interaction curve 
for M u in the direction indicated 



800 



200 




f' c = 5000 psi 
6- #8 

(f y = 60 ksi) 



1000 2000 

Mu (K-in) 



3000 



4000 




C.G. 



Note: Applied M u is about the C.G. 

Use of Design Interaction Curves 

Points A, B, C and D illustrate the use of a short 
column P u — M u design interaction curve. The points 
A, B, C and D are obtained from axial load, flexur- 
al and slenderness analysis. 

The design M u = 5M 2 where 5 is the moment 
magnifier for columns and M 2 is the larger moment 
at the ends of a compression member. P u is not cor- 
rected for slenderness design but is the elastic axial 
load multiplied by the appropriate ultimate load 
factor. Correction for slenderness using 5 allows a 
long or slender column to be treated as a short col- 
umn. 

Points A and B as plotted on the Design Interac- 
tion Curve show they are within the curve, and 
hence the mullion column section can properly re- 
sist these loads. Points C and D fall outside the 
curve, thereby indicating the mullion column is not 
capable of resisting these loads. 



5.5.6 Structural Behavior of Truss Type Panels 

Architectural load bearing window panels having 
their greatest dimension horizontally may behave as 
parallel chord and web trusses which are referred to 
as Vierendeel trusses. The structural behavior of ar- 
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chitectural panel type Vierendeel trusses differs sig- 
nificantly from a classical truss analysis. 

Sect. 5.6.9 discusses the importance of recogniz- 
ing that a precast panel type truss, because of its 
significantly large component dimensions, cannot 
use centerline dimensions for analysis. Instead, the 
typical exterior load bearing architectural panel is a 
series of deep beams rigidly connected together at 
their ends. Fig. 5.10(a) illustrates a horizontal truss 
type panel while Fig. 5.10(b) presents a vertical 
truss type panel. 

Examination of Fig. 5.10 indicates it is not pos- 
sible to set forth simple design rules for analysis. 
The internal forces and structural deformations of 
the panel are dependent upon the relative stiffness 
and cross-section areas of component members of 
the truss. Due to the many variations encountered, 
the designer must make assumptions regarding the 
panel's structural behavior. Once the structural be- 
havior criteria is selected, the flexural, shear, bear- 
ing and deflection analysis for the various possible 
cases of uniform and concentrated gravity loads may 
be performed. 

It is necessary to analyze the combined influence 
of gravity loads with lateral load joint shears. Since 
each truss panel is a self-contained frame, methods 
of analysis for either gravity loads alone or in com- 
bination with lateral load joint shears are not 
straight-forward. It is recommended that indeter- 
minate analysis procedures similar to moment dis- 
tribution or computer programs such as "STRESS" 
or "STRUDL" be used for final truss panel struc- 
tural solutions. Since most panels of exterior struc- 
tural walls have the same shape, the analyses can be 
limited to those panels receiving the greatest loads. 

5.6 SHEAR WALLS 

5.6.1 General 

Shear walls are vertical members which transfer 
lateral forces, in or parallel to the plane of the wall, 
from superstructure to foundation. The walls thus 
act as vertical cantilever beams. Usually, a structure 
will contain a number of walls which will resist la- 
Fig. 5.19 Translation and rotation of rigid floors 



Table 5.1 Deflection of cantilever due to lateral load 
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teral load in two orthogonal directions. The portion 
of the total lateral force which each wall must resist 
will be a function of the bending and shear resis- 
tance of the wall, the participation of the floor, and 
the characteristics of the foundation. It is common 
practice to assume that floors act as rigid elements 
for loads in the plane of the floor, and that the de- 
formational behavior of the footings and soil can 
be neglected. Therefore, for most structures, the de- 
signer generally will limit his considerations to the 
characteristic behavior of the wall. 

If the floor is considered to be a rigid body, it 
will translate in a direction parallel to the applied 
load an amount related to the flexural and shear 
rigidity of the participating shear walls (Fig. 5.19). 
If the center of rigidity is not coincident with the 
line of action of the applied loads, the floor will tend 
to rotate about the center of rigidity, introducing 
additional forces (Fig. 5.19b). Therefore, the load 
on each shear wall will be determined by combining 
the effects produced by rigid body translation and 
rotation. 



5.6.2 Rigidity of Solid Shear Walls 

In order to determine distribution of lateral 
loads, it is necessary to establish relative rigidities 
of all shear walls. The procedure discussed in this 



5-24 



Section is reasonably applicable to both solid walls 
and walls with windows, considering the approxi- 
mations usually associated with wind forces and 
earthquake forces in the lower ranges of seismic in- 
tensity (Zones 1 and 2). When the designer deter- 
mines that openings may significantly alterthe rela- 
tive rigidities, as discussed in this Section, or when 
the structure is very tall, a more precise determina- 
tion is justified, as discussed in Sect. 5.6.9. 

Table 5.1 compares the deflection of a cantilever 
due to flexure and shear, for three common cases 



of load distribution. 

Having determined the rigidity, or relative rigidi- 
ty, of each shear wall, the applied lateral load is as- 
signed to each in proportion, with consideration 
given to any eccentricity between center of rigidity 
and line of lateral application. Investigation is usu- 
ally performed in two orthogonal directions. The 
procedure for a typical low rise structure is demon- 
strated in the following example, with considera- 
tion given to flexural resistance only. 



DESIGN EXAMPLE: LATERAL LOAD ANALYSIS FOR LOW RISE PRECAST STRUCTURE 
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East-West wind load analysis 




Shear wall — resisting element diagram 

Basis for analysis: 

1. For purposes of analyzing the structure for east-west wind loads, the areas A, B and C will be examined 
as the three typical areas for design consideration as follows: 

Area A: typical controlling case for design of shear wall element (3) 

Areas B & C: wind load in each area will be distributed to the individual shear walls by considering both 

the shear stiffness and flexural stiffness of each shear wall. This is due to the presence of 

the slender stair and elevator shear wall elements 



North-South wind load analysis 
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Shear wall — resisting element diagram 

Basis for analysis: 

1. Due to the high depth to length ratios of each shear wall element in the north-south direction, the wind 
loads should be distributed considering combined shear and flexural stiffness of all contributing shear 
wall elements. 

2. An alternative approach to the above would be to distribute the loads first with consideration to shear 
stiffness alone and then with flexural stiffness alone. Then select the distribution which produces the 
maximum load to each shear wall. 

3. The north-south analysis will not be performed here, but the procedure used would be the same as used 
for the distribution of east-west wind loads to the shear walls in Area B. 
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Shear wall element section property summary 
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Note: A w = web shear area 



East-West wind load distribution: Area B 




wall 



Note: Load between grid lines D/E and F/G to be distributed 
with consideration to combined flexural and shear de- 
formations. 



Basic deflection relationship of shear walls: 
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Shear deflection A 
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Flexural deformation A c 
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Load distribution to shear walls in Area B 

SA - 88.44 ft 2 



El 



5103.3ft 4 



Element 


Distribution By 
Web Shear Area 


Distribution By 
Flexural Stiffness 


Distribution By Combined 
Shear And Flexure 


Av 


%Av* 
= A/_A 


1 


%l* 

= [/_[ 


% Load At Height* 


8.67' 


17.34' 


26.0' 


34.67 ' 


4 


18 ft 1 


20.4% 


1093.5 ft' 


21.43% 


20.91% 


21.04% 


21.15% 


21.23% 


5 


7.11 


8.0% 


152.8 


2.99% 


6.61% 


4.97% 


4.12% 


3.70% 


6 


9.33 


10.5% 


476.0 


9.33% 


10.33% 


10.03% 


9.79% 


9.63% 


7 


18 


20.4% 


1194.0 


23.40% 


20.74% 


21.41% 


21.99% 


22.41 % 


8 


18 


20.4% 


1093.5 


21 .43% 


20.91% 


21.04% 


21.15% 


21.23% 


9 


18 


20.4% 


1093.5 


21 .43% 


20.91% 


21.04% 


21.15% 


3.70% 



* % load to shear wall 

Comments: 

1 . This table illustrates the following: 

a. Distribution of east-west wind to each shear wall 
element in Area B by consideration of shear stiff- 
ness alone. 

b. Distribution of east-west wind to each shear wall 
element in Area B by consideration of flexural stiff- 
ness alone. 

c. Distribution of east-west wind to each shear wall 
element in Area B by consideration of combined 
shear and flexural stiffness. 

2. For purposes of shear wall design, the load distribu- 
tion method c is recommended for Area B shear walls. 

3. Analysis for Area A shear walls is similar to that used 
for element (3) which follows. 



Loads to typical shear wall element (3) 
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LOAD 
MARK 


UNIT 
LL 


UNIT 
DL 


TRIB. 
AREA 


LL 


DL* 


TL* 
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'Wall DUFIoor = 8.67 (.1 klf ) = 0.87 kl 



Analysis of shear wall element (3) 



Critical point for tensile check: 

P = [3.12 + 3(3.57) + 0.87] (1000) 
A 8(12) 

= 153 psi compression 
1093.5 ft 4 (2) 



S B S T 



27' 



= 81 ft 3 



= (81 ft 3 ) (12) 3 = 140,000 in. 3 
M _ 236.7 (12,000) 



140,000 in. 3 



= -21 psi tension 



Check Overturning in E/W Direction 

Overturning moment at foundation = 236. 7 k " ft 
Nominal resisting moment 



■© 



[3.12 + 3 (3.57) + 0.87] (27) 
= 5358.2 kft 
30 psf (30) 



W 



0.45 K 



Factor of safety against overturning 
5358.2 



236.7 



= 22.6 > 1.5 ;. ok 



A S c 



= (153-21)= 132 psi compression 



.'. No tension present in horizontal joints 



Check Base Bearing Stress 



P = 9.4(1000) 14.8 (1000) 

A (25.44) (12) (8) + (17.67) (12) (8) 
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= 204 psi compression 



Check for Tension in Horizontai Shear 
Wall Joints 
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= 23 psi compression 



P M 
.■- + —- = 204 + 23 = 227 psi compression 

r\ O-r 



Allowable bearing stress = 



0.85 f' c 
Load Factor 



0.85 (0.70) (4000) 
1.5 

1590 psi > 227 psi 

:. ok 



If the soil modulus is known, the rotation of the 
shear wall due to moment produced at the founda- 
tion can be determined and included in the evalua- 
tion of relative rigidity. This procedure is generally 
only warranted when the maximum unit pressures 
on wall footings vary significantly among footings. 
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Fig. 5.20 Wall rotation due to foundation deformation 



Fig. 5.22 Classification of vertical joints 




For a soil pressure distribution as indicated in Fig. 
5.20, the additional rotation at the top of the wall, 
considering the system as a rigid body is 



A = (P 9 - P 1 ) k. 



(Eq. 5-11) 



where: 

K 

L 

b 



unit pressure under footing 
soil modulus (Fig. 5.21) 
height of wall above foundation 
length of foundation wall 



5.6.3 Vertical Joints 

Vertical joints between abutting precast walls 
may be attached to provide a stiffer lateral load re- 
sisting system. The connections are designed to re- 
sist the shears produced at the joint by the lateral 
load, assuming the panels acting as a homogeneous 
member. The shear per unit length of joint is VQ/I. 
The connection may also be subjected to forces pro- 
duced by flexure and shear acting in a direction nor- 
mal to the plane of the panel, and axial forces pro- 
duced by volume change restraints. 



Fig. 5.21 Relation between soil bearing and soil modulus 
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Vertical joints may be classified as rigid, semi- 
rigid or open (Fig. 5.22). 

1 . Rigid: the shear deformation of the joint is of 
the same order of magnitude as the shear de- 
formation of the precast wall. A rigid joint will 
provide for full interaction of the connected 
panels up to ultimate load. 

2. Semi-Rigid: the shear deformation of the joint 
is significantly larger than the shear deforma- 
tion of the precast walls. A semi-rigid joint will 
generally provide full interaction until such 
load (less than the ultimate) is reached that 
the joint will deform at a rate faster than the 
panels. 

3. Open Joint: no shear forces can be transmitted 
and each adjacent panel acts independently. 

Determination of classification for a particular 
joint type should be based on test or history of 
usage. 

Guidelines for design of wall panel joints sub- 
jected to vertical shear forces along the length of 
the joint are as follows: 

1. Connections (reinforcing steel, bolted, welded) 
may be designed in accordance with the shear 
friction theory. For smooth joints (no keys) 
the coefficient of friction may be taken as fd = 
0.6. 

2. The shear connections may be spaced either 
along the length of the joint between floors, 
or concentrated at discrete locations (e.g., 
within the floor zone). 

3. In zones of high seismic activity (Zones 3 and 
4) vertical joints which are required to trans- 
mit shears due to lateral loads should have keys 
or mechanical connectors spaced uniformly 
the full height of the shear wall. 

5.6.4 Drift 

Lateral deflection under wind should not exceed 
L/600 where L is the height of the structure above 
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Fig. 5.23 Foundation reaction distributions resulting from 
lateral loads 
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Fig. 5.24 Typical Vierendeel window mullion panel 
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ground. The differential deflection between adja- 
cent shear walls should be limited to avoid distress 
of any member attached to these walls. Otherwise, 
these members should be designed to absorb this 
differential deflection. 

5.6.5 Tall Structures 

Fig. 5.23 illustrates the behavior of two types of 
exterior architectural precast shear wall systems un- 
der the action of lateral load only. One type (Fig. 
5.23a) is for the case where no connections are made 
between the shear wall and either the windward or 
leeward walls. The second type (Fig. 5.23b) is for 
the case where shear connections are made between 
the shear wall and both the windward and leeward 
walls. 

In discussing the exterior walls of Fig. 5.23, it is 
assumed that the individual windowwall panels on 
the exterior are Vierendeel trusses, with vertical 
loads transmitted to the foundation by the panel 
mullions. Fig. 5.24 presents schematic representa- 
tion of a typical exterior precast panel. Two sup- 
ports are used to provide determinate load reactions 
per panel and connection simplification between 
panels. Alternatively, all mullions can be used to 
transmit forces if economical to do so. 

The distribution of vertical foundation reactions, 
due to the lateral loads, for end mullion supported 
panels is presented in Fig. 5.23. It can be observed 



for Fig. 5.23(a) that the base vertical force distribu- 
tion is that for a cantilever. However, when the 
shear wall (the exterior walls parallel to the lateral 
load direction) is connected at the corners, the ver- 
tical reaction distribution to foundation is shown 
by Fig. 5.23(b). The configuration illustrated by 
Fig. 5.23(b) is more efficient structurally for resis- 
ting lateral loads than the configuration of Fig. 
5.23(a). 

The building configuration of Fig. 5.23(b) is typ- 
ically classified as a tube type structure. However, 
the variation from full tube behavior with respect 
to the distribution of vertical reaction forces devel- 
oped from lateral loading is dependent on the fol- 
lowing: 

1. Flexural deformations of individual panel units 
within the shear wall (web member), and the 
windward and leeward walls (flange members). 

2. Shear deformations of individual panel units 
within the shear wall (web member), and the 
windward and leeward walls (flange members). 

3. Axial deformations of vertical load carrying 
members of the wall panel units. 

4. Symmetry of shear walls and end walls (wind- 
ward and leeward walls) to minimize torsional 
behavior. 

5. Aspect ratios (ratio of end wall flange to shear 
wall web). 
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Fig. 5.25 Influence of shear lag on tube behavior 



Fig. 5.26 Panel distortions due to shear loadings 
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6. Height of building. 

Depending upon the interaction of the above var- 
iables, the tube behavior is as shown by Fig. 5.23(b) 
and Fig. 5.25. The peaking of foundation reaction 
forces at the corner results from shear lag which is 
dependent upon the variables 1 , 2 and 3 above. Also 
illustrated by Fig. 5.25 is the behavior of an ideal- 
ized tube where shear lag has no influence because 
the members comprising the tube are extremely 
rigid. The major influence of shear lag on flange 
walls is to limit the effective width of the flange. It 
is important that this shear lag effect be accurately 
evaluated for tall structures, since it determines the 
structure's stiffness, the force distribution between 
other lateral resisting elements, and the distribution 
of forces within the exterior walls. 



5.6.6 



Flexural and 
Wall Panels 



Shear Distortions of Exterior 



The determination of whether it is necessary to 
evaluate the flexural and shear deformations of in- 
dividual panels, which are component parts of the 
exterior shear wall, depends upon the size of the 
structure as well as the method of analysis. If it is 
desired to study the influence of exterior wall shear 
lag, then an analysis considering flexural, shear and 
axial deformations of individual panels should be 
made. Shear lag is the manner by which forces flow 
within a structural unit when first order deforma- 
tion such as flexure, shear and axial are considered. 
On the other hand, for low to medium rise struc- 
tures designed by approximate methods, it will gen- 
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erally not be necessary to study deformation charac- 
teristics of individual panels and the procedures of 
Sect. 5.6.2 can be applied. 

Fig. 5.26 illustrates the flexural and shear distor- 
tion behavior of a panel with openings forming part 
of an exterior shear wall. It may be necessary to con- 
sider the composite flexural influence of the floor 
slab when evaluating panel flexural distortions if 
the floor slab is tied to the panel by rigid connec- 
tions. 

The deformation characteristics due to flexure 
and shear, combined with axial deformation be- 
havior allow for analysis modeling of exterior walls. 
Further discussion to determine exterior wall be- 
havior is presented in Sect. 5.6.9. 

5.6.7 Distribution of Lateral Loads 

The preceding sections have not discussed what 
portion of the total applied lateral load is resisted 
by the exterior shear walls. The general subject of 
shear walls and their interaction with each other as 
well as with any frames within the structure is com- 
plex and requires extensive analysis. Further dis- 
cussions concerning the distribution of lateral forces 
will assume all lateral load resisting elements to con- 
sist of shear walls, and moment resisting frames that 
are part of the system. 

Tall buildings resist lateral loads primarily by flex- 
ural behavior of the shear walls. Low rise buildings 
resist loads predominantly by shear behavior. Thus, 
the distribution of loads between shear walls can be 
estimated, assuming rigid diaphragms, as follows: 

1. Where shear behavior is the dominant deforma- 
tion characteristic, the distribution of the total 
lateral load is in proportion to shear stiffness 
of the various shear walls. Shear stiffness can 
be equated to cross section area. 

2. Where flexural behavior is the dominant de- 
formation characteristic, the distribution of 
the total lateral load is in proportion to the 
flexural stiffness of the shear walls. Flexural 
stiffness can be equated to moment of inertia. 
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Fig. 5.27 Shear wall effective flange width 
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*width f is minimum of table value but cannot overlap with 
effective flange width of adjacent shear walls. 
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5.28 Schematic illustration of effective flange width - 
approximate 




estimated force 
distribution due 
to applied moment 



Analytical and research studies have indicated 
the following approximations can be used to ac- 
count for shear lag when determining flexural stiff- 
ness: 

1 . The effective flange width each side of the 
shear wall (effective width of windward and 
leeward walls) should not exceed half the 
length of the shear wall, nor more than about 
10% of the height of the building nor one-third 
the length of the windward or leeward flange 
walls, or distance to nearest major opening. 
Some designers also limit the length of effec- 
tive flange to a multiple of flange thickness 
(e.g., 6t each side of shear wall). 

2. The effective flange width of the windward 
and leeward walls either side of the shear wall 
web should not overlap the effective flange 
width of adjacent shear walls. 

Fig. 5.27 illustrates these approximations for the 
effective flange width of windward and leeward end 
walls acting with the shear wall web. Fig. 5.28 pre- 
sents the effective flange width, and estimated dis- 
tribution of foundation forces and centroids to be 
used with preliminary analysis. F f istheaxial force in 
the flange and F w is the web axial force (Fig. 5.28). 



The approximations for flexural stiffness are suf- 
ficiently accurate for most precast structures. Where 
a more refined analysis is required, reference should 
be made to Sect, 5.6.9. 

5.6.8 Distribution of Exterior Wall Shears 
and Forces 

The distribution of vertical and horizontal panel 
joint shears is dependent upon the first order de- 
formation characteristics (axial, shear and flexure) 
of the exterior wall panel system. Once flexural be- 
havior characteristics are known (influence of shear 
lag), the distribution of horizontal and vertical joint 
shears is also known, and the panel joint shears can 
be expressed in terms of the axial forces in the web 
shear wall and flange end wall. 

Fig. 5.29 illustrates the distribution of vertical 
and horizontal panel joint shears. The approximate 
shear forces per panel are expressed in terms of AF f 
and AF W which are the axial forces resulting from 
the distribution illustrated by Fig. 5.28. As indi- 
cated by Fig. 5.29, AF f and AF W are the difference 
in axial forces, due to cantilever bending, above and 
below the story under consideration. 

If AF f varied uniformly over the height of the 
building, the nominal AF f would equal F f /n where 
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Fig. 5.29 Approximate distribution horizontal and vertical 
panel joint shear per story 
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Fig. 5.30 Variation of story exterior wall flange shear 
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AF f is the flange axial force at the base and n is the 
number of stories. A refined analysis, considering 
all first deformations, would indicate AF f per story 
to vary similarly to that shown by Fig. 5.30 with the 
maximum value at or near h/3 from the structure's 
base. Approximate methods of analysis may not in- 
dicate this behavior. Nevertheless, when making a 
preliminary analysis using approximate methods, a 
check should be made regarding the maximum AF f 
value. 

The following example presents a comparison of 
the approximate methods of analysis for a 23-story 
structure to "exact" solutions where all first order 
deformations have been considered. 



DESIGN EXAMPLE 



CM 



i 



Wind =s 31 psf (avg.) 



23 Stories 



L = 96' 



h = 234' above level n being analyzed 
Typical story height = 10' 



Applied Cantilever Moments 



= 48 -^r 11 (234P s 40,740 k' 



M n + 1 =48 ^~± (224) 2 = 37,330 k' 



Find f at Level n 



f = 
f = 
f = 



10 10 

b = 72 

2 2 

L = 96 

3 3 



234 - 23.4' < t oK 



= 36' 
= 32' 



2 
controls 



Find F f and F w at Level n 

Use distribution shown by Fig. 5.28 

By statics it can be shown 



3M 



Fw = 



16 



FD 
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fM 



panel than interior panels. 



F f ~ 



23.4 (40,740) 



72 123.4 + 



= 395 k 



9 (72)" 
64 J 

3 (40,740) 

F = r 9 ~\ - 228 k 

16 [23.4 + ^(72)1 

is 623 k 

The values from an exact analysis are: 

exact or-o 

F| analysis = 358 k 



exact 
F analysis = 310 k 
wn 



2- 668 k 



Find AF f and AF W at Level n 



'fn + 1 



1 wn + 1 



AF f 
AR. 



362 K 

209K 

= 395 - 362 = 33 k 
= 228- 209 = 19 k 



Determine V h and V v Typical 
Refer to Fig. 5.29 



level n- 



'1 \M icy=h P 

* l I - 1 Mowol n 

P 



12' 

b P 



level n 

Elevation of Typical 
Panel 6 per story shear 
wall 



<Vm.x = < AF f + AF w> jf P er P anel 

P 

= (33 +19) y§ = 62 - 4 k P er P anel 



2V h 



62.4 (6) = 374k 



Applied at Level n V h = 0.031 (48) 234 

^348k 

Calculated 2V h exceeds applied due to not consid- 
ering that end panels carry slightly less shear per 



(VJ, 



v 'max 



- AF f + AF W = 33+19 = 52 k 
per panel 



Design Typical Panel Joints 

V h = 62.4 k per panel joint 

V v = 52 k per panel joint 
Check to see if AF f max per story controls 

Approximate Check of AF f max. 

Estimate shear V h occurring at 2/3 h from top 

Refer to Fig. 5.30 



AF f max 



AF f max = ~ 



/395\ = 
\23/ " 



26 k 



F f = 395 k 

n = 23 stories 



Less than 33 k determined by approximate analysis 
for AF f at level 234' down from top of building. 

Note: Corner connections should be designed for 
maximum AF f occurring in structure. 

The approximate method results in an F f which 
is 1.10 greater than the "exact" method. On the 
other hand, the approximate method results in an 
F w which is only 0.74 of the "exact" value. Analy- 
sis for the V h total horizontal joint shear indicates 
the approximate method, considering all panels of 
the story to be loaded by the maximum V h per pa- 
nel, to be 1.07 times greater than the "exact" shear. 
The comparison between the exact and approximate 
methods illustrates the variations which can be ex- 
pected. For the 23-story building comparison, it 
can be seen the approximate method provides a 
reasonable estimate of forces for preliminary design 
use. 

A summary of the approximate methods, as ap- 
plied to design of tall structures, can be stated for 
shear wall structures as follows: 

1. Use distribution of total lateral load, depend- 
ing upon shear or flexure behavior, which re- 
sults in the greatest load to the exterior pre- 
cast shear wall system. Distribute loads to 
other interior shear walls on the same basis. 

2. To minimize the flexural stiffness of the 
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flanged shear wall, select the smallest effective 
flange width f. 

3. To maximize foundation reaction forces for 
F f , or to obtain the maximum F f , increase the 
effective flange width f and increase the web 
F w distribution length from 3b/8 to b/2. 

4. To maximize foundation reaction forces for 
F w , or to obtain the maximum F w , decrease 
the effective flange width f and decrease the 
F w distribution length from 3b/8 to b/4. 

5. Maximum V h and V v result from combining 
the upper bound F f and F w forces. 

An exterior panel shear wall, not connected at 
its corner to the flange wall, is analyzed as a typical 
cantilever structure once the distribution of the 
total lateral load to the exterior non-flanged shear 
wall has been determined. First order deformations 
can influence the distribution of F A , in a manner 

w 
similar to that for flanged shear walls. 

5.6.9 Shear Wall Analysis Models 

Previous discussions have been directed at design 
approximations for exterior panel shear walls reflec- 
ting the influence of first order deformations (flex- 
ural, shear and axial). For many structures, such 
as low-rise, refined analyses is not necessary provid- 
ing realistic assessments are made for shear lag and 
its influence upon force distributions. Moderately 
tall structures may require a more detailed analysis, 
and tall structures would require a refined analysis. 

A refined analysis of a shear wall building, if it is 
to properly reflect the influence of first order de- 
formations, requires mathematical modeling. More- 
over, the model or models should be developed to 
require the minimum calculation effort, and yet be 
representative of actual behavior. Making the more 
"exact" types of analyses generally requires the 
use of computers employing programs such as 
"STRESS" or "STRUDL" 

Analysis modeling requires the development of 
two basic model types. One model is for the indi- 
vidual panels which make up the shear wall. The 
other model is that representing the overall behavior 
of the structure, and includes the first model types 
as component parts. 

Fig. 5.31 presents concepts for the modeling of 
individual panels. The major aspect facing the de- 
signer is to select a model which has approximate 
or identical first order deformations to that of the 
actual panel. Architectural precast concrete panels 
with openings are composed of column and beam 
segments having large dimensions with respect to 
length. If it is desired to model these beam and col- 
umn components, where outside or gross dimen- 
sions are important for lateral load analyses, then 
usual centerline dimensions of the various members 



Fig. 5.31 Panel models 
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PANEL CONFIGURATION 



hp 



MODEL 



cannot be used. The models of Fig. 5.31 represent 
box-like rigid frames satisfying the dimensional and 
deformation requirements for analysis. 

The various models of Fig. 5.31 can be used to 
reproduce the behavior of actual panels. The rigid 
frame models readily lend themselves to modeling 
the panel deformations and total overall panel di- 
mensions. Additionally, they minimize the input 
data by having the fewest members. As indicated 
by Fig. 5.31, the number of vertical components 
employed equals that number of vertical members 
used to transmit vertical axial loads. The purpose 
of employing the models of Fig. 5.31, which will 
later be used with the overall building model or 
models, is to determine the rational distribution of 
all forces. 

The following example illustrates a typical cal- 
culation procedure for determining or approximat- 
ing the first order deformation behavior of a pre- 
cast panel. 
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PANEL CONFIGURATION FOR 
SHEAR DEFORMATION ANALYSIS 




ELEVATION- TYPICAL Wl TYPE PANEL 
(PANEL WT=8260LBS AT110PCF) 



£ 



T^3/4r| 2'-6 - W.OrT ^i 5 P | 2 # -6"W.d|l-8 3/4l 



JL_J? 



T 



8-44H2" 



, 20.75* 



SECTION A 



P^35J5"- 



^— X 



SECTION P1 



42" 



SECTION P2 



72" 



"1 (^ 



SECTION P3 

, 181/2J lO'iff 1 . 



SECTION P4 
.181/2*1 lO'Lq' 



4r-u 



T 



I* t£i> 



SECTION P5 



25 1/2" 



SECTION P6 

251/2" 



SECTION P7 



T L=i^ 



SECTION P8 



SECTION PROPERIES 



Section 


Height H, 

in. 


X 

in. 


y 

in. 


in.* 


.'» 4 
in. 4 


A 
in. 2 


P1 


15 


8.07 


9.11 


3557 


6710 


205.5 


P2 


15 


14.21 


9.99 


4350 


33,895 


295.5 


P3 


15 


21.00 


9.08 


7274 


41,848 


418.5 


P4 


15 


36.00 


9.96 


8886 


191,428 


598.5 


P5 


21 


17.90 


8.59 


15,881 


53,930 


577.5 


P6 


12 


18.65 


4.35 


2476 


22,849 


267.0 


P7 


15 


12.75 


7.50 


7172 


20,727 


382.5 


P8 


6 


12.75 


3.00 


459 


8291 


153.0 



DESIGN EXAMPLE 

ANALYSIS TO DETERMINE 

PANEL EQUIVALENT MODEL 

Determine Equivalent Flexural Model 

Refer to Fig. 5.31 

Flexural Distortion of Panel 

1000k X =22,849 in 4 
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r* 



Analysis indicates lateral deflection at top 
= 0.141 in. 

Note: Only flexural distortion considered and not 
combined with shear or axial deformations. Only 
window opening clear dimensions used in making 
flexural analysis. 

Flexural Distortion of Panel Model 



1000k 1=110,000 in 4 




Analysis indicates lateral deflection at top 
= 0.674 in. 

Note: I values arbitrarily selected to reflect 4EI/L 
stiffness of actual panel. Only flexural deforma- 
tions considered. 

Above analyses made using "STRESS." However, 
a sidesway analysis, employing moment distribu- 
tion procedures could also have been used. 

Determine Panel Model l z 

Model must have the same flexural distortion as pa- 
nel. Therefore, increase model I's by the ratio of 

0.674 



0.141 



to find I. 
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. 3>525,l3lin 4 



o 
o 

o 

<N 

II 



8 

>o 

CN 

11 

A N 

12-190,957111 lH 



AOV>f 



/r/f)/ 



Model i z 's producing the same lateral flexural de- 
flection as panel. 

Note: No consideration given to influence of com- 
posite behavior of floor slab. A composite floor 
slab can increase flexural stiffness. 

Determine Equivalent Horizontal Shear Model 




?AV 



total 



*v c 




*v R 



^v A 



For Analysis, let V h = 1 



A y = model shear area 




1.2V h h 1.2V h h 

A = — ^ — = 

v A V E V A V 0.4E 


3V h h 

" A V E 


shear deflection 





Find A v for A Part 

/-P2 P4« See Fig. 5.31 - Typical 

A v = 2(295.5) + 598.5= 1189.5 in. 2 
h = 25.5 in. 



= 3(1) 25.5 = 0.0643 . 
1 189.5 E E m " 



Find A v for C Part 

A = weighted average shear area 



P2 & P4 



haunch 



= (1189.5) 34.5 + 6(144) 10 

34.5 
= 1440.0 in. 2 

h - 34.5 in. 



= 3(1)34.5 = 0.0719 . 
1440 E E m " 



Total Shear Deformation 

ABC 

0.0643 0.217 0.0719 

2A V = —£- + — — + — — 



0.3532 



in. 



Find Model A for Vertical Members Resisting V h 
Vh . 



o 

CM 



vertical 
member Ay 



•V h 



Vertical members distort by shear when resisting 
V h . Find Model A y producing the same total panel 
shear distortion 2A„. 



h 
A„ 



120 in. 
3V h h 



3V h h 
2A y E 



model 



A V E 

\ = 2A V 

3V h h = Q.3532 
2A y E E 

a - 3(1) 120 _ 2 

Aw = — : r — 510 in. 

v 2 (0.3532) 

each vertical member of model 
Determine Equivalent Vertical Shear Model 



Find A v for B Part 

P1\ P3 \ 

A v = 2(205.5) + 418.5 =829.5 in. 2 
h = 60 in. 

fPl P3^ 

I = 2(6710) + 41,848= 55,268 in. 



3(1) 60 = 0,21 70 . 
829.5 E I 



in. 
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Shear deformation behavior similar to above analy- 
sis. 

For analysis, let V v = 1 



Find A v for D and H Parts 

A v = weighted average shear area 

= 120(6) 20.75 + 120(9)9 
20.75 

h = 20.75 in. pi 

= 3(1)20.75 = 0.0524 . 
1188.4 E E m " 

Find A v for E and G Parts 

P6 P8 

A v = 267+ 153 = 420 in. 2 

P6 

h = 30 in. 2 



Horizontal members distort in shear when resisting 
V v . Find model A y producing the same total panel 
shear distortion 2A W . 





h = 144 in. 




3V v h 3V v h 
^ = A V E = 2A y E m ° del 


= 1188.4 in. 2 


A v = 2A V 


each 


3V v h 0.6388 . 
2A y E " E m - 




. 3(1) 144 _ , 
A v = 2 (0.6388) = 338 m - 



each horizontal member to, produce same ver- 
tical shear deformation as panel 



3(1)30 0.2143 . 

A * = wr = ~~r- In - each 



Find A v for F Part 

A v = weighted average shear area 



A.- ^0(6)42.120(9)18.5 , 11957|ni 

h = 42 in. P3 



3(1)42 0.1054 . 

^ = — s__j = , n 

1195.7 E 



Total Shear Deformation 

D & H E & G 



IAv .(aspt) 2+ (o^«) 2+ ai 



F 

054 



0.6388 



in. 



Find Model A y for Horizontal Members 



Resisting V 



Jnorizontal 
member A y 



144* 



Determine Equivalent Axial Model 

A x = axial deformation cross-section for model 

Vertical Member A v 



P1 
^=205.5 in? 



i 








1 













P1 

A K =205.5 in? 



t 



t 



Consider only shaded area to transmit vertical 
loads — approximate since under bounds slightly 
increase axial stiffness. 



Horizontal Member A v 



P6 
A x =267 in? 



P8 
A x =153 in? 

Consider only shaded area to transmit horizontal 
loads — same as above for axial stiffness. 
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Summary — Equivalent Model 



Fig. 5.32 Schematic two-dimensional model o 
structure 



I z =525,131 


in? 


A^338 


in^ 




A x =267 


in? 






I z - 262,566 in. 4 
A y =5l0 in? 
A x =206 in? 



I =190,957 in. 4 



A =338 in? 
A*=153 in? 



Box Rigid Frame Model has approximately the 
same flexural, shear and axial deformation charac- 
teristics as actual panel. This panel model is used 
within the overall model of the structure. The mod- 
el uses the panel outside dimensions to properly ac- 
count for overall structure dimensions when making 
lateral load analyses. The l 2 , A y and A x designa- 
tions correspond to "STRESS" using the global co- 
ordinate system. 



The analysis illustrates the use of accepted engi- 
neering principles for flexure, shearand axial defor- 
mations. The flexural model analysis is quite arbi- 
trary in terms of selecting representative moments 
of inertia. Instead of using model values of I as in- 
dicated, all moments of inertia could have been se- 
lected the same. The model I's are finally selected, 
as shown, by the model having the same flexural de- 
flections as the actual panel. The terms l z , A y and 
A x are similar to those employed by "STRESS" 
using the global coordinate system. 

Depending upon the design requirements, and 
judgement of the designer, additional analyses may 
be undertaken to check the accuracy of the model. 
These additional calculations would require model- 
ing the actual panel by finite element methods and 
comparing to the model deformations. The check 
might indicate adjustments to the "STRESS" type 
model properties l z , A y and A x are in order. 

Modeling of the overall structure poses consider- 
ations different from those used to model the indi- 
vidual panels. The overall structure model must have 
boundary conditions similar to the actual structure 
and also include the panel models. Usually, the 
total structural model analysis would be under- 
taken after the preliminary design, using approxi- 
mate methods, has been completed. 



roof removed 




Fig. 5.32 is a schematic representation of one 
method to model an overall structure. No attempt 
is made in Fig. 5.32 to present an efficient model 
or illustrate modeling of flanged shear walls. The 
schematic model shown indicates the manner by 
which various structural shear walls and frames can 
be placed into a two-dimensional form for making 
an analysis of a three-dimensional problem. The var- 
ious shear walls and frames of the two-dimension 
model are linked together by non-compressable 
struts hinged at each end to prevent moments be- 
tween components. The two-dimensional model 
would determine the load distribution between the 
walls and frames but could not account for the tor- 
sion caused by lack of symmetry. 

A more realistic approach to modeling a struc- 
ture's behavior is given by Fig. 5.33 where sym- 
metry can be used to an advantage. In Fig. 5.33 on- 
ly one-quarter of the structure is analyzed, and this 
provides the same information as modeling the en- 
tire structure. 

Fig. 5.33 also presents the two-dimensional mod- 
eling of the lateral load resisting flanged shear wall 
and the interior core. One-quarter of the core wall 
stiffness (developed from flexural, shear and axial 
deformations similar to that given in the design ex- 
ample) is linked to the shear wall and the flanged 
portion of the end wall. The end flange wall is 
linked to the shear wall such that only vertical for- 
ces are transmitted. The links or struts have short 
lengths (generally 1/100 or less of the overall panel 
dimensions). All link struts have large l z (usually 
100 or more times the greatest panel model l z ) and 
large A x values (typically 100,000 times larger than 
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Fig. 5.33 Minimum modeling of total structure 
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Two-Dimensional Model of Flanged Shear Wall 

All struts have short length and large l x and \ values. 
A y = for struts. 

See Fig. 5.34 for modeling of panels with the overall 
structural system. 



the greatest panel model A x ). The struts should be 
assigned an A y = to prevent shear distortion. 

The boundary conditions must be modeled to al- 
low the one-quarter structure to behave identical to 
the total structure. At the center of the shear wall 
no axial deformations or moments will develop. A 
pinned support, having infinite axial stiffness, re- 
flects this requirement. This support must be on 
rollers since the vertical centerline of shear wall is 
free to deflect laterally. The corner between the 
side shear wall and end flange wall can only trans- 
mit vertical forces and this is represented by a stiff 
strut having a pin at one end, as shown in Fig. 5.33. 
The centerline of the end wall is free to deflect ver- 
tically, and by symmetry has no moment. A pinned 
support on vertical rollers mirrors the actual behav- 
ior. 

The structural configuration of Fig. 5.33 does not 
represent the case where exterior and interior shear 



Fig. 5.34 Panel models incorporated into total structure 
model 
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walls are connected to the end wall. The overall 
building model, for this more complex three-dimen- 
sion condition, could model each shear wall using a 
width of the flanged end wall equal to the shear 
wall center to center dimensions. Review of the 
analysis results may indicate different flanged end 
wall widths should be used with the individual shear 
walls to properly account for their relative stiffness. 

Had an actual frame been illustrated, instead of 
a panel structure, the column at the centerline of 
the side shear wall (or a column at the centerline of 
end wall) would employ one-half the l 2 value to rep- 
resent actual stiffness. 

Fig. 5.34 illustrates one of the many ways the ac- 
tual panel models can be joined to represent expec- 
ted behavior. The panel model shown is that devel- 
oped in the design example. Links or struts between 
the panels, selected to minimize "STRESS" input, 
should have short distances (1/100 or less than the 
shortest panel) model dimension, large A x values 
(100,000 or greater than the largest panel model 
A x ) and small \ z values (1/100 or less than the 
smallest panel model l z ). The struts should have an 
A y = to prevent shear distortion. 

Combining the panel model with the overall struc- 
ture model provides for basic behavior of the struc- 
ture. The refined or "exact" analysis method devel- 
ops the distribution of shear and axial forces to all 
members, and accounts for shear lag (first order de- 
formations). Only the designer can assess whether a 
comprehensive analysis model is required or justi- 
fied. 
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5.6.10 Design of a Tall Precast Structure 

Figs. 5.35 and 5.36 show an architectural floor 
plan and elevation of an apartment building. The 
exterior facade is precast wall bearing. The interior 
framing consists of precast columns, girders and sec- 
ondary floor members. The general floor framing is 
arranged so that the double tee sections alternate in 
direction every other floor. That is, the tees on the 
even floor span opposite those on the odd floors. 
This allows for more uniform load distribution to 
the exterior wall panels. 

Fig. 5.37 shows the structural floor plan for odd- 
numbered floors while Fig. 5.38 shows a partial 
structural floor plan for even-numbered floors. 

Design Parameters 

1. Location: Atlanta, Georgia; Seismic Zone 1. 

2. Twenty-three typical floors and ground floor 
making it a 24-story building. 

3. Floor to floor height: 10 ft- 1/2 in. 

4. First story height: 15 ft. 

5. Exterior precast concrete bearing wall facade. 

6. Interior precast prestressed single ledger gir- 
ders and square columns. 

7. Double tee floor systems (12 in. deep) with 
2 1/2 in. topping (normal weight concrete). 
Direction of span alternates every other floor. 

8. Lateral load response. 

(a) Lateral loads to be resisted by exterior 
wall bearing elements and interior frame. 

(b) Topping slab provides diaphragm action. 
(Topping slab also required for fire rating.) 

9. Loads in accordance with the Uniform Build- 
ing Code (1976 Edition). 

10. Superimposed gravity load: 

(a) Partitions , . 10 psf 

(b) Ceiling 3 p S f 

(c) Mechanical , 4 psf 

(d) Live load , 40 psf 

11. Design in accordance with ACI 318-77 and 
the PCI Design Handbook (1971) wherever 
applicable. 

Design Considerations 

The total problem has been broken down into 
the following design considerations. 

1 . The lateral load analysis will determine the in- 
teraction of the bearing walls and frame, final- 
ly arriving at design moments and shears to be 
used in proportioning the members. 

2. Using the results of the lateral load analysis 



Fig. 5.35 Architectural floor plan of 24-story building 
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the wall panel design isdiscussed, including the 
effects of openings and volumetric changes. 
All connections and details are explained. 

Preliminary Design Considerations 

The design process can be greatly simplified by 
reviewing the major items that will control the fi- 
nal solutions. Once these particulars are studied re- 
lative to the overall solutions, the other secondary 
phases of the design become apparent. 

Order of Solution. The initial order of solution 
can be divided into the following categories: 

1 . Determine or estimate the design gravity loads 
to the wall panels. 

2. Determine or estimate the design lateral loads 
to the wall panels. 



Fig. 5.36 Elevation dimensions of 24-story building 
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Fig. 5.37 Structural floor plan (odd-numbered floors) 
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Estimate initially which panels receive the 
greatest loading due to the combined or singu- 
lar action of gravity and lateral loads. 

. Estimate, based on the above, whether gravity 
or lateral loads will control the panel dimen- 
sions and shapes. 

.The preliminary size and shape of the wall 
panel will be strongly affected by the general 
influence of the connections and their loca- 
tions, panel mullion to mullion connections, 
and general erection requirements. 

. The preliminary size and shape of the wall pa- 
nel should be reviewed relative to all produc- 
tion requirements for stripping, general han- 
dling, storage, shipping or transportation, and 
architectural finish. In short, the panel size and 
shape should be practical. 

. Preliminary development of connection details 
must consider questions such as: 



Fig. 5.38 Partial structural floor plan (even-numbered 
floors) 




iib._ 



SECTION ® 



(a) If the details are practical, do they lend 
themselves to standardization? 

(b) Can the details be plant produced within 
required tolerances assuring proper quality 
and strength? 

(c) Can the details be field constructed within 
required tolerances assuring proper quality 
and strength? 

(d) Once the details are selected initially can 
they be designed by an accepted rational 
method and will volume change deforma- 
tions (creep, shrinkage, and temperature) 
influence the detail or its design? 

8. Review the creep, shrinkage, and temperature 
behavior of the building as a whole regarding 
how the structural behavior of the panels is in- 
fluenced, and how non-structural items such 
as partitions, glass, and caulking are affected. 
Following the above initial review and study, a 
realistic preliminary design can be made. The pre- 
liminary design will often serve as the final design 
considering the usual compromises and revisions 
which are normal to any building design. 

Design Procedure 

The purpose of this example is to illustrate the 
design approach as discussed previously in "Prelim- 
inary Design Considerations." Rather than present- 
ing designs for each wall panel component, a typical 
10 ft high x 12 ft wide panel located between the 
first and second floors will be reviewed in depth. 
The designs for the other wall panels of the building 
would be completed in a similar manner. 

The text portion of this example will discuss the 
general concepts of the design presented by the cal- 
culations. Calculations in detail are given for the 
typical panel as well as for the probable controlling 
design conditions. 

Gravity Loads 

The gravity loads imposed to the load bearing 
wall panels are presented below. Live loads are those 
required by the Uniform Building Code. Roof load- 
ings are conservatively taken as equal to the floor 
loading for this preliminary design phase. 

Aside from the wall panel dead load, the floor 
dead loads are those which are typical to any build- 
ing design. 

The design live loads can and should be reduced 
in accordance with the Uniform Building Code. The 
lower story wall panels receive the greatest live load 
reduction, and for typical panels between the first 
and second floors, a live load reduction of 60 per- 
cent is allowed. 
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Design service load 

Floor Dead Loads to Panels 

(a) Partitions = 10 psf 

(b) 2% in. normal weight topping = 30 psf 

(c) Suspended ceiling = 3 psf 

(d) Mechanical equipment =' 4 psf 

(e) Beam (30-ft span) = 20 psf 

(f) Beam (24-ftspan) = 13 psf 

(g) 6-ft double tee = 30 psf 
(h) Panel weight (see calculations 

below) = 65 psf 

(a) (b) (c) (d) (g) 

DL Floor = 10 + 30 + 3 + 4 + 30 = 77 psf 



Panel Dead Load (based on initial assumed size) 



1 2" 



10 







p 

1 




1 





IP= i: I 4^3ii2" 



Weight of concrete = 1 1 pcf 
7(6)4(10) 110 



Mullions 



114 



1283 1b 



Flat = (12) (10) (6/12) (110) = 6600 1b 

Windows = (6/12) (4) (2.5) (2) (110) 

= -11001b 



6783 lb 
Therefore, the total panel dead load is: 

6783/(12 x 10) = 56 psf; based on experience 
use 65 psf. (For normal weight concrete, load 
bearing panels weigh approximately 85 psf.) 

Floor Live Loads 

Specified load = 40 psf. Use live load reduction to 
panels. 



R = 



(D+ L) 100 (77+40) 100 



= 67.6% (60% maximum) 

Find area required for 60%: 60/0,08 = 750 ft 2 

The W1 panel supports an area greater than 750 ft 2 
(use 60%). 

Superimposed live load per floor to W1 panel 

= (1 - 0.6) 40 - 16 psf 



Roof Dead & Live Loads 

For preliminary design consider roof to load W1 
panel same as floor. This is conservative since roof 
has no partitions or topping. 



Summary of design loads (working loads) 
Loads Applied to Floor Only 

(a) (b) (c) (d) (g) (LL) 

W 1 = 10 + 30 + 3 + 4 + 30 + 16 
= 93 psf (working) 



Loads Applied to 30-ft Beam 

(a) <b) (c) (d) 



(e) 



(g) 



(LL) 



W 2 - 10 + 30 + 3 + 4 + 20 + 30 + 16 
= 1 13 psf (working) 



Loads Applied to 24-ft Beam 

(a) (b) (c) (dj 



(f) 



(g) 



(LL) 



4.33L 



4.33 (40) 



W 3 = 10 + 30 + 3 + 4 + 13 + 30 + 16 
= 106 psf (working) 



The wall panel support of building floors alter- 
nates for odd and even floors. The floor framing 
directions and panels receiving the loads are given 
below. 

Three basic types of gravity loadings are imposed 
on the wall panels. Some panels at a given floor lev- 
el are loaded by that floor uniformly over their 
width, others receive no floor loadings, and panels 
such as Panels W1 A and W1B are also loaded by a 
concentrated beam reaction. 

Generally, it is desirable to minimize the weight 
of the superstructure as it could influence founda- 
tions or other components of a classical framed 
structure. As is discussed later, the uniform loads to 
the building perimeter are one of the important ad- 
vantages for high rise load bearing panel structures 
where the bearing walls also serve as shear walls. 
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GRAVITY LOADS TO W1 PANEL 




^SYMMETRICAL 



NOTE: WIA OR W1B 
PANEL BASE LOCATED 
APPROX. 15 FT ABOVE 
GROUND FLOOR 



FLOOR PLAN 

Determine loads to W1 A panel 

Odd Floors 

Concentrated Beam Load (use W 3 load) 

TL= 11(24/2)36/2(0.106) = 251.8 kip 
DL= (90/106) (251.8) - 213.8 kip 

LL = TL- DL = 38.0 kip 

Note that the number 1 1 in the calculations repre- 
sents the total number of odd floors. 



Note that the number 12 in the calculations repre- 
sents the total number of even floors. 

Uniform Loads (use W 1 load) 






6-0" 



TL = 12 (6) (24/2) (0.093) 
DL= (77/93) (80.4) 
LL - TL- DL 



= 80.4 kip 
= 66.5 kip 
= 13.8 kip 



Panel Loads 

23 panels from first floor to roof. 
Estimate the panel weight at 65 psf. 

Center Mull ion Load 

6 (10.042) (65/1000) (23)= 90.1 kip 

(dead load) 

End or Side Mull ion Load 

3 (10.042) (65/1000) (23)= 45.0 kip 

(dead load) 

I2' 



CENTER 
MULLION 



TC 



SIDE 
MULLION 



Uniform Loads (use W 1 load) 



V//////j 



6-0" 






TL = 11 (6) (24/2) (0.093) = 73.7 kip 

DL= (77/93) (73.6) = 61.0 kip 

LL= TL- DL = 12.7 kip 

Even Floors 

Concentrated Beam Load (use W 2 load) 

TL = 12(24/2) (30/2) (0.113) = 244.1 kip 

DL= (97/113) (244.1) = 209.5 kip 

LL= TL- DL = 34.6 kip 



Total loads applied to W 1A 

Assume that the panel loads are carried by the mul- 
lions only for sizing of mullions. 



SIDE f 
MULLION^ 



Rl 
75.6 K 

6.3 K 
8I.9 K 



^CENTER 
MULLION 



R2 
577.2 K 
85.8 K 
663.0 K 



-WIA PANEL 



'SIDE MULLION 



J ST FLOOR 



R3 

78.3 K DEAD LOAD 

6.9 K LIVE LOAD 

85.2 K TOTAL LOAD 
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odd odd 

mullion unif. DL unif. LL 

R1 = 45.0+ (61.0/2)+ (12.7/2) 



= 75.6+ 6.3= 81.9 kip 

odd odd even 

mullion unif. DL unif. LL unif. DL 

R2= 90.1+ (61.0/2)+ (12.7/2)+ (66.5/2) 

even odd odd even 

unif. LL cone. DL cone. LL cone. DL 

+ (13.8/2)+ 213.8 + 38.0 + 209.5 

even 
cone. LL DL LL 

+ 34.6 = 577.2 + 85.8 = 663.0 kip 

even even 

mullion unif. DL unif. LL 

R3 = 45.0 + (66.5/2) + (13.8/2) 



DL LL 

= 78.3 + 6.9 = 85.2 kip 

NOTE: A similar analysis of Panel W1B indicates loads of 
approximately the same magnitude but slightly less. 

Architectural requirements of the building exter- 
ior normally require the building elevations to have 
wall panels of all the same appearance. Therefore, 
it initially becomes apparent that the wall panels 
receiving the greatest gravity loads should be deter- 
mined. 

A study of the typical building floor plan in the 
calculations indicates that either Panels W1A or 
W1B receive the greatest gravity loads due to the 
beam reactions. The manner by which Panels W1 A 
or W1 B resist the gravity loads is somewhat indeter- 
minate. 

The loads to the typical panel can be resisted by 
the mullions only, or distributed across the panel 
width by the panel acting as a deep Vierendeel 
truss. Most probably, the actual panel load carry- 
ing distribution is somewhere in between. 

Since the panel shape and connections dictate 
the practicality of panel load distribution, it is nec- 
essary to consider the center panel mullion ascarry- 
ing most of the load when selecting connections 
and mullion cross sections. The side mullions will 
receive loadings greater than those computed in the 
above calculations due to the truss behavior. Select- 
ing side mullions of the same dimensions, except 
for width, solve the problem of how the panel re- 
sists the loads, assuming side mullion reinforcement 
is similar. 

The preliminary calculations indicate that Panel 
W1A receives the greatest gravity load for a panel 
between the first and second floors. In terms of 
working load, assuming the load carried directly by 



the mullions, the center mullion supports 663 kip 
and the side mullions about 85 kip. 

Final design calculations should review in detail 
the load distribution via Vierendeel truss behavior 
using a computer program such as "STRESS." 

Lateral Loads 

The lateral load analysis considered both seismic 
and wind forces. The analysis for lateral loads is not 
shown. Instead, a summary of the controlling wind 
analysis is presented. 

The controlling lateral load is wind in a direction 
parallel to the 72 ft building dimension. No analysis 
is presented for wind pressure and suction loads to 
individual panels. Comparatively, this is of second- 
ary importance although it would be checked in the 
final design. 

The lateral load behavior of the building indi- 
cates that the exterior wall panels about the peri- 
meter do not behave as a "structural tube" canti- 
levered from the foundations. The 72 ft side wall 
plus a portion of the 96 ft walls just around the cor- 
ner, acting somewhat as a channel section, resist the 
lateral loads. Channel type behavior is caused by 
shear lag of the 96 ft walls, and the effective chan- 
nel flange width varies with the height of the build- 
ing depending on axial shear deformations of the 
96 ft wall. 

Channel type behavior of the building creates 
large loads to the corners. These loads result in 668 
kip (working) loads near the corners between the 
first and second floors. 

As summarized in the calculations, a major con- 
cern is whether or not the 668 kip force at the cor- 
ners results in net tension loads to the wall panel 
mullions. Dead load of the floor framing, which 
loads the entire building perimeter, plus the weight 
of the panels, conservatively shows that no tension 
loading will occur. In making the dead load calcula- 
tions for resistance of the 668 kip force, only an 18 
ft side wall length is assumed. The tying together of 
the building, and type of connections used, most 
probably insures that the entire 72 ft wall could be 
considered for resistance of wind tension forces at 
the building corners. 



LATERAL LOADS (WIND) TO PANELS 
Lateral load data 

Lateral load forces are obtained elsewhere. 

Determine If Any Panel Mullions Have Tension 

Treat panels as a group over assumed distribution 
lengths due to connections details that will be em- 
ployed. Critical panels in corner area. 
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Lateral wind behavior 



500 400 300 200 100 




DEFLECTION 
CURVE 



BUILDING DEFLECTION, IN. 



0.1 02. 0.3 0.4 0.5 0.6 
-SIDE WALL SHEAR, KIP 

-END WALL AND SIDE WALL VERTICAL F0RCE.K1P 

-SIDE WALL BENDING MOMENT, FT.-KIP 



Find Gravity Load — Side Wail Acting Opposite 
Wind Tension 

Use mullion dead loads that are applied to side mul- 
lions. 

AvgDL - (75.6 + 78.3)/2 = 76.9 kip 

This load is applied over 3-ft panel length at side 
mullion. 

AvgW DL - (76.9)/3= 25.6 kip per ft 

Gravity load = 18(25.6) - 461 kip (ok) 

(That is, no tension and gravity load is greater 
than 310 kip applied.) 



Find Gravity Load — End Wall Acting Opposite 
Wind Tension 

Avg DL = 25.6 kip per ft (as above) 

Gravity load = 24(25.6) = 614 kip (ok) 

(That is, no tension and gravity load is greater 
than 358 kip applied.) 



Note: 1/2 side wall force is vertical force couple determined 
from side wall moment 



Panel lateral load 



WIND DIRECTION 




-ASSUMED 
DISTRIBUTION 
OF 310 K a 358 K 
FORCES 



-REACT10N=668 K 
NEAR CORNER 



Wind lateral force distribution at first floor 




RAVITY 
DEAD LOAD 



24 FT. PROBABLE 
EFFECTIVE FLANGE 
WIDTH. 



-WIND+GRAV1TY 
DEAD LOAD- 
NO TENSION, ALL 
COMPRESSION 



Effective lateral load resisting portion of building — vertical 
load distribution for wind plus gravity dead load at first floor 



Summation of corner gravity and wind loads 

Total gravity force (DL) corners = 461 + 614 

= 1075 kip 
Total wind force corners = 310 + 358 = 668 kip 
Tension safety factor = 1075/668 - 1.61 (ok) 

This safety factor is conservative due to the assumed 
wind force distribution. 

Determination of Panel Mullion Size 

Panel mullion size will be controlled by dead and 
live gravity loads or dead gravity loads plus axial 
loads induced by wind. At ultimate, between the 
first and second floors, the gravity load of 954 kip 
on the center mullion of Panel W1A controls. 
Wind, plus gravity, at the corner mullions results in 
an ultimate load of 640 kip. 

The determination of panel mullion sizes can be 
strongly influenced by the manner in which the pa- 
nels are joined or connected. The most practical 
connection type is one that allows for realistic tol- 
erance, and assures transfer of load between panels 
at horizontal joints. A grouted type connection sat- 
isfies this criterion. It also is desirable that a realis- 
tic minimum amount of field grouting be done. If 
grouting is done only in the mullion area, it com- 
plies with the assumptions concerning loads carried 
by the mullions. By selecting a given force path 
for load transfer, a safe and realistic design can be 
achieved. 
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DETERMINE PANEL MULLION SIZE REQUIRED 

Load data 

Mullion size of panels will be controlled by: 

1 . Dead plus live load of center mullion of Panel 
W1A which supports concentrated beam reac- 
tions (1.4 D + 1.7 L at ultimate). 

2. Dead plus live load plus wind load to mullions 
at corner of building or dead plus wind load at 
corner of building. The compression case will 
control. 

0.75 (1.4 D + 1.7L+ 1.7 W) at ultimate 

or 
0.9 D + 1.3 Wat ultimate 

Check Center Mullion W1A Panel 
Use loads previously determined 

P u = 1.4D + 1.7L = 1.4(577.2) + 1.7(85.8) 
= 954 kip at ultimate 

Additional load due to wind 

0.75 x (1.4 D + 1.7 L + 1.7 W) is less. 

Check Mullions at Building Corner 

Assume a total of only three mullions are effective. 
Note that each mullion size is taken as a typical 
center mullion. 

P u = 0.75 (1.4 D + 1.7 L + 1.7 W) 

= 0.75(6) [1.4 (25.6) + 1.7 (2.2) + 1.7 (59.7)] 
= 634 kip at ultimate 
This is equivalent to typical center mullion at corner. 

D = 25.6 kip per ft 

6.3 + 6.9 

2(3) = Z2k 'PP erft 

W = 358/6 = 59.7 kip per ft 

P u = 0.9D + 1.3W 

= 6 [0.9 (25.6) + 1.3 (59.70] 
= 604 kip at ultimate 
This is equivalent to typical center mullion at corner. 
Note: Center mullion of W1A panel controls for 
dead plus live loads. 

Size center mullion 

Note: Sizing of the center mullion normally will be con- 
trolled by connections between mullions. Good 
design practice dictates that loads be carried by mul- 
lions. Further, connection economy requires that if 
mullion-to-mul!ion connection is completed by 
grouting, then grouting should be no more than re- 





22/2 


6" 
6" 

7 


\ / 


3" 




l2 ! /2" 2" 



quired. Also, it is good design practice not to require 
additional "watch-like" hardware to make mullion- 
to-mullion connections resist design loads. Thus, use 
minimum reinforcement at mullion-to-mullion con- 
nection. 

Check Load Capacity of Initial Mullion Size at 
Grout Area (Center Mullion) 



-—ASSUMED MINIMUM GROUT 
AREA OF CENTER MULLION 
FOR INITIAL DESIGN DIMENSIONS 

USE f c l =6000PSI GROUT STRENGTH 



Area - 6 (14.5) + 22.5 (6) = 222 in. 2 

P u = 0.7 (0.85) (6000/1000) (222) 
= 792.5 kip (not ok) 

Note that this load is less than the 954 kip (Panel 
W1A) required. 

Also, the actual grout area will be less due to joint 
appearance requirements. 

Therefore, revise the center mullion size. 

Revised mullion size (center mullion — W1 A panel) 

Several trials were made but are not shown here. A 
suggested mullion size is given below. 



28.5 



^^ 



16.5 




-EFFECTIVE GROUT AREA 

4-«~P0INTS FOR COMPUTER 
GROUT AREA DETERMINATION 



TYPICAL 



Grout area (about 303 in. ) 

Check Grout Area Capacity at Ultimate 
Determine capacity by Sect. 2.5.9 
w= 14.25 in. for bearing length ) 
s = 6.14 (minimum value) \ 



_s 

w 



6.14 
14.25 
0.43 



UseT u /V u =0 

This ratio is realistic since mullion-to-mullion 
details will most probably use plate details. 

f bu = C r 7Of' c (s/w) 1/3 
C r = 1forT u /V u - 
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ARCHITECTURAL PROGRAM *1 



INPUT J08 N0-, P/C MARK* CROSS- SECTI 0N MARK ?PCI -23, C-MULL. GROUT 

INPUT NUMBER 0F NODES IN OUTER PERIMETER ?B 

INPUT X#Y C00RDINATES FOR EACH N0DE» 

N0DE1 ?0*9 

N0DE2 ?0* 14.25 

N0DE3 ?28» 5. 14.25 

NODE4 ?26.5*9 

N0DE5 723.75.9 

N0DE6 ?2I.75*0 

N0OE7 ?6.75#0 

N0DE8 ?4.75*9 

INPUT NUMBER 0F NODES IN 0PEN1NG 1 ?0 

INPUT NUMBER 0F CONCENTRATED P0INTS ?0 

ARCHITECTURAL PROGRAM #1 

J0B N0. PCI -23 P/C MARK C-MULL CR0SS-SECTI 0N GR0UT 
THE C00RDINATES OF THE CENTER OF GRAVITY AREt 

X ■ 14.2500 Y = 8. 1 1 199 

TOTAL AREA «■ 302-625 SO- IN. 2*10 SO. FT. 

SECTI0N PROPERTIES AB0UT THE X-X AXIS THRU THE CENTER-0F- GRAVI TY I 



8. 1 12 IN. 
.676 FT. 



6-138 IN. 
.512 FT. 



S8CIN3> 
6)9. 33S 



STCIN3> 
818.513 



IXX(IN4> 
5024.041 



SECTION PROPERTIES ABOUT THE Y-Y AXIS THRU THE CENTER- OF- GRAVI TYt 



14.250 IN. 
1. 188 FT. 



14.250 IN. 
1.188 FT. 



SLCIN3) 

972.877 



SR<IN3> 
972.877 



IYYCIN4) 
138 63*492 



♦♦♦♦♦♦a***************************************************** 
INPUT 1 FOR RERUN* IF COMPLETE 70 



f bu = 1.0 (0.7) 70V6000 (0.43) 1/3 
= 2870 psi at ultimate 



Find P u Using Two No. 8 Bars Within Joint 

P u - (303/1000) (2870) + 2 (0.79) 60 
= 870 + 95 
= 965 kip (grout area capacity at ultimate) 



merit of inserts that are part of the detail. Prefera- 
bly, the precast panel end forms should employ 
steel templates insuring coil rod placement exactly 
(within ±1/8 in.) to minimize field construction 
problems. The tolerances selected for the insert or 
coil rods (considering all three dimensions), deter- 
mine the diameter of the flexible grout conduit. 



Panel Mullion Size Design Summary 



1 . The design of grout area is probably conserva- 
tive due to the confinement by the plates. 

2. Increasing the grout area size by more grout 
under the 6 in. panel portion decreases "S" 
and therefore will reduce f bu . 

3. The grout area selected is consistent with the 
economical concept of minimizing grout. 

4. When details of grouting in terms of vent tubes 
are developed, the procedures should be re- 
viewed by grouting contractors or with a pre- 
cast erector. 

5. The design of a mullion just above or below 
the grout joint requires more bearing (as shown 
above) than ordinary column design. Addition- 
al mullion ties should be placed near a joint. 
For example, ties at 4 in. center to center over 
a 2 ft length. 



This value is satisfactory since it is greater than 

954 k . 

Therefore, 6000 psi grout is satisfactory. 



The mullion grout area design is based on also 
using reinforcement within the joint. Even if rein- 
forcement is not required by design, it should be 
used to insure that the building is tied together. 
The details of the mullion to mullion connections 
required between the first and second floors are 
presented. Since the connection standardization 
and tying the building together are so important, 
these details would be used for all panels at all sto- 
ry levels. 

The details for mullion grout reinforcement or 
tying the panels together must be carefully selected 
considering the construction requirements. Also, 
the designer should carefully review the panel pro- 
duction setup for maintaining tolerances and align- 



Determination of Panel Dimensions 

The final general panel dimensions are selected 
considering production requirements, shipping or 
transporting limitation on size, weight relative to 
erection equipment, temporary connections re- 
quired for erection, and final connections. Equally 
important when considering the shape is how the 
final panel dimensions may or may not influence 
connection tolerances. A preliminary check of the 
panels structural capabilities should also be made 
when selecting the shape and dimensions. 

It is necessary to have completed the connection 
design for temporary erection or final connections 
when relating panel shape to connections. The con- 
nection details should be selected during determin- 
ation of panel shape, and then checked at a later 
time for structural capabilities. 
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PRELIMINARY W1 PANEL 
SHAPE & DIMENSIONS 
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SECTION B 
(ALSO SHOWS RELATION 
OF PANEL TO STRUCTURE) 



The top of the panel is placed 4 in. above the 
finished floor. This arrangement allows for easy 
down hand completion of temporary floor tee to 
panel connections with tolerance. Another advan- 
tage of plates cast into the panel for temporary con- 
nections is that their capacities are not controlled 
by edge boundary conditions at the panel top. 

Further, the 4 in. projection of the panel above 
the finished floor allows for elimination of boun- 
dary or edge conditions regarding shear cones for 
floor diaphragm connections. Another advantage 
of the 4 in. projection is the ease by which grouted 
vertical panel joint shear connections can be made 
and inspected. 



Overall Panel Dimensions 

A general rule is to make any precast panel as 
large as possible. For this 23-story building, the 
largest panel is that shown above. This panel size is 
the maximum based on the erection equipment and 
methods available for the project. The W1 panel 
size also lends itself to minimum handling as it will 
be plant stored and shipped in its erected position. 

Another consideration for panel size is to review 
whether or not vertical joints between panels 
should be staggered floor to floor. That is, should 
the center panel mullion of a panel be centered over 
the joint between panels one floor below? 

While horizontally staggered panels may be de- 
sired, they create many tolerance problems. High 
rise buildings are dependent on panel joints widths 
for accommodating the building's plan dimensions. 
Staggered panels can seriously reduce the available 
tolerances of coil rod dowels into conduits for the 
mullion connections. 

The most serious drawback to horizontally stag- 
gered panels is location of the floor beams. If 
staggered panels are used, this means that on every 
other floor the beam must bear on two different 
panels. The beam connection problems created by 
staggered panels should be avoided if at all possible. 



Panel Gravity Connections 

Aside from the mullion-to-mullion connection al- 
ready discussed, two typical panel gravity connec- 
tions must be selected. One connection is for the 
floor tees and the other for the floor beams. 



Floor Tees 

The design of the floor tee haunch connection is 
as follows: 
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DESIGN OF W1 PANEL 
Floor Support Connections 

Design panel haunch 

Haunch loads — typical 

Load from double tee floor slab bearing on panel 

DL floor = 77psf 

LL floor = 40 psf (non-reduced) 

117 psf 

. , , + 1.4(77) + 1.7(40) _. 

Load factor = 77^ = 1 -50 



117 



Load per tee stem 



1. Design the section for a concentrated load 
(not as a uniform load). 

2. Use an additional load factor of 4/3 to insure 
that the connection is stronger than the mem- 
ber being supported. The additional load fac- 
tor of 4/3 for the ultimate design of connec- 
tions is a recommended value and may not be 
justified in all cases. Engineering judgment 
should take into account factors such as type 
of connection, allowable stresses, 0-factors, 
other load factors, and type of loading in the 
proper design for each connection. 



*■ ~W) 



0.117(1.5) 3 



= 10.53 kip at ultimate 

T u = 0.2 V u - 0.2(10.53) 

= 2.1 kip at ultimate 

The coefficient 0.2 is selected because of the neo- 
prene bearing pad. 

Select haunch size 

The haunch depth should not project below the 
bottom of the beam framing into the wall panels. 
Also the practical size would be 8 to 10 in. Haunch 
depth will also be partly determined by consider- 
ing the beam-to-panel connection. Try a depth 
equal to 10 in. 



Check ultimate shear stress 
Effective width 
b = 6 + 6 + 3.75 
= 16 in. 



■f'CLEAR 

b 

« — — » 



8.7 in. 



NOT-* 3-75" 



HAUNCH '- 



ASSUME 
6" 
PLAN VIEW-HAUNCH 



Pr 



Select haunch reinforcement 
See Sect. 2.11 



e = 1 +| (5) = 4.33 



e = 4.33 
d 8.7 

V„ 



0.50 
10530 



0bd 0.85(16)(8.7) 



= 89 psi < 



0.2 - 0.07 -7 
d 



< 1000- 350 -7 
d 

080 " kbd . 0.2 bd 
A wf = ; > 



\1 



f„ 



v "y 

k = 0.31 for lightweight concrete 
10530 



A vf 



0.8(0.85) 



0.31(16X8.7) 



= 0.39 > 



40,000 
0.2 bd 



M u = V u e+H u (h-d) 

= 10530(4.33) + 0.2(10530) (10- 8.7) 
= 48,333 in.-lb 

M 



Af 



0f, 



FD 



48333 



Avf 0.9(40000) (8.7 - 0.1) 

__ M^ _ 0.2(10530) _ 
A t " 0f ~ 0.9(40,000) 



estimate a = 0.2 in. 

= 0.16 in. 2 
0.06 in. 2 




/-*3AT 9"C/C (f y =40 KSI) 

y )"[3 > ' TO FIT BETWEEN 

^ l * 4X4-4/4WWF 

# 2 AT 16° C/C TO HOLD 

#3 BARS DURING PRODUCTION 

*3 



In a continuous shallow haunch, combine 
A vf , A f , and A t . 
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Total A s = 0.39 + 0.16 + 0.06 = 0.61 in. 2 /16 in. 



V„ = 0.55(36)(0.314)(7)(2) = 87 k 



Check plain concrete bearing 

10,530 nn „ 

fb = (4/3)1.5(3.75)5 = 281 ps. at working 

load 

Use a 1/4 in. neoprene bearing pad 

10,530 
f bu = o 7c/c\ = 562 psi at ultimate load o.k. 

(See Sect. 2.5) 



> 53.1 o.k. 



Check bearing pad on steel haunch 

Use a bearing area = 12(3.75) = 45 in. 
where 12 is the beam width. 



= 53,100 

b (4/3) (1.5) (45) 



590 psi 



A 3/8-in. bearing pad will be satisfactory. 



Design beam support 

Panel support load 

Odd floor Panel W1 A controls 

Live load reduction = (36/2) (24/2) 0.08 

= 17% 
Live load for design = 0.83(40) = 33 psf 
Dead load = 77 + 13 = 90 psf 
Total load = 123 psf (working) 

Use a load factor equal to 1 .5 as before. 
4 



(f)(f) 



V u = gd.5) mi^J 0.123 
= 53.1 kip at ultimate 

Select haunch type 

1. Due to size limitations, use an embedded 
structural shape that will fit within 10 in. tee 
support haunch. 

2. A design check (not shown) indicates that the 
dapped beam will be satisfactory. 

Find concrete width "b" required 

Check concrete bearing 
(Sect. 2.5) 



'Yeqd ' 



V u (3 + 4e// e ) 
<t> f'J, 



f' c = 6000 psi 



/ e = 13 in. 



2 13 

3 (6- 1)+-g"= 5.5 in. 

53.1(3 + 4)(5.5/13) 



reqd 



= 3.76 in. 



0.85(6)(13) 

Check steel section 

try 2 C 7 x 12.25 (A36) b = 4.39 in 
V u = 0.55 F y td (A.I.S.C. 2.5-1) 



Typical detail 



ERECTION r STR T U F C J U R R AL 
DETA,L \ I/g :« A OR 



DEFORMED STUD 




SECTION A 

Note: Mullion reinf. to be such that it does not conflict 
with placement of channels 

This connection design brings out several practical 
considerations. Probably the most important is the 
practical factors involving the selection of the 
haunch depth. The haunch must not only accom- 
modate the floor tees, but it must also have dimen- 
sions that can satisfy the beam connection require- 
ments. A study of these aspects, combined with the 
panel shape, results in a 10 in. haunch depth. An- 
other design aspect is that the load to the panel 
haunch is concentrated, not uniform. 

The selection of a neoprene bearing pad between 
the bearing interface allows using T u /V u = 0.2 
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for design. Review of the bearing pad selection in- 
dicates that confinement reinforcement is not nec- 
essary, and that the haunch is satisfactory for plain 
concrete bearing. Further, a bearing pad stress of 
218 psi combined with the shape factor for a 1/4 in. 
neoprene pad shows that a compressive deforma- 
tion, including creep of the pad, will not create 
problems with connections, or cause topping separ- 
ation from the tee where the topping contacts the 
back of the panel. 

Floor Beams 

During determination of the panel shape, a 4 in. 
projection of the panel top above the finished floor 
requires a check of the beam end having a dapped 
connection. The use of a dapped beam connection 
greatly simplifies the beam-to-panel connection as 
a 10 in. panel haunch can accommodate the beam 
reaction details. 

Note that a neoprene bearing pad is selected to 
even out the bearing and control the T u forces 
to the dapped beam end. The connection employs 
two C7 x 12.25 (A36) steel channels. As required 
by connection design, both the concrete bearing 
capacity and shear capacity of the channels is 
checked. 

An important part of the detail is the connection 
at the top of the beam to the panel. This connec- 
tion is used for erection and to positively tie the 
beam to the panel. The top beam connection be- 
haves primarily as a tie and does not attract signifi- 
cant negative bending due to the presence of the 
neoprene bearing pad. When designing the plate 
connecting the beam and the panel, it is required 
that this plate be the weak link. Advantage can be 
taken of the yield characteristics of the plate if 
welds are made only as shown. The plate dimen- 
sions then determine the maximum T u force for de- 
sign rather than some complicated analysis for vol- 
ume changes. Also, once this connecting plate is 
selected, anchorage plates in the panel and beam 
can be designed for a greater ultimate strength. This 
type of design approach illustrates a main advan- 
tage of precast concrete connections. Namely, pre- 
cast concrete connection details can assure assump- 
tions and allow the design to control the connec- 
tion behavior. 



Lateral Load Connections 

It is necessary to first determine the lateral load 
shear distribution to the 72 ft shear walls prior to 
starting any connection design. For the controlling 
lateral load case, wind parallel to the 72 ft building 
dimension, the behavior of the shear wall appears 
to differ (due to panel joints) from that for a mono- 



lithic cast-in-place shear wall with openings. 

The main difference between the precast panel 
shear wall and a cast-in-place shear wall is the pres- 
ence of the horizontal and vertical joints. A ques- 
tion can be raised as to whether the precast panel 
shear wall conforms to the assumptions and method 
of analysis used to determine lateral load behavior 
of the building. 

The only realistic design approach for precast 
panel shear walls is one which insures that indivi- 
dual wall panels act compositely with each other. 
An ultimate design approach, based on shear fric- 
tion, considering the horizontal and vertical panel 
joints as failure planes provides a means to insure 
ultimate composite action. Since it is important 
that a precast shear wall in a tall building behave as 
a monolithic wall in the elastic range, the connec- 
tions selected must also satisfy the elastic shear dis- 
tribution. A means for comparing the difference in 
shear distribution for an ultimate and an elastic 
composite approach is to review the behavior of a 
composite beam. 

The design of a composite beam by an ultimate 
shear friction approach insures its strength, but 
does not insure its deformation behavior. An ulti- 
mate approach assumes that the shear distribution 
at the composite interface is uniform, and thus al- 
lows the connections (composite stirrups) to be 
spaced uniformly and independent of the shear dia- 
gram. Elastic composite design considers the shear 
diagram and spaces composite stirrups accordingly. 
If the total number and capacity of ultimate com- 
posite strirrups are first selected, and then located 
approximately according to the beam elastic shear 
diagram, the composite beam will behave monolith- 
ically for practical design purposes. 

The use of an ultimate composite design method 
places several requirements on the design. It re- 
quires that the connections be stiff and at the same 
time not have their capacity influenced or reduced 
by the volume changes inducing T u forces into the 
connections. Another requirement is that the con- 
nections should not be eccentric to the plane of the 
shear wall. For these reasons, it is undesirable to 
use more structurally flexible weld plate solutions 
for achieving composite action between precast wall 
panels. Grouted type connections should be used 
as they satisfy both design requirements and meth- 
ods of rational design. 

For the reasons just cited, concerning weld plates, 
a preliminary review of the panel arrangement at 
the building corners suggests strongly that a revision 
is in order. The corner arrangement in the proposed 
problem requires the use of weld plates. Instead, 
concrete dimensions should be adjusted to allow for 
the use of a grouted vertical panel joint. 



5-52 



Distribution of Shears 

Determine the shear distribution for the 72 ft pa- 
nel shear wall between the first and second floors. 
Between the first and second floors, a total ulti- 
mate horizontal wind shear of 505 kip is applied. 

This distribution of 505 kip wind shear will be 
modified by the influence of the "flange" compres- 
sion and tension forces in the 96 ft wall. The as- 
sumed shear distribution is that which complies 
with the ultimate composite approach. 

The elastic analysis for lateral loads indicates 
that the maximum "flange" shear at the building 
corner occurs near the 8th story level, and is 30.1 
kip at ultimate. As discussed in the following, and 
in the calculations, the connection for composite 
action must also have sufficient strength to develop 
this peak type force. Most probably, all connections 
will be standard, and their capacity based on a 73.3 
kip force for a B panel. A check of shear distribu- 
tion at the 8th floor should be made to verify that 
the typical connection is satisfactory. 

Determine lateral load shears 



1 . Forces applied by controlling wind case are as 
previously determined. 

2. Use panel gravity loads. 

3. Design for a typical panel between the first and 
second floors on the 72-ft sidewall. 

Determine Panel Joint Shears 

Panel joint shears result from two conditions: 

1. Horizontal shear due to lateral load. 

2. Vertical sheardue to flexural behavior of build- 
ing acting as a cantilever. 

Horizontal Shear Only 

Horizontal shear per story = 361 kip 



WIND 





361 K-*- 


USE SAME AS AT 1ST 
NEGLECT DECREASE 
OF SHEAR AT 2ND DUE 
TO STORY SHEAR FORCE 

2ND 




l0 "l. S T 








361 K, 
72 






THIS DIMENSION ACTUALLY 
VARIES WITH THE BUILDING 
HEIGHT 



*<** 



SEE ASSUMED DISTRIBUTION 



Determine ultimate design shear fo rces 

Use the ultimate composite approach. This method 
assumes that the ultimate shear is uniformly distri- 
buted on the shear failure plane. Note that in the 
elastic range, the sidewall will basically act as a total 
unit. 



2ND 



/I 



10" 21.8 K 



~T 



1.4(361)= 505 K AT ULTIMATE 

1.4(358) 



ps 



~M- 



23 



=21.8 K AT ULTIMATE 



DISTRIBUTED OVER 23 STORIES 
14(310). 



23 



-=I8.9K 



AT ULTIMATE 



Forces applied to one story shear wall 

Neglect slight difference in shear forces at first and second 
due to story shear 



Check Summation of Moments 

The summation of moments about the centerline 
in a clockwise direction should equal zero. 

505(10)- 18.9(60)- 21.8(72)= 5050- 1134 
- 1570 = 2346 ft-kip (clockwise) 

To achieve equilibrium it is necessary to induce a 
force "F." The connection at the corner capable of 
transferring F + 21.8 kip must be used. This force 
of F + 21.8 kip is resisted by the dead load weight 
of the end walls. 



Vertical Shear Only 

Results from tension and compression forces due to 
bending. 

The maximum vertical shear forces occur at the pa- 
nel vertical joints away from the corners. 



Find Force F 

The summation of moments about the centerline 
must equal zero (clockwise positive). 

- 72 F + 2346 - 
Therfore, F = 32.6 kip at ultimate. 
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Determine horizontal and vertical ultimate 
panel joint shear forces 



Vertical joint shears cannot change as discussed above 
Find corrected horizontal shear. 



4£t 84.2 84.2 84.2 84.2 84.2 42.1 



54.4 K- 



5 AT 12' 



A73.3 A 173.3 A 1 73.3 1 |73.3 1,73.3 l. 



B*».g yt£. i j— 



-2 NO FLOOR 



A4? ft4 ? n 4 9 b*9 \ Vr 



42.1 1 84.2 84.2 84.2 84.2 84.2 f 42.1 

18.9 K 18.9 K 

SUMMARY OF APPLIED LOADS 



Find joint shear forces — Panel (a) 



I ST FLOOR 



54. 4 K 



326.4 + 421 = + 94.6 k' 



42.K 

EM = ^+) 

- 6(54.4) + 10(42.11) 
at ultimate 

Not balanced 

Adjust shears 



Vertical shears on Panel (a) cannot change due to equilibri- 
um requirements at corner. Horizontal shear must then vary. 



42. i k r H 



ARV -^ 



94 6 
F u - 42.1 -"^ = 9-5 kip 



NECESSARY 
FOR EOUtL 



32.6K AT ULTIMATE 



54.4 K AT 
ULTIMATE A 



544 K AT 
ULTIMATE 



JOINT SHEAR FORCES 
AT ULTIMATE FOR 
DESIGN PANEL 




32.6 K AT ULTIMATE 



Find joint shear forces — Panel (b) 



H 

84.2 K 



2M = "+) 

84.2(10)-73.3(12) 
= 842- 879.6 = -37.6 ft kip 
not balanced 



84.2 K 



NECESSARY / 
FOR EQUILT 



F H = 



37.6 
10 



s 3.8 k 



88.0 K AT ULTIMATE 



JOINT SHEAR FORCES 
AT ULTIMATE FOR 
DESIGN PANEL 




88.0 K AT ULTIMATE 



Horizontal Joint Shear 

The design of the joint connections to resist hori- 
zontal shear can be* achieved by one of two ap- 
proaches. One method is to consider dead load fric- 
tion, and the other is to use shear friction where the 
1 in. coil rods serve as the A vf reinforcement, ne- 
glecting the dead load force. Actually, if the A vf 
shear friction approach is used, the dead load at the 
mullion would reduce the required A vf area. 

The connection design approach shown by the 
calculations is conservative, and the horizontal joint 
shear capacity of the wall panels greatly exceeds 
that imposed on it. 



LATERAL LOAD CONNECTIONS 

Check the summation of horizontal shear forces 

For equilibrium the summation of forces in the x 
direction must equal zero. 

Story shear = 505 kip at ultimate 

2(32.6) + 5(88.0) - 65.2 + 440 = 505 kip 
at ultimate 

This shear force is satisfactory since it is the same 
as the applied 505 kip force. 

Summary of shear force distribution 

1 . The flexural vertical shears influence the dis- 
tribution of the lateral wind horizontal shear 
only slightly as shown in the calculations. 

2. The distribution of joint shears at ultimate is 
based on an ultimate composite approach. Be- 
cause of slip or deformation it can be assumed 
that the shear forces are uniform on the joint 
failure plane. 

3. The distribution of shear forces as assumed 
provides a force path for the forces. Thus, 
minor variations will not affect the overall ul- 
timate capacity or the building behavior. 

4. Note that the building weight is important in 
that the end wall weight must be sufficient to 
develop equilibrium. If the end wall weight 
was less than 32.6 kip, it would be necessary 
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to develop additional forces by tension an- 
chors to the foundation. 

5. In addition to assuming a uniform distribu- 
tion of vertical shear at the corner for ulti- 
mate, a check for corner shear variation must 
be made. The wind load produces a maximum 
working story vertical shear of 21 .5 kip at the 
eighth floor. Since all the vertical joint shear 
connections will be the same, the connections 
developed for the lower stories should be ade- 
quate for the maximum shear at the eighth 
story. 



Horizontal panel joint shear 
Design criteria 

1. Design for shear applied to the side wall at 
the first story, V u = 505 kip. 

2. Use the ultimate procedure (see Sections 
6.1.8 and 6.1.9 of PCI Design Handbook). 

Find ultimate shear stress (horizontal joint) 

The approximate grout area per 12-ft panel length 
is: 2(303) -606 in. 2 



88,000 
606 



= 145 psi 



(o.k., less than 800 psi). 

Determine friction resisting capacity 

Assume that only the compression side of the side 
wall is effective. Neglect the additional load due to 
wind compression. The total dead load due to one- 
half of the side wall is: 2(75.6)6 + 577.2 = 1484 
kip. 

Note that the 6 above represents the number of 
mullions and the 577.2 is the weight of the mul- 
lion with the beam load. 

Using ACI 318-77 the required dead load is: 
0.9(1484) = 1336 kip 

NowF s = mV u = 0.4(1336) = 534 kip 
(o.k., greater than 505 kip) 

Note that the shear friction coefficient ju is that be- 
tween the concrete and steel (see Table 2.20). 

Find A vf per Sect. 2. 5 



V = 

u 



88 



= 44 kip per center mullion 
of typical 1 0x 12-ft panel 



f = 50 ksi for 1 -in. coil rod. 
Using Table 2.6; m= 1-0 



A V f ~ 



M 



+ H, 



*f v 



44 + 0.2 x 44 
0.85 x 50 



- 1.24 sq in. 



Use two No. 8 coil rods having A vf = 1.58 in. 2 
(o.k., greater than 1 .24 in. 2 ) 

= 40,000 
Vu 303 

Design summary 



132 psi 



Assume that T u /V u = 0.2 due to horizontal vol- 
ume change forces. 



I.Use mullion to mullion detail previously 
shown. 

2. Use reinforcement between mullions whether 
required by design or not. It is good design 
practice to tie buildings together. 

3. At tops and bottoms of all mullions, use addi- 
tional confinement ties. 

Floor Diaphragm Shear 

Design the connections of the floor diaphragm to 
the shear wall. The case illustrated in the calcula- 
tions is for the first floor where the wind pressure 
is 20psf. Upper floor wind pressures of 40 psf as re- 
quired by the code would control. 

As discussed in the calculations, the shear stresses 
between the topping and the wall panels at ultimate 
are very small, not greater than 13 psi at ultimate 
for the upper stories. A shear friction approach can 
be used to design this connection, or the temporary 
erection connections can be employed to resist this 
shear. 

FLOOR DIAPHRAGM SHEAR CONNECTION 



Design criteria 

1 . The maximum diaphragm shear force per floor 
occurs at the upper stories where the wind 
pressure is 40 psf (see Uniform Building 
Code). 

2. Use Section 6.1.9 (PCI Design Handbook) 
with ju = 1 .0 for a roughened surface. 

Find ultimate shear force 

The shear force per side wall at the first floor is: 

~~ (10.042) \~~) = 9-64 kip (working) 
The ultimate shear force per foot of side wall is: 

^|^=0. 174 kip per ft 
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Check the ultimate shearing stress (topping) 

174 
v u = 12 (o 5) = 5 -^ psi at u,timate ( |ow ) 

Find area of connection reinforcement 
A vf for diaphragm shear 

The area of shear friction reinforcement required, 
A vf , is only a very minimum amount. This area can 
be found by adding the shear forces required (V u = 
0.174 kip per ft) for the vertical joint shear. Alter- 
nately, temporary erection connections can be 
used. 

Design summary 

1. Compared to other connection requirements, 
very little, if any, connection reinforcement is 
required for diaphragm shear per floor. 

2. Temporary erection connections provide suffi- 
cient A vf reinforcement for the floor dia- 
phragm shear. 



Vertical Joint Shear 

Vertical panel joint shear should be calculated. 
A vertical joint shear of 73.3 kip at ultimate is used 
for this connection design in accordance with the 
previous discussion. 

To insure that the vertical joint shear force of 
73.3 kip can be transferrred by the panel, a prelim- 
inary check of the panel's concrete shear capacity 
is made. The approximate analysis shown indicates 
that the 6 in. concrete thickness should be satisfac- 
tory. However, on completion of this preliminary 
design, a final check of the panel's concrete shear 
capacity would be made considering the panel to be 
a Vierendeel truss subject to the loads applied. If 
additional shear capacity is required, it can be ob- 
tained by increasing the 6 in. thickness or providing 
more mesh (shear reinforcement). 

Design of a grouted vertical panel joint shear con- 
nection will require the use of A vf and A sh rein- 
forcement. The definition or locations of the A vf 
and A sh reinforcement is shown by Section F. 

The calculation of the grouted vertical shear joint 
area is based on v u not exceeding 800 psi for a ix = 
1.4. This joint must use large interlocking keys if a 
ix of 1 .4 is to be used. The detail selected following 
the design is given by Section E. A review of 
Section E indicates the importance of initially se- 
lecting panel shape and dimensions prior to design. 

Projection of the panel top above the finished 
floor allows for easy placement of grout connec- 
tion as the erected floor serves as a work platform. 
Also, since the A vf reinforcement is placed in the 
floor topping, the 4 in. top projection allows the 



grouted connection to be placed adjacent to the A vf 
reinforcement. 

An important secondary consideration is the 
stiffness of the panel in the vicinity of the grouted 
connection. To prevent any torsional distortions 
of the 6 in. flat concrete adjacent to the panel side 
mullion, good design practice would require all 
panels to have a 10 in. haunch rather than just 
those supporting floor tees. 

The A sh reinforcement is required to insure that 
a failure plane between the topping and the back 
of the panel will not reduce the strength of the A vf 
No. 5 reinforcing bars. The A sh design is based on a 
ix = 1 .0. A ju = 1 .0 can be assured if roughened key- 
ways as shown in Section E are used. 



VERTICAL PANEL JOINT SHEAR CONNECTION 

Design Criteria 

1. Design for shear in vertical joints resulting 
from wind shear of 361 kip at first floor. 

2. Note that since overturning or cantilever ac- 
tion of building under wind load does not 
cause any tension in side wall muliions, the 
only vertical joint shear is that which occurs 
in Item 1 above. 

3. Use ultimate procedures per Section 6.1.9 
(PCI Design Handbook). 

Ultimate design shear forces per typical 10x12-ft panel 

88 K 

2ND *~ 



73.3 K 

1ST 



73.3 K 



88 K 

Approximately the same shear forces are obtained by: 

(505/6) - 84.2 kip per 12-ft panel 
(10/12)(84.2) = 70.2 kip vertical shear 

Note that the 6 above represents the number of panels per 
side wall. 



73.300 Mn . 2 
A c = ~800- =91 ' 6m - 

Use a 11x1 0-in. grout key. Use the same key size 
for all joints. 

Determine A sh reinforcement 

The area of reinforcement, A sh/ to prevent hori- 
zontal cracks is for the connection indicated in 
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Section F. Note that this reinforcement is required 
to insure that the vertical joint shear force A vf does 
not have a failure plane at the interface of the top- 
ping and back of the panel. Use the indicated op- 
tion of spaced keyways to obtain ju = 1 .0. 

The force in three No. 5 bars at ultimate plus WWF 
equals: 



1.25(60) = 75 kip 



A, 



sh 






75 



1.4x40 



1.34 in. 2 



The above reinforcement must be spaced over a 12- 
ft panel length. 

Try using 1/2-in. coil rods into inserts cast in the 
panel shown in Section R 

1 34 
A sh/ f t = ~^- =0-11 'n. 2 per ft 

By inspection select 1/2 in. coil rods at 18 in. on 
center. 

Design summary 

1. Check the insert concrete pullout capacity 
when selecting inserts. 

2. The 1/2-in. coil rod should have a minimum 
length of "2/d" or 24 in. 

3. The 1/2-in. coil rod selected should allow for 
easy placing in the topping and a good toler- 
ance. 

4. It will be necessary to modify the joint detail 
at building corners due to the panel arrange- 
ment preventing grout keys. For this case, a 
weld plate detail would be designed to resist 
vertical shear forces plus the horizontal vol- 
ume forces. 

Note: The corner detail should be revised to include a grout- 
type joint. 

Check panel cross sections for shear 

Horizontal nominal shear 

Panel concrete area = 418.5 + 2(205.5) - 829 in. 2 

P3 P1 

88 000 
v u = , ' q, = 125 psi applied at ultimate 

The shear stress allowed (somewhat conservatively) 
is: 



2(.85)v / T^ - 2(0.85) V6000 - 132 psi 
(ok, greater than 125 psi) 

Note that the factor "0.85" is for lightweight con- 
crete. See AC! 318-77, Section 11.3.1.2. 



Vertical nominal shear 

Panel concrete area = 5(12)6 = 360 in. 2 (neglecting 
panel haunch) 

73 300 

v u = , ' m = 239 psi applied at ultimate 

(greater than 132 psi) 

Provide shear reinforcement above and below win- 
dow areas. Note that the stripping reinforcement 
is: 

A v = 5(0.12)2= 1.20 in. 2 

where 0.12 is the area in in. 2 per ft of a WWF and 
60,000 psi is its yield strength. 

(v„ -v fi )b w s 



A, 



"u v c ' ~w * 



f, 



Eq. (11-14) of ACI 318-77 



(239- 132)6(12) 



= 0.13 in. 2 per ft 



60,000 
This area is satisfactory since 0.24 in. 2 is provided. 

Note: This is only an approximate analysis and does not 
consider deep-beam vierendeel truss behavior. A 
more refined analysis is probably not required. 

Design A vf reinforcement for vertical joint shear 

V u = 73.3 kip at ultimate 

Use a grouted shear friction connection. This type 
of connection should be used rather than weld 
plates because: 

1 . Weld plates at vertical panel joints attract pan- 
el volume change deformation forces. These 
plates can be subject to very large forces in 
the plane of the panels which are highly in- 
determinate and can reduce the strength of 
the shear connection. 



icf-tf 




HORIZONTAL VOLUME FORCES 

CRACKING ABOUT CAST'IN-PLATES 
WHICH MAY OCCUR 



VVERTICAL JOINT BETWEEN PANELS 

2. A grouted type of joint allows for some hori- 
zontal movement without damaging the con- 
nection capacity. This also simplifies panel 
production. 



Determine A vf required 

Assume T u /V u = 0.20 as 

A vf = 1.25 in. 2 (where f = 60,000 psi) 



Assume T u /V u = 0.20 as a minimum for design. 
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Typical panel connections 



io'-o 1 '?' 



2NDTYPICAL/ 
FLOOR 




1ST TYPICAL' 
FLOOR 



PANEL WtPTH 

Partial elevation — 72 ft sidewall 




2'2- 

DIA. MINIMUM 

Section A — Typical mullion connection 



I COIL ROD 



4-STRUT COIL INSERT 
TACK WELD TO PLATE 



STEEL PLATE W/HEADED 
STUDS a HOLES FOR 
l"COIL RODS 

COIL NUT FOR LEVELING 
8 WASHERS AS REQUIRED 

NON-SHRINK GROUT 
(f c ' =6000 PS I ) 

CONDUIT" PCI DESIGN HANDBOOK 
(FIG. 6.1.22) 



Use a shear friction coefficient fi = 1.4. 

Place the reinforcement in the topping and locate 
grout joint near topping, approximately 6 in. down 
from top of panel. Use 3- #5 bars and consider 
topping mesh plus tee flange weld plates. 



Determine size of grout joint 

Use the maximum ultimate shearing stress at 800 
psi to insure that the A vf reinforcement will yield. 



GROUT AREA 



^"CONDUIT 




TYPICAL 



Section C — Center mullion 



GROUT AREA 



2 '2 CONDUIT 



r-3' 




- 3 /4"TYPICAL 



Section D — Side mullion 



NOTE- 
NO GROUT 

IN JOINT 



CAULK- 



CLOSED CELL BACK-UP 




Section B — Typical 
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TOP OF TOPPING 



GROUT 
PLACEMENT- 
DUCT 

.Z'Z TOPPING 



£. IV1IIN , 1 



A vf reinf/ 

3*5 



.V 



2 MIN.- 



IS 



4*-DETAIL 



/NON-SHRINK GROUT 
{ f c '^ 6000 PS I ) 




DETAIL 

Section E — Typical vertical joint shear connection 



Summary 

The design of the precast panel shear wall is one 
of the main topics of this presentation. The anal- 
ysis presented attempts to consider all of the struc- 
tural design considerations regarding forces and 
practicality. 

An overall look at th6 shear wall behavior re- 
veals that it is probably much stiffer than assumed 
in the lateral load analysis. The details used not on- 
ly tie the walls together, but also make the walls 




f 



v 



COIL INSERT 

OPTIONAL SPACED KEYS 
TO INCREASE p= I.Ov 

TOP TOPPING^ _| . 

□TeazF , 



Typical panel 
bearing connection 
See also Sections 
F1 and F2 



5X3 L(LLH)WITH 
DEFORMED STUD 8 
HEADED STUD 
LOCATED AT STEMS, 




STRUCTURAL STEEL 
'T"WITH HEADED STUDS 



Section F1 — 
Erection connec 
tion at panel 
bearing connec- 
tion (remainder 
Section F) 



TYR 

AT WELI 
SLUG 




Section F2 — 
Erection connec- 
tion at non-bearin 
panel (remainder - 
Section F) 



/E70I5 0R 
\E70I6 



composite with the floors. Thus, regarding stiffness, 
the shear wall should be considered to have flanges 
at each floor level when realistically determining 
the deformation characteristics of the building as a 
whole. Perhaps a second lateral load analysis would 
be in order to evaluate what influence the compos- 
ite floors have on the shear wall force distribution. 

A practical consideration regarding the details 
used is the effect the 1/2 in. coil rods have relative 
to topping separation. Grout keys in the panel at 
the panel-to-topping interface prevent topping sep- 
aration. Topping separation is further prevented 
from occurring due to the erection connections 
shown in Sections F1 and F2. The selection of 
these erection connections also must consider the 
prevention of topping separation by their number 
and location. 

Important to the structural design of the build- 
ing is the time of topping placement. It would ap- 
pear that the topping should be placed at least two 
stories below the level of erection during the con- 
struction phase. The method of erection, regarding 
tower crane stability, can require the topping to be 
placed following the erection of a floor level. 

The subject of shear wal I joint connections shou Id 
be reviewed in a general sense. These connections 
can be achieved by bolting, welding or grouting. Of 
the three types, only the grouted joint connection 
really satisifies all of the design criteria. Bolted con- 
nections require tolerance to achieve bolting, and 
this may reduce the effective stiffness of the shear 
wall. Also, bolted connections would require loca- 
tion of inserts close to panel edges which is not de- 
sirable. Welded shear connections, while initially 
attractive, have questionable capacity since they at- 
tract bu ilding volume changes restraint forces. These 
volume changes or T u forces can, over a period of 
time, reduce the connection's capacity. Moreover, 
the anchorage of plates into the precast panels suf- 
fers the same problems as bolted connections in 
that anchors are located near the free edges of the 
panel requiring the use of partial shear cones. Last- 
ly, welded connections result in T u shear loading 
towards the free edge of the panel. The determina- 
tion of T u forces is at best only a rough approxi- 
mation. 

The use of grouted vertical shear connections pro- 
vides for volume movements, and if A^ reinforce- 
ment yields, it does not impair the connection capa- 
city. Grouted vertical joint connections also pro- 
vide for excellent field tolerance. The most impor- 
tant aspect of the grouted vertical joint connections 
is the final field accomplishment of the detail. The 
final details selected such as pumping grout, vent 
tubes, and grout tubes should be made only after 
extensive discussions with contractors that will be 
making these connections in the field. 
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Fig. 5.39 Design temperature change 
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57 VOLUME CHANGE CONSIDERATIONS 

Load bearing exterior architectural wall panels 
are subjected to concrete volume change deforma- 
tions, which are defined as movements due to con- 
crete creep, shrinkage and temperature. Creep and 
shrinkage result in shortening while thermal move- 
ments can cause shortening or expansion. The 
amount of movement anticipated must be deter- 
mined to properly design joints and connections. 



5.7.1 Typical Volume Change Movements 

(a) Creep shortening deformations of load bear- 
ing exterior wall panels can be estimated at 
0.00012 in./in. for design, considering the 
usual magnitudes of loadings for panels sup- 
porting floors. Stacked exterior panels, sup- 
porting only the weight of exterior wall pa- 



nels and not floors, can be estimated to have 
a design creep shortening in the range of 
0.00003 in./in. 

(b) Shrinkage shortening deformations for struc- 
tural wall panels, considering usual panel vol- 
ume to surface ratios and erection at an age 
of 90 days, can be estimated to be 0.0002 
in./in. for normal weight concrete and 
0.00025 in./in. for lightweight concrete. 

(c) Thermal movements can be determined based 
on the map shown in Fig. 5.39. In order to 
approximate the effect of temperature lag, it 
is suggested to use 0.75 of the map tempera- 
ture for design of exterior panels. 

The preceding volume change movement values 
are approximate and suitable for most designs. 
However, where volume change movements may be 
a significant design factor it is recommended an in- 



5-60 



depth determination be made to establish more ex- 
act values compatible with the specific design para- 
meters. 

Example: 

Estimate the total shortening of the load bearing 
panels in a 10 story structure. Panels are normal 
weight concrete, 9 ft. high. Structure is located in 
Chicago. 

Creep Factor 0.00012 

Shrinkage Factor 0.00020 

Temperature Factor 

Design Temperature = 65F 

(From Fig. 5.39) 

Coefficient of Expansion = 5.5 x 10~ 6 in. /in. 

Temperature Factor = 65 x 0.75 x 5.5 

x 10" 6 = .00027 

Shortening = 0.00012 + .00020 + .00027 

= .00059 in. /in. 

Total Shortening = .00059 x (9 x 12) x (10) 

- 0.64 in. 

Estimates of building movement must be tempered 
with engineering judgment. Floors and interior walls 
attached to the exterior load bearing panel will tend 
to restrain vertical movement; also, a heavily loaded 
member will tend to shed load to less heavily loaded 
ones. Thus, calculated values will tend to be on the 
high side. 

5.7.2 Movements of Building Corners 

Where load bearing and non-load bearing panels 
meet, e.g., at the corners of a building, it is possible 
that differential volume change movements may oc- 
cur. If connections are employed which restrain 
these movements, it is likely that the connections 
will attempt to transfer significant vertical forces. 
Structural behavior of the building at corners where 
panels meet requires specific attention and design 
for volume change movement forces as well as for 
other design structural forces. 

Design consideration of panels meeting at cor- 
ners should consider the influence of temperature 
differentials because of sun exposure. Depending 
upon the exterior panel finishes and plan orienta- 
tion of the building, 1 0F to 1 5F temperature differ- 
entials may develop. As previously discussed, the 
interaction of corner panel connections needs con- 
sideration when temperature differentials at build- 
ing corners can develop. 

5.7.3 Influence Upon Non-Structural Components 

Previous concerns with volume change deforma- 
tions have related to structural factors. Of equal 



concern is the influence of volume change move- 
ment upon non-structural items. 

Exterior sealants used to prevent water penetra- 
tion into the building must be able to accommodate 
movements caused by volume changes. Sealants sub- 
jected to differential volume change movements, 
either horizontally or vertically at building corners, 
at non-precast adjacent construction or at windows 
not having similar movements must be studied. 

As the height and length of a building increase, 
the cumulative movements at the top or ends of the 
structure increase. The movements of exterior walls 
can affect the interior partitions on upper floors re- 
sulting in distress or cracking to the partitions. Non- 
structural components of the building interior must 
be detailed to allow for volume change movements 
of exterior precast structural walls. 



5.8 PRECAST CONCRETE INFILL PANELS 

5.8.1 General 

Precast panels incorporated as stiffening elements 
into a flexible frame offer considerable advantages. 
This is also true for structures which include archi- 
tectural precast panels as closure walls. Infill panels 
have been in common use for 10- to 15-story struc- 
tures in the high seismic zones of Japan for a num- 
ber of years, where the need to minimize damage 
due to large lateral deflection is of major impor- 
tance 4 . 

Various arrangements for strengthening of flex- 
ible frames by use of infill panels are shown in Fig. 
5.40. Infill panels generally contain orthogonal re- 
inforcing steel, and, where the design demands, ad- 
ditional steel bracing such as K-bracing or cross- 
bracing is added. 



5.8.2 Performance of Infill Panels 

The action of infill panels may be described as 
follows: 5 

When the lateral load is first applied to the flex- 
ible frame, the distortion of the frame causes sep- 
aration except at the corners of the compression 
diagonal. The frame acting under lateral load thus 
becomes a truss with diagonals acting in compres- 
sion. The significant question is the effective width 
of the compression diagonal (with a depth equal to 
the thickness of the panel). It has been shown by 
experiment that the diagonal stiff ness and strength 
of an infill panel depend not only on its dimensions 
and physical properties, but also on its length of 
contact with the surrounding frame. This length of 
contact, a, is governed by the relative stiffness of 
the infill to the frame and is given approximately 
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Fig. 5.40 Reinforced concrete infill panels 
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by the equation: 

IT 



a 
h 



2Xh 



(Eq. 5-12) 



in which Xh is a non-dimensional parameter expres- 
sing the relative stiffness of the frame to the infill, 
where: 



E,t sin 2d 

4 Elh' 



(Eq. 5-13) 



in which E,, t and h' are Young's modulus, thick- 
ness and height of infill respectively; E and I are the 
modulus of elasticity and moment of inertia of the 
column and 6 is the slope of the infill diagonal to 
the horizontal. 

The relative stiffness parameter Xh provides a key 
to the estimation of an infilled frame's behavior and 
it therefore assumes a prominent role in the devel- 
opment and presentation of the methods for pre- 
dicting its stiffness and strength. The length of con- 
tact, the stiffness of the infill and the strength and 
sequence of the modes of failure may all be ex- 
pressed as functions of Xh either in algebraic or 
graphical form. 

In multi-story structures the important variable 
influencing the stiffness and strength of the infill is 
the stiffness of the column. Variations in beam stiff- 
ness have little effect on the behavior of the struc- 
ture; hence this factor may be reasonably neglected. 
This lack of influence is probably related to the ob- 
servation that whatever the beam stiffness, the 
length of beam contact is always roughly half the 
span. 



Using the known length of contact between the 
infill and the frame, it is then possible to make a 
series of stress analyses for panels loaded diagonal- 
ly by compressive forces with assumed distributions 
of interaction over different length of contact, a, 
against the columns and a constant half-span length 
of contact against the beams. Triangular distribu- 
tions of compressive and shear interaction are as- 
sumed to act on the infill over the lengths of con- 
tact, and the finite difference method is then ap- 
plied to solve the biharmonic equation at the nodes 
of a network over the infill. From each stress anal- 
ysis the strains along the loaded diagonal are com- 
puted and the equivalent strut width deduced in 
terms of the parameter w/d where w is the width of 
the equivalent strut, i.e., a strut of the same mater- 
ial and thickness as the infill, and of length equal to 
the diagonal of the infill "d." 

The modulus of elasticity of concrete is not con- 
stant, but decreases with increasing stress; the ef- 
fect of this variation in reducing the diagonal stiff- 
ness of the infill is significant. 

The resulting effective width is not a constant 
value for a particular infill, but decreases as the 
loading is increased. When the load is first applied, 
the strut width is that obtained from assuming that 
the infill material is of constant modulus through- 
out, equal to the initial modulus of elasticity. As 
the load is increased, the stresses in the panel also 
increase, until eventually the highest stress in the 
loaded corner is equal to the ultimate compessive 
strength of the concrete; any increase of load be- 
yond this value causes yielding of the panel. The 
equivalent strut width at this stage can be deter- 
mined approximately by assuming the strain at the 
loaded corners to equal the compressive failure 
strain diagram along its whole length according to 
the idealized curve. 

Curves for w/d may be plotted as a function of 
Xh for various panel proportions. Values are given 
for initial equivalent strut width when the load is 
first applied and at higher loads up to compressive 
failing load of the panel. 

The analysis of the infilled frames is then per- 
formed with the usual methods using these equiva- 
lent diagonals, which are to be determined for any 
particular load in the diagonal. 



5.8.3 Effect of Openings in Infill Panels 

If an opening is provided at either end of the 
loaded diagonal of an infilled frame without con- 
nectors, its lateral strength is reduced by about 75% 
and its stiffness by 85-90% as compared to that of 
a similar infilled frame using panels without open- 
ings. For infilled frames with shear connectors, the 
presence of an opening on either side of the loaded 
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diagonal reduces its stiffness by 60-70% as com- 
pared* to that of a similar infilled frame with a solid 
panel (without openings). For both these types of 
frames, the loss of strength and stiffness due to a 
centrally located square opening having side dimen- 
sions one-fifth those of the panel is about 50-25% 
as compared to that of similarframeswithout open- 
ings. 

It is obvious from the above discussion that the 
openings at either end of the loaded diagonal are 
structurally unsuitable. 

As the lateral loads due to wind or earthquake 
can act from either side, the opening should not be 
located at either end of the diagonals. It is recom- 
mended that the door openings can best be located 
in the center of the lower half of the panel and the 
window opening in the mid-height of the left or 
right half of the panel near to the vertical edge of 
the panel. 
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6.1 GENERAL 

Sandwich panels are composed of two concrete 
wythes separated by a layer of insulation. If either 
of the concrete wythes is substituted with a mater- 
ial other than concrete, it may still be classified as 
a sandwich panel, provided that the remaining con- 
crete layer is the major (structural) wythe and the 
product lends itself to production in a precast con- 
crete plant. 

In place, sandwich panels provide the dual func- 
tion of transferring load and insulating the struc- 
ture. They may be cladding panels, in which case 
they support only their own weight and transfer 
wind loads to the supporting structure, or they 
may act as beams, as bearing panels or shear walls, 
transferring loads imposed from remote parts of 
the structure. 

In the past, both composite and non-composite 
panels have been used. Composite panels are those 
in which inner and outer wythes are interconnec- 
ted through the insulation by means of rigid ties, 
or regions of solid concrete, that restrict relative 
movement between the wythes. The two wythes 
act together to resist externally imposed loads. 
Depending on the rigidity of the connector system 
(ties or ribs) wythe interaction may be total or 
partial. Non-composite panels are those in which 
one wythe is supported from the other by relative- 
ly flexible ties and/or hangers, allowing differen- 
tial movement of the wythes with changing tem- 
peratures and humidity conditions. 

In general, there are two basic types of non- 
composite panels: 

1. Panels in which both wythes participate in 
transferring the lateral loads to the hori- 
zontal structural framework. 

2. Panels in which only one wythe (structural 
wythe) transfers the lateral loads to the hori- 
zontal structural framework and supports 
the weight of the other wythe (non-struc- 
tural wythe). The structural wythe is nor- 
mally thicker (and therefore stiffer) than the 
non-structural wythe, and is usually located 
on the interior side of the panel. It may be 
the exterior wythe, particularly in the case 
of sculptured panels such as ribbed panels. 

In the case of panels supporting applied verti- 
cal forces, these forces would be supported by the 
structural wythe. Most non-composite panels fit 
into Type 2, due to the limitations of panels des- 
cribed in (1). The principle of analysis is the same 
for both types except for distribution of loads to 
the wythes. 

Non-composite panels, and composite panels 
less than 40 sq ft, will generally exhibit acceptable 
behavior independent of the type of reinforcing 



steel used. Composite panels larger than 40 sq ft 
should be prestressed, unless the producer is able 
to demonstrate satisfactory behavior over a period 
of years. 

In a non-composite panel (Fig. 6.1a), one wythe 
assumes the total structural function of the panel, 
and is analyzed assuming no interaction with the 
other parts of the panel. This permits simplified 
analysis but the designer should recognize that 
some composite action can occur. For instance, un- 
der direct wind loads, the horizontal shears be- 
tween inner and outer wythe may be small enough 
such that even the flexible connectors used may 
have sufficient stiffness to transfer the shear. 

Fig. 6.1 Non-composite and composite panels 
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b. COMPOSITE PANEL 
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For equal over-all thickness of panel, a composite 
member (Fig. 6.1b) will demonstrate greater lateral 
stiffness. However, because the deformation of the 
outer wythe will effect the inner wythe, experience 
indicates that the lateral bowing of composite pan- 
els with mild steel reinforcing is less predictable 
than that of non-composite panels. The introduc- 
tion of prestressing in both wythes of a composite 
panel helps counteract thermal bowing and im- 
proves the behavior of the member. 

Panels with perimeter or interior ribs of con- 
crete, or openings with surrounding ribs, are not 
recommended, because: 

I.The ribs act as restraints between two con- 
crete layers each of which is subjected to 
significantly differing deformations, thus 
developing forces which may lead to crack- 
ing; and 

2. The ribs act as significant heat sinks, and will 
reduce the insulating effectiveness of the 
panel as well as possibly cause local conden- 
sation and discoloration. 

Some manufacturers have reported successful 
use of panels with ribs top and bottom only, and 
with no ribs on the sides. Such an arrangement pro- 
vides less restraint than surrounding ribs; however, 
it is suggested that this be used with caution and 
based on previous experience. 

A more satisfactory arrangement, where a solid 
concrete rib is required for bearing, is to provide 
freedom of movement at the other 3 sides, as 
shown in Fig. 6.1b. 

The importance of proper curing of sandwich 
wall panels can not be overemphasized. The upper 
wythe should be covered to minimize water loss 
and extra heat should be applied or the cover be in- 
sulated to retain the normal hydration heat. Curing 
of the first cast wythe (below the insulation) is 
normally much better than curing of the second 
cast wythe because heat is retained by the insula- 
tion and water cannot evaporate. Consequently the 
first cast wythe will have earlier high strength and 
may be somewhat stronger than the second. 

Following stripping, further curing is required 
and attention should be paid to ensuring similar 
curing for identical panel faces. Faces exposed to 
the sun will normally cure faster and shrink more. 
As it is often impractical to store panels so that 
similar oriented faces get equal exposure to the 
sun, it is recommended that where feasible, panels 
be protected from direct sunshine during final 
curing. In very hot climates, they may have to be 
kept moist for some period. Generally speaking, 
the difficulties in uneven curing during storage in 
the yard will be minimized if the maximum pos- 
sible strength is achieved prior to the storing in 
the yard. 




6.2 FLEXURAL ANALYSIS 

The strength of concrete should be determined 
by structural and production requirements, and the 
need to provide a mix of high density and low 
shrinkage. 

6.2.1 Allowable Stresses 

1. In place — In accordance with ACI 318-77 

and the applicable local build- 
ing codes 

2. Handling - Allowable tension 

a. Fully composite non- 
prestressed 

b. Non composite 

c. Fully composite or semi- 
composite prestressed 

The allowable tensile stress for a fully composite non- 
prestressed panel is less than for non-composite be- 
cause axial tension rather than flexural tension pre- 
dominates. Prestressing will tend to close any cracks, 
thus making them temporary. 

In order to calculate stresses in a composite panel, 
the degree of interaction between connected 
wythes must be known. If the wythes are connec- 
ted so that full shear transfer can be achieved, the 
stresses may be calculated using the gross moment 
of inertia. In a totally non-composite panel, the 
stresses are computed based on the moment of in- 
ertia of the structural wythe. Behavior of a semi- 
composite panel (shear transfer between wythes is 
partial) falls between the above limits. For this 
condition, the effective moment of inertia should 
be determined by test or experience. 

6.2.2 Reinforcing Steel 

1. Reinforcing steel should be designed for hand- 
ling and in-place loads. Size and spacing will 
be a function of strength and crack control 
criteria, in accordance with Chapter 4. Maxi- 
mum spacing of reinforcing steel in any wythe 
exposed to the environment should be 6 in. if 
mesh, or 5 times wythe thickness if reinforc- 
ing bars. 

2. Except as otherwise required by analysis or 
£ experience, the minimum reinforcing steel in 

each wythe should be 0.001 of the cross-sec- 
tional area of that wythe; this amount of steel 
should be placed in each direction, except that: 
a. Wythes not exposed to the environment 
which are less than 4 ft in one direction 
need not be reinforced in that direction; 
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b. Wythes exposed to the environment which 
are less than 2 ft in one direction need not 
be reinforced in that direction. 

Prestressing if used should provide an average 
stress after losses not less than 150 psi. If pan- 
els are prestressed in two directions, the limi- 
tations of Paragraph (b) above need not ap- 
ply. Otherwise, transverse reinforcing in ac- 
cordance with Paragraph (b) should be pro- 
vided. Wythes should be stressed concentri- 
cally, and care taken to equalize the stresses 
on the interior and exterior wythes. 

Table 6.1 Properties of insulation 



6.3 INSULATION 

Physical properties of insulating materials are 
listed in Table 6.1. Thermal properties of insula- 
tion and concrete are discussed in Chapter 13. 
Since the insulation is generally placed in direct 
contact with the plastic concrete, excessive de- 
watering of the fresh concrete may occur with the 
use of highly absorbent insulation. The insulation 
should have low absorption or a water-repellent 
coating should be used to minimize absorption of 
water from the fresh concrete. 

The thickness of the insulation will be deter- 



PROPERTIES 

OF 
INSULATION 


GLASS, 
CELLULAR 
RIGID BLOCK 


PERLITE, 

EXPANDED BONDED 
RIGID BOARD 


POLYSTYRENE, 
EXPANDED BEADS 
BOARD CUT FROM 
MOLDED BLOCK 


POLYSTYRENE 
CELLULAR FOAM 
BOARD CUT FROM 
MOLDED BOARD 


POLYSTYRENE 
CELLULAR FOAM 
BOARD CUT FROM 
SLAB STOCK 


POLYURETHANE, 
CELLULAR FOAM 
RIGID BOARDS 


UJS 
CCO 

x< 


DENSITY 
(pcf) 


7.0 
to 
9.5 


9.5 

to 

11.5 


1.0 
to 
2.0 


1.1 
to 
3.3 


1.5 
to 
3.5 


1.5 
to 
4.0 


1.5 
to 
3.0 


CAPILLARITY 


None 


Negl. 


None 


None 


None 


None 


None 


WATER ABSORPTION 
(% VOL, 24 HR.) 
SUBMERSION) 


Surface 
Only 


3.5 
to 
4.0 


1.0 
to 
2.5 


0.10 

to 

1.25 


0.10 

to 

1.25 


1.5 
to 
3.0 


4.5 


COMP, STRENGTH 

(PSI @ 

5% DEFORM.) 


100 


80 


6 
to 
17 


8 
to 
16 


20 
to 
100 


18 
to 
50 


28 
to 
50 


TENSILE STRENGTH 
(PSI) 


50 


32 


24 




70 


20 
to 
90 


60 


LINEAR COEFFICIENT 
THERMAL EXPANSION 
(x10~ 6 /F) 


4.6 




35 


18 


35 


50 




MODULUS OF 

ELASTICITY 

(x10 5 PSI) 


1.5 






0.001 








SHEAR STRENGTH 
(PSI) 


50 




17 


127 


27 
to 
36 


16 
to 
55 




FLEXURAL STRENGTH* 
(PSI) 


80 




28 
to 
90 


31 


42 
to 
61 


30 
to 
60 




BOND STRENGTH TO 

CONCRETE 

(PSI) 






6 


10 









NOTE: Physical properties listed are typical. Any actual design should be based on properties as furnished or 
verified by the material supplier. 

*ASTM C204, C240 
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mined by the thermal characteristics of the mater- 
ial and the design temperatures of the structure. A 
minimum thickness of 1 in. is recommended, with 
no limitation on maximum thickness. The deflec- 
tion characteristics of the inter-wythe connectors 
should be considered in relation to the insulation 
thickness. Although one does not necessarily limit 
the other, the two must be designed to be com- 
patible. 

Openings in the insulation around connectors 
should be packed with insulation to avoid forming 
concrete bridges between wythes. 

The maximum sizes commercially available, con- 
sistent with the shape of the panel, are recom- 
mended. This will minimize joints and the result- 
ing cold sinks. Lapped abuting ends of single layer 
insulation, or staggered joints with double layer 
insulation, will effectively remove any cold sinks at 
joints, Fig. 6.2. 

6.4 BONDBREAKER 

The insulation itself is capable of transferring a 
certain amount of shear between the wythes, the 
value being dependent upon the dimension and 
properties of the insulation. It may be necessary 
to break the bond between the insulation and 
the concrete wythes of non-composite panels by 
physical or chemical methods to eliminate unin- 
tended restraints. This will allow relatively free 
movement between the wythes for the dissipation 
of temperature and other volume change stresses. 
While such bond may be destroyed in time, it is 
strongest at the initial stages of casting, when the 
concrete has its least tensile strength. 

Panels may be manufactured by incorporating 
bondbreakers of polyethylene or reinforced paper 
sheets, applying retarders or form release oils to 
the insulation, or by using two layers of insulation 
with staggered joints which will allow movement 
between the two insulation sheets provided that 
the sheets are placed in a level plane. Similarly, 
the use of sheeting as bondbreaker can be nulli- 
fied by the unevenness of the bottom layer and 
hence the insulation. Under certain conditions, 
air gaps may be utilized between the insulation and 
the outer wythe. This also ensures shear transfer 
prevention. 

The use of sheeting with a single layer of insula- 
tion also serves to bridge insulation joints, thus 
minimizing the danger of concrete bridges between 
the wythes. Polyethylene sheeting on the warm 
side also serves as a vapor barrier. When used as a 
vapor barrier it will be necessary to seal around the 
mechanical ties between the wythes to provide 
continuity of the vapor barrier. See Chapter 13 for 
a further discussion on condensation control. 



Fig. 6.2 Preferred installation of insulation sheets 
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Staggered Insulation, two sheets 
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Lapped Insulation, one sheet 

(not practical for irregular shaped 

panels and around openings) 



6.5 WYTHE DESIGN 

The minimum thickness of the wythes is de- 
pendent upon structural requirements, finish, re- 
inforcement protection, handling considerations 
and past experience. 



6.5.1 Non-Structural Wythe (Non-Composite 
Panels) 

In order to minimize differential temperature 
across the thickness of this wythe, it should be as 
thin as architectural details will permit. The fol- 
lowing limitations are applicable: 

1 . At the thinnest point, thickness should not be 
less than 2 in., but preferably a minimum of 

2 1/2 in. 

2. Thickness should be sufficient to provide pro- 
per reinforcement cover, in accordance with 
Chapters 1 and 3. 

3. Thickness should be sufficient to provide re- 
quired anchorage of the wythe connector 
devices. 

4. At no point should the thickness be less than 

3 times the size of the maximum aggregate. 



6.5.2 Structural Wythe (Non-Composite and 
Composite Panels) 

The thickness of the structural wythe should be 
determined by structural analysis, and by the need 
to accommodate architectural details. The wythe 
should not be less than 3 in. although a thinner 
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wythe may be successfully used with rather high 
quantities of reinforcing and with a higher risk of 
cracking and bowing. If the wythes are prestressed, 
the wythe should not be less than 2 1/2 in. 

The other limitations listed above for the non- 
structural wythe also should be considered. Struc- 
tural wythes are in most cases supported at the 
bottom edge. They may have a lateral tie near the 
top and a midheight connection to the adjacent 
panels to prevent differential bowing. Hung pan- 
els should generally be avoided. Where they do oc- 
cur the thickness of the structural wythe may have 
to be increased around the anchorages. A bond- 
breaker should be provided between the concrete 
layers. 

6.6 PANEL SIZE 

The size of panel will be primarily determined 
by architectural considerations. Additionally, the 
following restrictions are applicable: 

I.The maximum dimension and weight should 
be determined based on transportation and 
handling requirements. 

2. (a) The maximum dimension for non-com- 

posite or prestressed composite panels 
should not exceed: 

L = 48t 

where: 

L = maximum dimension, in. 

t = overall thickness of panel excluding 
any ribs, in. 
(b) The maximum dimension for non-pre- 
stressed composite panels should not ex- 
ceed: 

L = 48c 
where: 

L = maximum dimension, in. 

c = overall thickness of panel minus 
thickness of insulation, in. 

In addition, the area of a composite panel 
should not exceed about 40 sq ft. These sug- 
gested restrictions on length and area are empir- 
ical, and are based on experience that compos- 
ite non-prestressed panels tend to bow to a 
greater degree than non-composite panels. 

3. The maximum dimension from that point on 
a composite panel where the two wythes are 
rigidly connected to the furthest free edge 
should not exceed approximately 15 ft, un- 
less the panel is prestressed, or experience 
indicates otherwise. 

Special procedures which will reduce the 



differential shrinkage rate, or differential tem- 
perature rate will, in turn, permit larger panels. 
Such procedures include: 

a. Use of low shrinkage concrete 

b. Jointing of the non-structural wythe 
(any joints should preferably be com- 
plete all the way to the insulation and 
should be provided from corners of 
large openings in the panels.) 

6.7 WYTHE CONNECTORS 
6.7.1 General Considerations 

When one wythe is non-structural, its weight 
must be transferred to the structural wythe. This 
is generally accomplished by using shear connec- 
tors and metallic tension/compression ties passing 
through the insulation at regularly spaced intervals. 
An alternative to shear connectors is to make the 
bottom of the panel a solid rib which will serve as a 
support and still allow the panel to move without 
restraint that may cause cracking. The solid rib is 
located at the foundation so as not to affect the in- 
sulating value of the panel. 

Tension/compression ties should be flexible 
enough so as not to provide significant resistance 
to temperature and shrinkage stresses in the direc- 
tion parallel to the panel surface. They should 
have sufficient anchorage in each wythe to safely 
transfer applied leads. This can be accomplished 
through hooking around or tying to the reinforc- 
ing as well as bending or deforming of the ties 
ends. Typical tension/compression ties are shown 
in Fig. 6.3. 

At time of stripping, and with the non-struc- 
tural wythe cast face down, ties acting in tension 
will transfer the weight of the exterior wythe, the 
weight of the insulation, and any form suction, to 
the structural wythe. 

During handling, erection and in the final posi- 
tion, ties acting in tension and compression or in 
shear plus flexure, will transfer these same loads to 
the structural wythe. Insulation can participate in 
shear transfer to achieve semi-composite action. 

Under wind pressures (positive or suction), ties 
will act in tension or compression, depending on 
the direction of force. While it is probable that the 
insulation will act to transfer wind compression, 
the possibility exists that the non-structural wythe 
may in time separate from the insulation. Thus it is 
recommended that only the ties, acting in compres- 
sion, be assumed effective. 

Racking loads, such as inertia forces developed 
during seismic action, will also be transferred to 
the structural wythe. The functional behavior of 
connectors is indicated in Fig. 6.4. 
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Fig. 6.3 Tension/compression ties 



Fig. 6.4 Functional behavior of connectors 
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provide 

plastic tips 

to prevent 

rust stains 




Hairpin 



set to 1 " 
correct depth 




bent-up tie 




Welded Wire Fabric 




If the first concrete layer is allowed 
to harden before the second layer is 
placed, this tie should be used and 
fixed to the reinforcement of the 
bottom layer before any concrete 
is cast. 



-3%'— 



7W* 



_%'V stainless steel 

or #3 bar galvanized 



3 /, 6 " V 7 A 6 " 5 /, 6 " 

\ | / 



^T 



T^- 



End Detail 
13 ga. stainless steel wire 



- 6 l / 2 " 



^Dimensions shown will vary, depending on thickness, of 
wythes and of insulation. Tie acts as a spacer on top of the 
insulation and prevents tie from being pushed through the 
front face. 
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Ties, acting in tension 
transfer weight of lower 
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B-l B-2 

B. | Ties, acting in tension or 
compression, transfer weight 
of exterior wythe (B-1) 

Rigid connector transfers weight 
of exterior wythe by shear and 
flexure (B-2) 



Ties, acting in 
tension or 
compression, 
transfer wind 
forces 
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2- Ties, similar to B above, transfer 
lateral forces applied to one wythe 



6.7.2 Shear Connectors 

Bent reinforcing bars up to 1/4 in. in diameter 
are bent into configurations shown in Fig. 6.5a, b 
and c. One leg of the bent bar can carry the vertical 
shear load. These bars are usually placed along the 
horizontal axis of the panel. Sometimes placement 
along the vertical axis is added because of panel 
rotation, torsional stresses or special shear require- 
ments. The necessary tension/compression ties are 
usually straight rebars with the ends bent to obtain 
anchorage in the concrete wythes. 

Sleeve anchors (generally up to 20 in. in dia- 
meter) may be used to connect the two concrete 
wythes (Fig. 6.5d). Since movements due to 
temperature differentials radiate away from the 
panel center, no restraint to the movement of the 
suspended wythe exists, permitting free floating of 
the non-load bearing wythe. The metal sleeve, in 
conjunction with anchorage bars, carries all applied 
shear loads from any direction. 
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Expanded metal can be installed or tied to the 
reinforcing to connect the concrete wythes (Fig. 
6.4e). Cut sections (approximately 8 in. long) or 
continuous sections may be used to provide a one 
directional shear capacity. Simple tie rods or re- 
bars are also used as tension/compression ties to 
resist wind loads and individual layer separation. 

6.7.3 Ribbed Panels 

For ribbed insulated panels it is best to position 
the wythe connector in the rib area of the panel. 
By so doing, it will be easier to position and assure 
proper embedment depths for an effective connec- 
tion between the two concrete wythes. 

Due to expansion and contraction it is prefer- 
able to have only one anchoring center. In a panel 
with two ribs a shear connector can be positioned 
in either one of the ribs and in the other rib, a flat 
anchor can be positioned vertically. It should have 
the same vertical shear capacity as the shear con- 
nector, and should be located on the same horizon- 
tal axis. The flat anchor has little or no horizontal 
shear capacity and therefore restraint of the exter- 
ior concrete face is minimized (Fig. 6.6). In a mul- 
ti-ribbed panel, the shear connector should be 
positioned in the rib closest to the middle, and flat 
anchors used in the other ribs. 



Fig. 6.5 Typical shear connectors 



Fig. 6.6 Anchorage for ribbed panels 




M~^~ti 



shear 
connector 




connector pins 
@ 24 M o.c, 

flat sleeve anchor 
with 1/4" dia. rods 



r 

B 

L 







SAFE 

LOAD 

kips 



A (in.) 



6V4 



12V2 



18 3 A 



25-1/8 



B (in.) 



6-1/8 



6-1/8 



6-1/8 



6-1/8 



NOTE 



Use a minimum of 2, 1 A 
diameter rods top and 
bottom of flat sleeve 
anchor to maintain 
stability. 



6.7.4 Material 

Wire tie connectors are generally 12 to 14 gauge, 
and preferably of stainless steel, Type 304 or 316. 
Galvanized metal ties are acceptable, provided that 
subsequent deformation does not destroy the pro- 
tective coating. Plastic connectors are also accept- 
able provided that test information which is 
deemed sufficient by the Structural Engineer is 
made available. 

Ties of welded wire mesh, conforming to ASTM 
A 185, or reinforcing bars, conforming to ASTM A 
305, are acceptable. Shaped, crimped, or bent ties 
should be cold bent. 

Ties should be so arranged, or coated, that gal- 
vanic reaction between the tie and adjacent panel 
reinforcing will not occur. 

Connectors which are intended to accommodate 
differential movement between wythes should be 
sufficiently ductile so as to prevent failure when 
subjected to 5000 cycles of reversal at an ampli- 
tude of 1/8 in. 
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6.7.5 Arrangement 

Satisfactory connector design requires an assess- 
ment of panel geometry and weight, anticipated 
movement of the exterior wythe, and a knowledge 
of tie material strength and flexibility character- 
istics. 

The exterior wythe will move in response to 
environmental changes and concrete shrinkage. To 
accommodate this movement without damage, the 
connectors should be sufficiently flexible (in the 
direction of movement) so that undue restraint 
will not develop. In the erected position, the device 
which transfer the weight of the non-structural 
wythe to the structural wythe should ideally be a 
single element or a closely spaced pair of elements 
located at the center of the panel. This arrange- 
ment will permit the non-structural wythe to con- 
tract and expand with least total restraint (Fig. 
6.7a). The single point connector need not neces- 
sarily be at the center of mass; however, a limita- 
tion of 1/8 in. maximum differential movement be- 
tween wythes is suggested. The single point con- 
nector could be moved up or down the vertical 
centroidal axis if the panel will not be rotated dur- 
ing erection. As one alternative, the ties can be 
located along two lines at right angles, the inter- 
section of which is coincident with the center of 
mass of the panel (Fig. 6.7b). In any event, those 
ties which are used solely to transfer weight during 
stripping (tension ties) or direct wind forces (ten- 
sion or compression ties) should not unduly re- 
strain lateral movement. 

The spacing of tension and compression ties 
within the field of the panel should preferably be 
approximately 2 ft on centers, but in any event not 
greater than 4 ft on centers or at least two ties per 
10 sq ft of panel area. Around the perimeter of the 
panel, and the perimeter of openings larger than 2 
ft, ties spacing should not exceed 2 ft on centers 
(Fig. 6.7). Experience indicates that these spacings 
will assure proper performance and contain wythe 
bowing to acceptable levels. 

When shear connectors cannot be located so that 
their center of resistance coincides with the center 
of mass of the supported wythe, added tie forces 
due to torsion should be considered. Similar consi- 
deration is required when the lateral (racking) 
force is not coincident with the center or resistance 
in that direction. These torsional and lateral forces 
are generally resisted by wire ties, oriented in 
the direction of force. When the applied loads 
change in direction (i.e., during panel rotation) 
pairs of ties, inclined at 45 deg, can be used. 

6.7.6 Allowable Loads on Connectors 

1. Connectors should be designed for the fol- 
lowing minimum factors of safety: 



Fig. 6.7 Arrangement of connectors between wythes 
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One device transfers weight of non-structural wythe to 
structural wythe, as well as any racking shear. 
Ties spaced in the field of the panel transfer direct wind 
forces and stripping loads from the non-structural wythe to 
the structural wythe. 

very flexible in vert, dir. 

very flexible in horiz.dir. 
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PLAN SECTION 



(b) 



Devices spaced along the x-x axis transfer weight of non- 
structural wythe to the structural wythe. Similar devices 
along the Y-Y axis transfer racking shear from non-struc- 
tural wythe to structural wythe. 

Ties spaced in the field of the panel transfer direct wind 
loads and stripping forces from the non-structural wythe to 
the structural wythe. 



Connectors with a clearly 
definable yield point: 1.6 

Connectors with no clearly 
definable yield point: 2.0 

2. Strength of connectors may be established by 
test. Test procedures should consider strength 
and type of concrete, concrete cover, em- 
bedment length, type of load (direct, shear, 
or a combination, and flexure where appli- 
cable) ductility, insulation thickness, and the 
effects of placement tolerances. 

3. Load capacities of typical connectors are indi- 
cated in Table 6.2. 
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Table 6.2 Load capacities of typical connectors 



A. Sleeve Anchor Dimensions (Based on Normal Weight Concrete f' c = 3,000 psi) 



Safe Load 
(tons) 


Dia. of Anchor 

(in.) 


Anchor Height 
(in.) 


Sleeve 
Anchor Rods 


1 


2, 2V2 


5,6-1/8,7V2 


4 pes. 1/4" dia. x 20" 


2 


4, 4V 2 


5,6-1/8, IVr 


4 pes. 1 A " dia. x 20" 


3 


6, 6V2 


5, 6-1/8, 7V2 


8 pes. 1/4" dia. x28" 


4 


8, 8V2 


5, 6-1/8, 7V2 


8 pes. 1/4" dia. x 28" 



All sleeve anchors fabricated from 20 ga. material (.0359 in.) 
B. Minimum Embedments and Required Anchor Heights 




Max. Insulation 
Thickness (in.) 


Min. Sleeve Anchor 

Embedment Each 

Wythe (in.) 


Min. Sleeve Anchor 
Height (in.) 


Connector Pin 
Dia. Gauge 


Connector Pin + 
Height (in.) 


IY2 


IV2 


5 


14 


4-3/4, 5V2 


2 1/2 


1-7/8 


6-1/8 


12 


5 1 /2,6V4, 8 


3V2 


2 


7 1 /2 


12 


6V4,8 



+ Open end of connector pin must have 2 in. minimum embedment. 

Connector pins, when placed along the edges of a panel, should not be spaced further than 2'-0". Within the 
panel, their spacing should not exceed 4'-0". Table C shows the maximum allowable distance in ft from the 
anchoring center, depending on the connector pin diameter and the insulation thickness, and the safe load of 
wire ties. 



C. Maximum Distance (ft) of Connector Pins From Sleeve Anchor Center 



Diameter of 
Connector Pin 


Insulation Thickness (in.) 


Recommended 
Safe Load per 
Leg of Con- 
nector Pin (Sb) 


(Gauge) 


1 


1Y4 


IV2 


13/4 


2 


2 1 /2 


12 
13 
14 


5 
6 
7 


7 

8 

10 


10 
13 
15 


13 
16 
19 


16 
20 
23 


25 
32 
40 


150 

100 

75 




crimped portion 
to develop 
tensile force 
in leg 



6.8 GENERAL ARCHITECTURAL DESIGN 
CONSIDERATIONS 

The architectural design of precast concrete 
sandwich wall is similar to the design of normal 
precast architectural panels. However, there are 
some special considerations for precast concrete 
sandwich wall panels. 

6.8.1 Bowing 

A recognized problem with precast concrete 
sandwich panels is the tendency of longer panels to 
bow outwards under prolonged exposure to the 
hot sun. Even where this problem is realized and 
considered in design, the possible failure of sealant 
between adjacent panels at corners or where abrupt 
changes in building shape occur, remains a major 



design and construction consideration for success- 
ful performance. The tendency of panels to bow is 
influenced chiefly by panel size, degree of compos- 
ite action, the effect of prestressing, the rigidity of 
connection between the wythes, and daily temper- 
ature variations on the exterior face. Differential 
movement between adjacent panels is not normally 
a problem and through good design and detailing 
practice, the effect of thermal bowing can be 
satisfactorily accommodated. 

1. For panels with large openings, joints in the 
outer wythes at the corners of such openings 
are desirable. These joints should preferably 
be completely through to the insulation layer 
and may subsequently be caulked or treated 
architecturally as the joints between panels. 
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2. Control joints should be provided in large 
panels to break the outer wythe into units 
which will not craze or crack due to bowing, 
extreme temperature changes, or shrinkage 
and creep of the concrete. The pattern for 
such dummy joints becomes an important 
architectural feature and aligning such joints 
with adjacent panels may present problems. 
This can be minimized by having the real 
panel joint expressed as a recess but it may 
not be possible if the outer wythe is already a 
minimum thickness. Alternatively, the pattern 
may be varied and only maintained in alter- 
nate panels, so that a small misalignment will 
not be noticeable. The problem of crazing or 
cracking and the need for control joints in the 
outer wythe can be eliminated by prestressing 
the panels. 

6.8.2 Corners 

Good corner details are essential. This is where 
most problems occur with sandwich wall panels. 
Mitred corners, unless restrained, may not be satis- 
factory. Restrained corners may also cause prob- 
lems unless the panels are adequately prestressed or 
reinforced to resist the restraint forces. Even panels 
with returns are not easy to weather-seal as the 
bowing will be in different planes. In addition, the 
panel with even a small return will be stiffer than 
its neighbour and both joints on either side of a 
corner may suffer. A special corner unit which is 
not necessarily flush with the adjacent panels, can 
be effectively used to camouflage bowing in the 
two different planes (Fig. 6.8). 

6.8.3 Other Wall Materials 

If other materials are incorporated in a wall with 
precast concrete sandwich wall panels, no attempt 
should be made to make this material flush with 
the concrete surface as it is unlikely that this 
material would act and bow like the concrete 
panels. If it is essential that they are in the same 
theoretical plane, it is suggested to frame around 
them with material which is not flush with the 
walls, similar to suggestions for corner columns. A 
door or window frame can be attached to the in- 
side wythe since the movement is confined to the 
exterior wythe (Fig. 6.8). 

6.9 CLADDING PANELS-STRUCTURAL 
DESIGN 

Cladding panels are those wall elements which 
are intended to resist only their own weight and 
those lateral forces which are directly imposed. 

Unintended load transfer from or to adjacent 



panels should be avoided. This is accomplished by 
detailing joints with sufficient space so that the' 
anticipated deformation of the supporting struc- 
ture and the cladding panel will be less than the 
space between. 

The structural wythe shall preferably be at- 
tached to the supporting structure such that this 
wythe is in compression. Hanging of cladding 
panels may be accepted, provided that the ten- 
sile loads are totally resisted by reinforcing. 

Tie backs to the supporting structure, located 
so that a moment couple is developed which will 
adequately provide panel stability, should be pro- 
vided. 

The effect of eccentricity of the exterior wythe, 
and the forces developed on the structural wythe, 
should be considered: 

1. Where the total load W is transferred through 
a single connector, a beam portion of the 
structural wythe, of width not to exceed 8t, 
may be assumed effective, and designed to 
transfer this load to the supporting structure 
(Fig. 6.9a). 

2. Where the total load W is transferred through 
a series of shear connectors, a beam portion 
equal to the spacing between connectors, but 
not greater than 8t, may be assumed (Fig. 
6.9b). 

Fig. 6.9 Effective beam widths for panel design 
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Fig. 6.8 Architectural and structural details 
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6.9.1 Design Example 1 
Non-Composite Flat Cladding Panel 



Handling Insert 



o 

CO 



-12'0"- 



2'6" 



-I 2'6* 



- 2M- 



insert for 
-k handling + 

insert for stripping 




■r insuL 



SECT. 



ELEVATION 

f' c - 5000 @ 28 days 
f' ci = 2500 @ stripping 

/. Stripping Design 
f'ci @ stripping = 2500 psi 
Multiplier = 1.2 

(Table 4.1, Exp. Agg. with retarder) 

Panel Weight Concrete 81.25 psf 

Insulation 1.50 psf 

82.75 psf - 83 

83 x 1.2 x2 2 
-M - ~ = 199 ft-lb 



+M 



83 x 1.2 x6 2 



199 



= 348 ft-lb 




199 ft-lb 



~348 ft-lb 

6 x 348.7 x 12 _ . 
12x42 = 131 PSI 



<3.5 V2500 

•'• panel will not crack o.k. 

Stripping Insert 

R=83x8x-x— = 2.65 k 
6 2 

S.F. for insert - 4 

.'. Provide insert with ultimate capacity = 

4x2.65 = 10.62 k 
2. Handling Design 
By inspection, concrete stresses o.k. 




R = 83 x 8x J 2 = 3.98 k 



S.F. = 4 for insert 

.*. Provide insert with ultimate 
capacity - 4x3.98 = 15.92 k 

Wind Design 

Wind pressure 20 psf 





20 x 1.5 2 
M = r-^- =22.5 ft-lb 



+M 



f 



2 

20 x6 2 



2?^ = 78.75 ft-lb 



8 2 

6 x 78.75 x 12 



29 psi (small) 



12 x4 2 

provide mesh ea. wythe 

A s = .001 x4x 12 = 0.048 in. 2 /ft 
Use same each wythe 

Wythe Connection Design 

a) tension ties: provide tension ties at 2' o.c. 

critical load will be at stripping 

stripping load per tie = 2.5 x 
12.5 x 1.2 x2 2 - 150 1b 

provide 14 ga. hairpin ties - capa- 
city = 150 lb o.k 

b) shear connector: provide one connector at mid- 

point to transfer weight of 
non-structural wythe 

weight of wythe = 2.5 x 
12.5 x8x 12 = 3000 1b 

provide one connector to 
safely carry 3000 lb 



6-13 



I 



-2H 



o o o o 

o o o o 

o o o o 



1 



|;^— 14ga. hairpin ties 



159 — shear connector 

I 

mesh ea. wythe 
jW~048in 2 per ft 



6.9.2 Design Example 2 
Gomposite-Prestressed Flat Panel 
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SECT. 



ELEVATION 



Section Properties (8 ft width) 
A - 672 in. 2 Y t = 4.36 in. 



c 



I = 5706 in. 4 Y, 



4.64 in. ^ 
Z t = 1310 in. 3 Z b = 1229 in. 3 ^1 
w= 7x 12.5+ 1.5 = 89psf 
Stripping Design 
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\ 



-19- 



Stripping multiplier = 1.2 



M 



89 x 1 .2 x 



19 2 



x8 = 38550 ft-lb 



38550x12 . 

f = 7^77; = 353 P S! 



f b = 



1310 
38550 x 12 



376 psi 



1229 



Storage 



By inspection, stresses not critical 




Transportation 

Assume following arrangement is required 

by trucker: 

assume multiplier = 1.7 



-15- 



*V 



_ M= 89 x 17 x 4 2 x 8 = g683ft _ |b 

less than 
stripping 

.. 89 x 1.7x 15 2 _ 9683 
+ M= g— - -x8- — 

= 29201 ft-lb less than stripping 

In-Place Condition 



Wind Force = 25 psf 

by inspection, less than stripping 

Prestress 



Provide the same number of strands in each wythe. 
Since the exterior wythe is thinner, the total pre- 
stress force will be larger than that on the interior 
wythe. There will be a tendency to deflect the 
panel inward, counteracting the usual tendency to 
bow outward. 

Provide 200 psi prestress on 4 in. wythe 



.". P = 4 x 96 x. 200 - 76.8 k 

76800 
Stress on 3 in. wythe = - — — = 

3 x 96 

Use 5-7/16 in. 0, 270-K strands 



267 psi 
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-J 12* 



@ 18 



-1 12' 



Stresses at Critical Load 

Critical load is stripping 
Wythe Stripping + Prestress = Total 



4" 
3" 



+353 
-376 



Horizontal Shear 



v = 



_VQ_ 

lb 



+200 
+267 






+553 psi 
-109 psi .'. o.k. 



* Hiiihiihirihiiiiiii - 



vr 
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Q = 4x96 (4.36-2) = 905 
V = 89x8x1.2xy = 8.12 k 



v 



8120x905 
5706 x 96 



13 psi 



If the total horizontal shear is resisted by the 
very stiff ends, the ends must resist 



V h 



13x10 x 12 



= 780 lb 



which by inspection can easily be accomplished 



originating at remote locations of the structure. 
Generally, they will be continuously supported 
along their lower surface, and will uniformly trans- 
fer the superimposed loads. Shear walls, which 
may, but need not be, bearing walls, provide lat- 
eral load resistance of the structure. 

The allowable vertical load on a bearing panel 
may be determined by the design methods of 
Chapter 5. The design of connections for vertical 
and lateral load transfer is treated in Chapter 2. 



Wythe Connector Design 

Provide tension ties at 2' o.c. Critical load will 
be stripping 

Stripping load per tie = 3 x 12.5 x 1 .2 x 2 2 

= 180 1b 
Provide #13 ga. ties. Capacity = 200 lb o.k. 

Rib Stresses 



The ribs transfer the weight of the outer wythe to 
the foundation. Both the top and bottom rib will 
function. However to be conservative, assume only 
the bottom rib performs. 



i 



check shear 
in this plane 



-4- 



V 
V 
v 



DETAIL AT BOTTOM 

weight of outer wythe 



3 x 12.5x20 - 750 lb per foot 
3 V 1R 750 

2 A 12x 12 



8 psi 



(small 



Bearing Stress 

Assume at erection 2 shims 4 x 8 in. are used 
Total panel weight - 89 x 8 x 20 = 14240 lb 

14240 
Bearing pressure on shims ~ o (4 8) 

= 223 psi o.k. 

6.10 BEARING WALLS AND SHEAR WALLS 
-STRUCTURAL DESIGN 

Bearing panels are those elements which, in addi- 
tion to their own weight, support or transfer loads 
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7.1 GENERAL 

Architectural precast concrete units serving as 
formwork for cast-in-place concrete provide benefits 
for all members of the construction team: 

1. The Architect is free to shape the form, and 
thus the appearance of the structure, with vir- 
tually no restriction. Precast concrete, manu- 
factured in a plant, permits rigid factory-con- 
trolled conditons, thus ensuring a uniformly 
high quality facade in the desired shapes, 
colors and textures. Precasting makes it pos- 
sible to inspect the surface finish before the 
cast-in-place concrete is placed. Form removal 
with its subsequent patching of form anchor 
holes and surface imperfections, and repair of 
other flaws, is eliminated. 

2. The Engineer may, by proper joint arrange- 
ment, employ the form as a contributing por- 
tion of the structural support system. He can 
thus readily achieve continuity and the ductil- 
ity required in zones of high seismicity. Precast 
wall panels may be connected to form struc- 
tural walls by casting in place spandrel beams 
and columns using the wall panels as forms. 
This will transform the usually inactive curtain 
walls into lateral load (seismic) resisting ele- 
ments. Seismic loads will be resisted by the 
building's central core and by the ductile con- 
crete exterior frame with the floor slabs acting 
as diaphragms 1 . 

3. The Contractor will benefit from a reduction 
in the time required for construction. All the 
formwork required for a structure can be man- 
ufactured in advance of concreting. This per- 
mits greater flexibility and continuity in con- 
crete operations. Delays in concreting due to 
time required for preliminary curing of con- 
crete preceding form removal and reerection 
of forms can be eliminated. The precast units 
may be erected quickly and the structure is 
complete when the concrete is placed and 
joints calked. 

Architectural precast concrete units used as 
exterior forms eliminate the need for tempor- 
ary outside forms. Exterior scaffolding is not 
generally required, as work is carried out from 
inside the building, resulting in increased safe- 
ty on the job. Bottom horizontal faces of 
spandrel beams can be formed with precast 
units designed as beams supporting the weight 
of wet concrete and construction loads above; 
also scaffolding or shoring normally required 
to support overhead removable forms, can be 
partly or completely eliminated, thus saving 
the time and cost involved in its erection. Pre- 
casting also permits the use of fewer forms for 



complex shapes such as tapered and curved 
columns. 

The advantages of using architectural pre- 
cast concrete units as formwork can often be 
enhanced only when architect, engineer, pre- 
caster, and general contractor have the oppor- 
tunity to develop a project jointly from the 
design stage. Types of finishes, shapes, efficient 
and economical building modules, structural 
systems, site delivery, erection procedures and 
construction schedules, all become important 
considerations for the successful development 
of the project. 

To determine the feasibility of architectural pre- 
cast concrete form units and the economies they 
may effect, the following aspects of a structural con- 
cept should be considered: (1) desired architectural 
finish; (2) number of repetitive units; and (3) rela- 
tive cost. 

The precast architectural concrete can be consid- 
ered solely as a form, serving only decorative pur- 
poses after the cast-in-place concrete has achieved 
design strength. This is accomplished by providing 
open or compressible joints between abutting pre- 
cast panels and neglecting (or eliminating) bond at 
the interface of the precast and cast-in-place con- 
crete. When the architectural precast concrete unit 
is non-composite with the cast-in-place concrete, 
the reinforcing steel extending from the precast 
into the cast-in-place concrete should be of suffi- 
cient strength to support the formwork unit. Both 
quantity and anchorage should be checked. Some 
stiffening of the reinforcement cage may be re- 
quired. 

In other cases, it may be desirable to establish 
interaction between the precast form and the cast- 
in-place concrete, thus combining the strength of 
both. Shear transfer is accomplished by bond and/or 
mechanical connections. The member may then be 
treated as an integral unit for subsequent applied 
loads, designed in accordance with Chapter 17 of 
ACI 318-77. If the precast element is arranged ver- 
tically (such as a column or wall form) and not 
otherwise supported, the reinforcement that passes 
across the interface should be adequate to support 
the architectural precast unit using shear friction 
theories. This reinforcing should be enough to re- 
strain bowing in the precast element. 



7.2 DESIGN CONSIDERATIONS 

7.2.1 Lateral Pressure of Fresh Concrete 

Forms, ties and bracing should be designed for 
the lateral pressure of fresh concrete. The following 
factors will effect the lateral pressure: 
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Major Effect 


Minor Effect 


where: 


Placement rate 


Slump (when < 4") 


P = 


Unit weight 


Aggregate size 


R = 
T = 
h = 


Mix temperature 


Form finish 


Ambient temperature 


Cement type 




Vibration 






Placing procedure 




7.2.2 La 


Depth of placement 




In addi 



These factors have been evaluated in Ref. 2, and 
with the following limitations, the formulae below 
may be used to determine the forces to be resisted 
by forms, ties and bracing: 

a. Material is normal weight concrete, with a unit 
weight of 1 45 to 1 55 pcf . 

b. Rate of placement does not exceed 10 ft per 
hr. 

c. Vibration is by internal means only; form vi- 
brators, if used, will require a modification 
of the formulae. 

d. The depth vibrated, or revibrated, does not 
exceed 4 ft below the concrete surface. 

e. Retarding admixtures in cold weather are not 
used; if used, will require a modification of 
the formulae. 

f. For heights greater than 18 ft, an interval of 2 
hr should elapse after each 18 ft lift prior to 
continuation. 

g. Slump not greater than 4 in. at point of place- 
ment. 

In Columns, (placement rate could be as high as 25 
ft/hr): 

9000 R 
p = 150+ — zj: — , maximum 3000 psf or 

150h, whichever is least 



T 



In Walls, (where placement rate is less than 7ft/hr) 



9000 R 
p = 150+ — - — , maximum 2000 psf or 



T 



150h, whichever is least 



In Walls, (where placement rate 7 to 10 ft/hr) 
P 



, nn 43400 2800R onnn 

150+ — =— + — = — , maximum 2000 



T 



psf or 150h, 
whichever is least 



In Walls, (where placement rate exceeds 10 ft/hr): 
p = 150h 



lateral pressure, psf 
placement rate, ft/hr 
temperature of concrete in forms, F 
height of fresh concrete above point con- 
sidered, ft 



In addition to pressure induced by fresh concrete, 
the applied lateral forces (service load) on forms and 
bracing should be in accordance with the local 
building code, but not less than: 

a. Wind 10 psf applied to all exposed sur- 

faces, 

b. Columns 2% of the total dead load sup- 

ported by the form, applied as a 
horizontal load to the top of the 
form, 

c. Walls 100 lb per lineal ft of wall, ap- 

plied to the top of the wall form. 
(Walls of unusual height or expo- 
sure should be given special con- 
sideration.) 

7.2.3 Vertical Loads on Forms 

The vertical load supported by forms should con- 
sist of all superimposed dead loads, including a rea- 
sonable allowance for storage of construction mate- 
rials, and a live load. The live load should be in ac- 
cordance with the local code, but not less than 25 
psf applied over the total tributary area. The cross- 
sectional area of column form panels is generally 
not considered in determining either the immediate 
(elastic) or long term (creep) column shortening. 
The thickness of panels should be considered 
when investigating the effect of various tempera- 
ture changes across the column. 

7.2.4 Formwork Accessories 

In the design of formwork accessories such as 
form ties and form anchors, a minimum safety fac- 
tor of 2 based on the ultimate strength of the ac- 
cessory is recommended except that yield point 
must not be exceeded. 

7.2.5 Stresses on Forms 

1. Forms are generally supported in a manner 
which will permit them to act as continuous 
beams. Depending on the location of the lateral 
supports, the spans may be equal or unequal. 
In addition, form supports may not be totally 
rigid. It is generally sufficiently accurate to 
consider that the form acts as a fixed beam be- 
tween adjacent lateral supports. However, the 
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Engineer must make a judgment as to the in- 
clusion in the analysis of additional moments 
and shears introduced by deformation of the 
form supports. 

2. Partially open concrete shapes are commonly 
used to form columns. These U shapes will de- 
velop internal stresses which are a function of 
the stiffness of the sides. Moments and shears 
can be determined by applying theory of en- 
gineering mechanics, with consideration given 
to the effect of internal ties. Ties can generally 
be considered rigid. The internal forces devel- 
oped in U-shaped forms are indicated in Fig. 
7.1. 

3. The internal stresses produced by the temper- 
ature rise of the form, as the cast-in-place con- 
crete is placed, can generally be neglected. Mo- 
ments developed due to uniform temperature 
rise for U-shaped forms are indicated in Fig. 
7.1. 

Fig. 7.1 Forces Due to internal Pressure 
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for the case of a uniform temperature rise of AF 
and where: 

E = modulus of elasticity 
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Typical Application of U-Shaped Form 
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hold precast facings ( 
in place 
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7.2.6 Deflection 

I.The Contract Documents should specify the 
maximum acceptable deflection of the form 
when it is subjected to loads imposed by fresh 
concrete. Generally, this deflection is limited 
to 1/360 of the unsupported height or length. 
However, the total deflection, which is the sum 
of the form deflection due to fresh concrete 
plus the deflection of the member under super- 
imposed loads, should not exceed the value 
specified by Chapter 9 of ACI 318-77, or the 
Contract Documents, for the specific member 
type. 

2. Deflection of beam forms, and warping of wall 
forms, may result due to the differential shrink- 
age of precast concrete and cast-in-place con- 
crete. These anticipated movements should be 
calculated as part of Item 1 above 3 . 

3. Cambering of architectural precast forms is ex- 
pensive. Unless there is a sufficient number re- 
quired to make it economically feasible, this 
procedure should be avoided. 

7.2.7 Crack Control 

In order to minimize or eliminate form cracking 
due to the pressures induced by the fresh concrete, 
the design procedures for limiting tensile stresses 
and providing reinforcement, as indicated in Chap- 
ter 4, should be followed. Where the member is long 
enough to develop strand bond, pre-tensioned forms 
may also be an economical solution to insure against 
unsightly cracking. 

7.2.8 Composite Design 

Interaction between precast forms and cast-in- 
place concrete can be achieved by providing for the 
transfer of calculated shear forces at the interface. 
Effective composite behavior will significantly in- 
crease the strength of members and reduce their 
deflection. 

1. For flexural members, the standard methods 
of calculation as delineated in Chapter 17 of 
ACI 318-77 are applicable. With shear transfer 
provided for, the entire member can be treated 
as a monolithic member of the same cross-sec- 
tion. Under service loads, the flexural strength 
of the composite member will be generally 
greater than that of a cast-in-place member, 
due to the higher modulus of rupture of the 
precast element. Durability, which is a function 
of crack width, will also be improved. Design 
of composite flexural members using precast 
as forms requires location of form joints in 
areas remote from points of high moment, 
since any reinforcing in the precast must be dis- 
continued at that location. With the joint so 
located, the shear at that section can usually 



be adequately resisted by the reinforcing con- 
tained in cast-in-place concrete. 

2. For compression members, the standard meth- 
ods of calculation for strength at ultimate load 
are applicable, as given in Chapter 10 of ACI 
318-77. For these members, it is of course 
necessary that the joint in the precast form be 
so constructed to permit transfer of all anti- 
cipated axial loads, and that the interface be- 
tween precast form and cast-in-place concrete 
transfer calculated shears. However, if the joint 
in the precast form is filled with a flexible ma- 
terial, the advantage of the precast is not lost. 
In the area remote from the joint, the com- 
bined action of precast and cast-in-place will be 
effective and thus the stiffness of the compres- 
sion member may be calculated on the basis of 
the gross section. This can be of particular im- 
portance for long slender columns. 

Initially, axial loads will tend to be distrib- 
uted to the two components of the column in 
accordance with their individual axial stiff- 
r. asses. However, over a period of time there 
will be some redistribution of load from the 
more highly stressed component to the other 
due to the effects of creep 4 - 5 . 

3. Walls act either as compression members or 
flexural members, depending upon the direc- 
tion of applied load, and the previous discus- 
sions are applicable. In zones of seismic acti- 
vity, present codes treat walls subjected to lat- 
eral loads as non-ductile, with an appropriately 
high multiplier to establish design base shear. 
However, it is known 6 that the ductil ity of walls 
is dependent upon the location of the reinfor- 
cing; with the required reinforcing located at 
the ends of the walls, ductile behavior will be 
significantly improved. One possible method 
of achievingductile wallswith precast concrete 
is indicated below: 

c.i.p. column 
precast panel /stirrups 




neoprene 



7.3 CONSTRUCTION CONSIDERATIONS 
7.3.1 Genera! 

Realistic assumptions with regard to construction 
techniques are required for this design concept. It 
must be determined how and where the precast 



panels will be supported during concreting in order 
to design the proper reinforcement within the pan- 
els. A mockup section may be necessary to test the 
construction procedures before the job gets under- 
way. Such a mockup will also assist in determining 
panel shape, size, finish, joint placement and con- 
nections. 

Concrete form panels should be erected and tem- 
porarily braced to proper grade and alignment in 
such a way that the tolerances specified for the fin- 
ished structure can be met. Temporary bracing for 
the panels generally consists of adjustable pipe brac- 
ing from panel to floor slab. Supports, braces, and 
form ties should be stiff enough so that their elas- 
tic deformation will not significantly effect the as- 
sumed load distribution. Form ties may be attached 
to embedded strap anchors (Fig. 7.2a) or threaded 
inserts provided in the panels for that purpose, (Fig. 
7.2b) or welded to plates cast in the panels. Ties are 
then fastened in the conventional manner with hard- 
ware on the other side of the interior wood or steel 
forms. Column forms may use column clamps or be 
wrapped with steel bands to aid in resisting hydro- 
static pressure. 

Fig. 7.2. Typical Form Ties 
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Attachments between precast form and structural 
elements (such as steel columns) should be detailed 
to provide the field adjustments necessary. 

Contact area between precast concrete and exter- 
nal braces should be protected from staining and 
chipping. 

Following installation of form, the reinforcing 
steel and interior formwork are placed, and con- 
creting carried out. Thorough consolidation of con- 
crete behind the precast forms is required to prevent 
voids which would interrupt the bond of the form 
to concrete. Voids might also trap water which cou Id 
show through as staining on the panel face and cause 
damage in freeze-thaw cycles. Care must be exer- 
cised to prevent damage to concrete panels by con- 
tact with vibrators. 

7.3.2 Joints 

Architectural surfaces require mortar-tight joints 
so that concrete does not leak and mar decorative 
facings. Methods used to close joints include but- 
tering on the inside with mortar (units may also be 
bedded on mortar when designed to accept load 
transfer through the precast), and gasketing with 
low density, closed cell neoprene rubber or other 
durable permanent, resilient materials. Gasket ma- 
terial should be wider than the joints to be filled so 
that they are installed under light pressure over the 
whole length of the joint. Depending on design de- 
tails, joints may require filling or calking after con- 
creting is completed. 

Where form panels are non-composite, the joint 
material should be such as to prevent load transfer. 
Where form panels are intended to act compositely 
with the cast-in-place concrete, the joint material 
should be mortar or other non-staining material of 
sufficient strength to transfer the intended loads. 
For joints exposed to the environment, mortar 
should be raked back from the face, and the joint 
calked. 

Some precaution and special details may be re- 
quired to take care of differential shrinkage or creep 
between cast-in-place concrete and precast concrete 
used as forms for columns or load-bearing walls 3 . 
Stress relief may be simply handled in the design of 
the joints in the precast forms at the top and bottom 
of vertical structural components carrying axial 
loads. Creep in the precast units could ultimately 
lead to more uniform distribution of the compres- 
sive forces. 

Horizontal construction joints should be made 3 
in. below the top edge of the panels used as perma- 
nent forms rather than in line with horizontal form 
joints. This reduces the possibility of water leakage 
through the construction joints. Such offsetting of 
joints may also be considered to take the place of 
formed shear keys in the joints except where high 
shear stresses exist. 



7.4 DESIGN EXAMPLE 1 



Problem: 



Design a precast panel to be used as a wall form. 

Given Data: 

Placement rate 4 ft per hr 
Concrete temperature 90F 



i® 



o 

CN 



;S- 



2V 2 



IEV- 



C.I. p. 
cone. 



jS 



■precast 



& 



PLAN 



back 
' form 



SECTION 

Design for Pressure of Wet Concrete 

Assume a form section as shown. The thickness 
of the precast form may be limited by the required 
concrete embedment of the form tie anchorage. 
Assume that a 5" thickness of concrete is necessary 
to provide proper anchorage. We could either use a 
constant thickness panel of 5", or, as in this case, 
choose a ribbed section with a rib depth = 5", and 
rib spacing as required by tie spacing. Since place- 
ment rate is < 7' per hr: 

<rft , 9000R ,,,„ , 9000x4 ccn x 
p = 1 50 + — — = 1 50 + — — = 550 psf 

If we assume height of fresh concrete above point 
considered is also 4', 

p - 150x4 = 600 psf. 

Use least, or 550 psf. 
Check Flexure 

Neglecting effect of ribs, assume the 2 1/2 in. 
panel acts as a beam between form ties. Assume a 
fixed beam of 24" span. 



w/ 2 2 2 

M = ^y = 550x i2 = 183.33 ft-lb 



6M _ 6x 183.33 x 12 
bd 2 " 12x2.5 2 



176 psi 
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if f' c = 5000 psi, the ma ximum a llowable tension (to 
prevent cracking) is 5 v 5000 = 353 psi > 176 
psi o.k. 

Provide reinforcing to develop an ultimate mo- 
ment capacity > 1.4M = 1.4 x 183.33 = 257 ft-lb. 

Try 6 x 6 - W4.0 x W4.0 
A s = 0.08 in 2 ./ft 
T u = 0.08 x 60 = 4.8 k 
a = 4.8- 0.80 x 12x5 = 0.10 in. 
d as 1.12 in. 

M. --°*£«( 1 . 12 -°J°)-3 8B f,.|b 

> 257 o.k. 
Use 6 x 6 - W4.0 x W4.0, centered 
Check Shear 

V = 550 x (2-2) = 550 1b 

V u = 550 x 1.4 = 770 lb 

v u = 770 + (0.85x 12 x 1.12) = 67 psi o.k. 



Design for Pressure of Wet Concrete 



p = 150 + 
= 950 psf 



9000 R 



= 150 + 



9000 x 8 
90 



if we assume height of fresh concrete is 6 ft 
above point considered, 

p = 150x6 = 900 psf < 950 

Use 900 psf 



Check Flexure 



h 

h 

k 
N 



= 36 - 2 - 
= 36 - 3.50 

= I, 



3.50 



= 32.25" 
= 32.50" 



B 



o 
? B 



I 



2 h . 

X T = 1 



II " l 

= 2k + 3 = 5 



T" 
h 



tie 



-lp" t["i: 



h3.50* 



o 

CNJ 



Note : Also check panel for stripping, handling, and 
transportation. 



7.5 DESIGN EXAMPLE 2 



Problem 



Design a precast concrete column cover to act as 
form 

Given Data : 

Placement rate 8 ft per hr 

Concrete temperature 90 F 



€j 



<& 



«i 



-— 34-H^2" 






^ 



*£ 



■;a 



— -& 



I 

( 



7» 



■ e ■ >( C\J 



,& 



P 



SECTION 



h~ 36'^ 




PLAN 



M B = 



w 



4N 
900 



4x5 
6M 



(I 2 +h 2 k) 

- (2.708 2 +2.688 2 ) = 655 ft-lb 



bd : 



6 x 655 
" 12x3.5 2 x12 = 340 P si 



if f' c = 5000 psi, the maximum allowable 
tension (to prevent cracking) is 

5V5000 = 353 psi > 340 psi o.k. 

Provide reinforcing to develop an ultimate 
moment capacity > 1.4 M 

= 1.4x655 = 917 ft-lb 

Try W6 wire @ 6" o.c. A. = 0.12 in. 2 /ft 



T u = 0.12x60 = 7.2 k 



a 



M. 



7.2 
0.80 



x 12x5 = 0.15" d = 1.75" 



0.9 x ™ (1.75- -^-) = 905 



12 



= 917 say o.k. 



Use 6 x 6 - W6.0 x W6.0 
Tie Force 



H = 



h 



655 
2.687 



= 244 lb/ft 
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if ties are spaced 2' o.c., tie force = 2x 244 

= 488 lb 

3" 
Use — x 1 " strap (A 36); Weld to embedded 

plates 
Check Shear 

V = 950 x ^~ = 1286 1b 



Loads 



Plank 



.055 xf y + 0.67 1 - 0.697 k/ft 

3" L.W. topping .030 x y - 0.360 k/ft 

C.I. P. LW. Beam = 0.300 k/ft 

Fascia Beam (area = 420 in. 2 ) = 0.438 k/ft 

24 
Construction LL .025 x~ = 0.300 k/ft 



V, 



1286x1.4 - 1800 1b 



V,. 



1800 



Vu " 0.85 bd " 0.85 x 12 x 1.75 
- 101 psio.k. < 2\^T 

Note: Also check form for stripping, handling, 
and transportation. 



7.6 DESIGN EXAMPLE 3 



Problem 



Design a precast concrete fascia to act as a form for 
a cast-in-place spandrel beam 

Comment: In this example, the precast fascia will 
be checked as a beam supporting those loads only 
imposed during construction/The fascia will be 
braced from the floor below to prevent twist. 



erection ties 




_24'i— k-24"— -> 
SECTION PROPERTIES 



A - 420 in, 2 

L= 167,022 in? 

-x S t = 4417in. 

S b = 7528 in. 



In 



Moments 

Column Spacing = 20' o.c. 
Column size = 2'x 2' 

(20- 2) 2 
M DL = 1.795 x — — - = 72.70 
o 

(20- 2) 2 
M LL = 0.300 x— — ; - 12.16 
o 



84.86 ft-k 



Stresses 



f, = 



f b = 



Shear 



84860 x 12 
4417 

84860 x 12 
7528 



= 231 psi 

= -135 psi 
(Stresses low) 



V u = (1.795 x 1.4 + 0.3 x 1.7) 



18 



= 27.21k 



by inspection shear stresses 
low for this deep beam 

Note : Also check fascia for stripping, handling, and 
erection. 

Wind 

Assume 10 psf wind pressure 
W = .010x5 = .050 k/ft 



M - .050 x 



18 2 



= 2.02 ft-k (small) 



7.7 DESIGN EXAMPLE 4 



Problem 



Design a retaining wall employing a precast con- 
crete panel on the exposed side. Precast to act 
compositely with cast-in-place. 
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Given Data 

Level backfill, no surcharge Soil @ 100 pcf 
Soil Pressure = 29 psf 
Allowable Bearing 2 tons/s.f. 
Concrete: Precast 5000 psi 

Cast-in-place 3000 psi 
Steel: #5 & larger A 615-60 

other A 615-40 

Check Overturning about Toe 



H 1 = .029 x 16 - 1?2 = 3.79 k 



M ot = 3.79 x 



16.17 



= 20.43 ft-k 



W 2 

w, 



S.F. 



.175 x 15 = 2.625x2.75 = 

.175 x 8 = 1.400x4.00 = 

.100x15x4.67 = 7.005 x 5.67 = 
11.03 

52.54 



52.54 



20.43 



= 2.62 o.k. 



f„ 



11.03 



1 x8 
Wall Reinforcing 



6x 12.05 
1 x8 2 



0.25 k/ft 2 




@ base (15') 



.029x5V6 = 0.60 " K 
.029x10V6-4.83'- K 
.029 x15V6= 16.31 '- K 

M u = 1.7 x 16.31 = 27.7 ft-k 
#5@6" A s = 0.62 f y = 60ksi 
T u = 37.2k 

a = ^ x 5x12 = 0.775 
d a 11.5" 



1= 0.9x^ 111-5 
= 31 ft-k > 27.7 



.78 



precast_ 
concrete 



2.51 




^cast-in-place 

concrete 

J 
o 



2" drypack 



DETAIL AT BASE 



@ 10' 



Use #5 @ 6" 



M u = 1.7x4.83 = 8.21 

#5@12 A s = 0.31 T u = 18.6 



18.6 
.80 



x 5 x 12 = 0.387 



M u = 0.9 x 1 !!" 111.5 

= 15.8 ft-k > 8.21 

Use#5@ 12" 



1 


6' 

I 


8- 


CM 

7 




C\J 
C\J 

— iF 

i 



.38 



Shear 



Check Base Pressure 
52.54 



0.76 ft 



11.03 
M = 20.43- 11.03x0.76 = 12.05 ft-k 



Check shear at bottom of wall 

V„ = 1.7 H = 1.7x3.79 = 6.44 k/ft 



6440 



0.85 x 12 x 11.5 



= 55 psi 



f„ 



11.03 + 6x1i06. 2 _ g 



1 x8 



1 x8 2 



Check vertical shear between precast and cast-in- 
place concrete 
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v u = 55 psi as above 

We will provide A v minimum as ties 



A, 



ft 



50x 12x 12 
40000 



= 0.18 in. 2 /ft 



Use #4 12" @ 12" vertically 

n @ 24" horizontally 

Check Wall as Form 



Given Data 

Placement rate 3 ft per hr 

Concrete temperature 90 F 

Tie spacing 24" o.c. vertically 

Height of fresh concrete 4 ft 



~|6'|8V 



00 



^-r 



CNJ 



$ 



CM 



Pressure 



p 


,,_„ 9000 x 
= 150+ 90 


3 


= 450 


use 


p 


= 150x4 




= 600 




Moments 

M = 450 x ^ = 


600 ft-lb 




-F 


6x600x 12 




mn r.c; i 


i-onc 



12 x6 2 



< 5^FT 



Note: Check also for stripping, handling, and 
erection 

Reinforcing 

Provide A smin = .001 bt = .001 x6x12 

= .072 in. 2 /ft 
Use 6 x 6 - W4.0 x W4.0 centered 
(A, = .08in. 2 /ft) 



Ultimate moment provided 
T u = 0.08x60 = 4.8k 
4.8 



a 
d 



0.8 x 12x5 

3" 



0.1" 



M u ■ 0.9x48 x (3 -.06) .^^ 

- - r - <" > » - 

7.8 TYPICAL APPLICATIONS 

The projects on the following two pages illus- 
trate some of the more common applications of 
architectural precast concrete units as formwork 
for cast-in-place concrete. The precast units were 
used on projects as wall forms, and column and 
spandrel forms. 
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C.I. P. C QNCPET E 






Precast wall units were used as exterior forms for the cast-in-place columns 
and spandrel beams. Because they were made composite with the columns 
and beams, precast units were an effective part of the structure in resisting 
the lateral (seismic and wind) forces on the Dwight David Eisenhower Army 
Medical Center building. Fort Gordon, Georgia. 



mmti .Hiffffr 

mini 1 1 tiiift 




The load-bearing wall panels for the Jefferson 400 Office Building in Spo- 
kane, Washington also served as forms for the columns. Note the dowels 
extending from the precast wall panel into the ring beam, which is later 
cast together with the structural topping. 





C .1 F. COMC . 



_ WALL FUDDIWG 




The precast concrete wall units for the 1 7-story 1 164 Bishop St. 
Office Building, Honolulu, were designed to function as exterior 
finish as well as formwork for the cast-in-place spandrel beams 
and column/mullions. The cavities reduced the weight of the 
panel, thus cutting material requirements and handling costs. 



C^BLE ENCLOSURE 



lMT 





SECT. - SOLO WALL 



C.I. P. CONJCPETE 



SECT. - SPANDREL. &EAM 



The window wall panels for the Florence Bio-Information Center, University of 
Texas, Dallas, served as shores and forms to cast concrete beams and columns. 
Solid precast concrete panels were used as forms to cast the end walls to achieve 
matching exposed aggregate wall surfaces. 
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The composite system used for the Control Data 
Corp. in Houston consists of precast window wall 
units having as their main reinforcing members the 
perimeter columns of the building's steel frame. The 
concrete tube of exterior columns and spandrels 
takes the entire wind load. Panels are used in stiff- 
ness calculations, but not as part of the gravity load 
design. Steef tonnage is reduced because there is no 
interior wind bracing and because the perimeter steel 
columns encased in concrete are slender. 



tfl-ir 


=m 



SPANDREL 
DESIGN FULLY 
COMPO SITE 



The ten story Fidelity Savings Building in Walnut Creek, California wascompleted in 15 
months. The precast panels are integrated into a tube by reinforced concrete columns 
and spandrel beams cast in place, forming a vertical grid with the column and beam lines. 




3PW1C USED TOR UOR1Z. 
DISTRIBUTION Of MCCU 
L1ME3 „_____„_„ 



nr 
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rtf 




DEC 


TION 





PAL5E COLUMN USED 
fOR VERT. DISTRIBUTION 
or MEC M. LINED 



iiliil. 



C.l, P. COLUMN 



Columns for One Allen Center, Houston are spaced 
30 ft. on center with intermediate columns used 
for vertical distribution of mechanicals. Precast 
panels are used to form the composite columns and 
to obtain the desired finish for the structure. 
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precast panel 



i r>uEAR key s, rebar, ; 

\ TIE 6ETWCEN PRECAST/ 
\ AND C i.P. CONCR ETE / 



VERTIC AL RACEWAY OR DUCT 



The 32-story Continental Oil 
Co. (Conoco) Tower, Houston, 
cuts costs by 32% and saved 
25% in construction time by 
using precast wall panels to 
form the columns and span- 
drels for the building frame. 
The 22-story M. W. Kellogg Co. 
Building, in the background, 
used the same formwork sys- 
tem. 



MOKIZ- 5CCT - CORNER COL. 



PRCCAST PANEL 




i '■ f 
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g so 



".BBBB.IM 





CI. P. BEAM 



VERT ^CCT. - SPANDREL 



The cast-in-place columns and 
spandrel beams for the Ameri- 
can National Insurance Com- 
pany Office Building, Galves- 
ton, Texas, are formed with 
precast panels. A false column 
is used as a vertical raceway or 
duct. Note the mock-up sec- 
tions in the left foreground. 
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COLUMN COVERS AND BULLIONS 

PAGE NO. 
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8.2 DESIGN GUIDELINES 8-2 

8.3 DESIGN EXAMPLE 1: COLUMN COVER 8-4 

8.4 DESIGN EXAMPLE 2: PRESTRESSED MULLION 8-5 



8.1 GENERAL 



8.2 DESIGN GUIDELINES 



The use of precast concrete panels as covers over 
steel or cast-in-place concrete columns and beams, 
and as mullions is a common method of achieving 
architectural expression, special shapes, and speci- 
fic finishes in an economical manner. When used 
over steel columns and beams, covers may possibly 
provide the required fire-rating without resorting 
to further protection of the steel (see Chapter 12). 
When used over cast-in-place concrete columns and 
beams, it will often permit achieving a uniformity 
of finish in combination with a special architec- 
tural shape, all in the most economical manner. 
The interior surface of the cover can be readily in- 
sulated, thus minimizing the differential tempera- 
ture variation through the cover thickness. Column 
covers can be multi-functional, providing space be- 
hind for services and exterior grooves for vertical 
window-washing machinery. For a further discus- 
sion of beam covers (spandrels) see Chapter 5. 

Column covers are generally supported by the 
structural column or the floor, and are themselves 
designed to transfer no vertical load other than 
their own weight. The vertical load of each length 
of column cover section is supported usually at one 
elevation, and tied back top and bottom to the 
floors for lateral load transfer and stability. The 
length of column cover will be dependent upon 
transportation and lifting limitations, on architec- 
tural considerations, and upon the ability of the 
structural column to support locally a specific con- 
centrated load (panel weight). In order to minimize 
erection costs and horizontal joints, it is desirable 
to make the covers as long as possible, subject to 
limitations imposed by weight and handling. 

Although column covers are generally treated as 
non-structural with respect to vertical loads, it is 
possible to combine their lateral stiff ness with that 
of the structural column, thus providing a system 
between column cover joints which is significantly 
stiffer than the bare structural column. In order to 
achieve combined stiffness, the shears introduced 
by lateral bending of the structural column must 
be transferred to the column cover. This can be 
accomplished by steel connectors between cover 
and column, or, where the cover is used as a form, 
by extending shear ties into the cast-in-place con- 
crete (see Chapter 7). In tall buildings, this com- 
bined stiffness could be used to advantage by re- 
ducing calculated drift. 

Mullions are vertical elements serving to separate 
adjacent glass areas. They generally resist only 
wind loads applied from the adjacent glass, and 
must be stiff enough to maintain deflections within 
the limitations imposed by window manufacturer. 
Since mullions are often thin, consideration should 
be given to prestressing, to prevent cracking. 



Column covers and mullions are usually a major 
focal point in a structure, and aesthetic success can 
be achieved if careful thought is given to all facets 
of design and erection. Following are some items 
which the Engineer should consider: 

I.The designer must take careful note of the 
allowable tolerances for the structural system. 
This is particularly important for column 
covers and mullions since, as isolated ele- 
ments often forming a long vertical line, any 
deviation from a vertical plane is readily ob- 
servable. Invariably, this deviation is the re- 
sult of the allowable tolerances associated 
with structural steel and cast-in-place concrete 
frames. To some degree these deviations can 
be compensated for by precast connections 
with sufficient adjustability. This need for 
adjustability must be recognized during de- 
sign and clearances established which will 
reflect realistic tolerances. In any event, the 
designer should anticipate a planned clearance 
of at least 1 1/2 in. between precast and struc- 
ture. For steel columns, the designer should 
consider the clearances around splice plates 
and projecting bolts. Reference should be 
made to Chapter 3 and particularly to Ref. 6 
of that Chapter. 

2. Provide support at only one location for ver- 
tical loads, and at additional locations for lat- 
eral loads and stability. When access is avail- 
able for an intermediate connection for lateral 
support or the restraint of bowing, such con- 
nections are worth considering. The problem 
of access is compounded when all four sides 
of a column are covered for a height exceed- 
ing the length of a precast cover. Sometimes 
this problem can be solved by welding the 
lower piece to the column and anchoring the 
upper piece to the lower with dowels set in 
grout, or by a mechanical device that does not 
require access by a welder or a steel worker, 

3. Column covers and mullions which project 
from the facade will be subjected to loads im- 
posed from shearing winds. Connections act- 
ing to provide a moment resisting couple are 
required to resist these forces. 

4. Members which are exposed to the environ- 
ment will be subjected to the effects of tem- 
perature and humidity change. Horizontal 
joints between abutting precast covers and 
mullions should be of a width which will per- 
mit length changes and rotation due to tem- 
perature gradients across the width of the 



Fig. 8.1 Typical connections for column covers 




support 
angle 



steel 
dowel pin 

hole cast in 
col. cover 




support 
angle field 
welded to 
cast-in 
plate 



steel bar 

field welded 

to anqle 



« .slot in angle, 

ield weld 

angle to pin 
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precast. The behavior of thin flexible mem- 
bers will be improved by prestressing. 

5. Due to vertical loads and the effects of creep 
and shrinkage in cast-in-place concrete col- 
umns, structural columns will tend to shorten. 
The width of the horizontal joint between 
abutting precast covers should be sufficient to 
permit this shortening to occur freely. 

6. The designer must clearly envision the erec- 
tion process. Column cover connections are 
by their location often difficult to reach and, 
once made, difficult to adjust. 

7. Use of insulation on the interior face of the 
column cover reduces heat loss at these lo- 
cations. Such insulation will also minimize 
temperature differentials between exterior 
columns and interior of the structure. 

8. Combine the column cover or mullion with 
adjacent spandrel to minimize joints. 

Typical connection details are illustrated in Fig. 
8.1. A connection detail for a single-story column 
cover is shown in (b), while (c) illustrates a detail 
for a multi-story column cover. Generally, the pre- 
cast elements forming column covers and mullions 
are supported near their bottoms; however, they 
may also be hung as illustrated by (d). Where welds 
are shown, the substitution of bolts can be made if 
desired. The column covers are detailed to provide 
1 1/2 in. minimum clearance; depending on the 
application, a larger clearance may be required. All 
joints are caulked after completion of the con- 
nection. 

8.3 DESIGN EXAMPLE 1: 
COLUMN COVER 



SECTION PROPERTIES 



h^z 



6.60" 
3.40" 



A 



= 94 in. 2 Y, = 6.60 in. 



I = 858 in. 4 Y b = 3.40 in. 
z t = 130 in. 3 
z b = 252 in. 3 

Weight = 98 ~ 100 plf 



STRIPPING DESIGN 



J 



■12'- 



.J 



2'\ 



Use multiplier 1.3 (Table 4.1) 
M = 100x1.3x 12 2 /8 = 2340ft-lb 
f, = 2340 x 12/252 = 111 psi 
f 2 = 2340 x 12/130 = 216 psi 

Stripping strength required for no 
cracking = /216V = 1866 psi 

\5 ) Use 2500 psi 

STORAGE & TRANSPORTATION 



e: 



u 



-10'- 



3^ 



Transportation will control 

Assume multiplier - 1.5 

-M= 100x1.5x3 2 /2 = 675 ft-lb 

+M= 100 x 1.5 x 10 2 /8-675 = 1200 ft-lb 

by comparison with stripping, not critical 



CONDITION-IN-PLACE 



ARRANGEMENT 
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floor 
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floor 




tj- 






SECTION 



1.6 K 



ll.6 K 

a) Dead Load 




-J3'U 



Weight = 100 x 16 = 16001b 

T = C = 1600 x 3/16 x 12 = 25 lb (small) 
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b) Wind 

Wind pressure = 35 psf 

W= 35x21/12 = 61 plf 

M= 61 x 16 2 /8 = 1952 ft-lb 
by comparison with previous calculations, stress- 
es low 

REINFORCING 

Provide flexural reinforcing for wind. Since wind 
acts alone, assume required safety factor = 
1.7x0.75 = 1.28 



for M wu = 2499 

d = 10- 1 =9" 
b = 21" or 5" 

reinforcing required very small 
use WWF 

WWF 



ri.j 

\ -21" -I 



M wu = 1952 x 1.28 = 2499 ft-lb 



A s = .001 x 2.5x12 = .03in. 2 /ft 



ARRANGEMENT 



8.4 DESIGN EXAMPLE 2: 
PRESTRESSED MULLION 

floor 



Elevation 



/ 


/ 






/ 


/ 
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/ 
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X 

yy 










mullions 10'o.c. - 





o 



floor 



o 



o 

(N 



floor 



D=f 



tie back connection 
(vertical slip joint) 



tF 



-T 



tie back connection 
(vertical slip joint) 



4F" 



Section 



j_ tie back and support 

connection 



SECTION PROPERTIES OF MULLION 




A 


= 


144 in. 2 


I 


= 


6656 in. 4 


Weight 


= 150 lb/ft 


Y t 


= 


10.67 in. 


Y B 


= 


13.33 in. 


z, 


= 


624 in. 3 


z P 


= 


499 in. 3 



Use multiplier 1.3 (Table 4.1) 

-M - (150 x 8 2 /2) x 1.3 = 6240 ft-lb 

+M= (150 x24 2 /8)x 1.3- 6240= 7800 ft-lb 



@ Cantilever: 



f top = 6240 x 12/624 
f bott - 6240 x 12/499 



120 psi tension 
150 psi 



STRIPPING DESIGN 



@ Midspan: 



-8'- 



■24'- 



■8- 



t 



7800 x 12/624 = 



top 

f bott = 7800 x 12/499 



150 psi 

188 psi tension 
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HANDLING AND STORAGE DESIGN 

Mullion will be stored in same position as 
stripping 



TRANSPORTATION DESIGN 

assume supports as shown, and 
multiplier = 1.7 (Table 4.1) 



U«'- 



-28' 



-6'— I 



-M - (150x6 2 /2)x 1.7 = 4590 f Mb 

+M = (150 x28 2 /8)x 1.7- 4590= 20400 ft-lb 

f top = 20400x12/624 = 392 psi 
f bott = 20400 x 12/499 = 491 psi 



IN PLACE DESIGN 

Wind Force = 25 psf W = 25 x 10 = 250 plf 
Mullion Spacing = 10' 

wind load 

\> , 



20' 



18' 



CONNECTION FORCES - IN PLACE - @ ERECTION 

r>0.l93 K 



r 



< *-0.l93 K 

e~10.67"+4"=14.67" 



W = .150x40 = 6 k 
6x 14.67 



T = C 



12x38 



0.19 k 



-—mullion 
t~ floor 



Refer to Chapter 2 for Connection Design 



@ Point B: M 



250 x 19 2 /8 = 11280 ft-lb 
< 20400 



PRESTRESS 

Provide prestress for transportation stresses 
Allow, tension = Sx/fcT, and f ' ci = 5000 psi 

Prestress req'd. = 491 - 5^5000= 137 psi 
Provide concentric prestress 





P =.137 x 144 = 19.73 k 


i 


use 2 strands 3/8" - 250K 


' I 


P =* 2x 11. 2 k /- 


■<^-y- 


P/A - 22.4/144 = 155 psi 


ro 4 

co i 




Stresses @ Transportation 




Loads Prestress Total 


top 
bott 


329 psi +155 psi 484 psi 
-491 psi +155 psi -336 psi 
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9.1 GENERAL 

Finishes with materials other than normal con- 
crete aggregates, such as natural cut stone, brick, 
structural tile, and architectural terracotta (ceramic 
veneer), provide a great variety of textures for pre- 
cast units. 

Some of the advantages found in the usage of ve- 
neer faced panels are: (1) veneer stock can be used 
in thinner sections than the stock required for stan- 
dard set construction; (2) multiplane units, such as 
column covers, spandrels with integral soffit and sill 
sections, deep reveal window frames and parapet sec- 
tions which are impractical to construct convention- 
ally are more easily assembled with veneer units on 
precast elements (Fig. 9.1); and (3) in many in- 
stances, the erection of the precast units is found to 
be faster and more economical than conventional 
construction because the larger panels incorporate 
a number of veneer pieces. Often it is desirable to use 
one of the veneer materials in a traditional manner 
around the lower portion of a building and extend 
a similar finish up the exterior. Precast concrete pa- 
nels faced with the same or matching veneer offers 
a flexible and economical way of achieving the de- 
sired results. 

The fabrication, handling and erection of ve- 
neered precast concrete units followsclosely thatof 
precast concrete wall panels. Special consideration 
must be given to the veneer materials and its attach- 
ment to the concrete. The engineering properties of 
the facing material must be obtained and compared 
to similar properties of the concrete back-up panels. 
These properties include: 

1 . Tensile, compressive and shear strengths 

2. Modulus of elasticity 

3. Coefficient of thermal expansion 

4. Volume change with moisture content 

Facing materials are not necessarily homo- 
geneous. Some natural stone veneers may have 
planes of weakness producing different values for 
engineering properties depending on the orientation 
of the applied force with respect to the natural 
planes of the material. 

Attachment of facing materials (bond and/or me- 
chanical anchorage) must be evaluated in terms of 
stresses to which the panel will be subjected, such as: 

1 . Shrinkage of concrete during curing 

2. Flexural stresses of panel during handling and 
transportation 

3. Thermal response caused by different coeffi- 
cients of expansion and by differing in-service 
temperatures (constant interior temperature 
vs. widely varying exterior temperatures) 

4. In-service panel loadings 



Fig. 9.1 Applications of veneer faced precast 
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The concrete, after its initial set, begins to shrink 
as it loses excess water to the surrounding environ- 
ment. If the veneer faced panels are bonded, the 
shrinkage of the concrete is restrained by the facing. 
The result is compressive stresses in the facing and 
tensi le stresses in the concrete at the veneer-concrete 
interface. In a simple span, which is the case for most 
veneer precast panels, the deformation resulting 
from these stresses will cause an outward bowing of 
the veneer surface. The flat surfaces and straight ar- 
rises of cut stone reveal bowing far more prominent- 
ly than in regular concrete panels. Therefore, bowing 
is a critical problem even though the rigidity of the 
cut stone helps to resist bowing. 

Cracking in the veneer may occur if the bonding 
or anchoring details force the veneer pieces to fol- 
low the bowing. This is particularly critical where 
the face materials are large (cut stone) and the con- 
crete shrinkage is significant. To control concrete 
shrinkage necessitates close attention to mix design, 
continuing control of water and cement content in 
the mix, and prolonged curing under proper humid- 
ity conditions. 
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Assuming constant temperature across the sec- 
tion, the direction of deflection due to differential 
thermal expansion depends on the coefficients of 
expansion of both the facing and concrete. If the 
facing has a large coefficient of expansion, stresses 
in the panel (under decreasing temperature) will be 
the reverse of those due to shrinkage. For rising 
temperatures, the stresses and deformations will be 
added to that of shrinkage. The reverse situation 
exists for conditions where the coefficient of facing 
is less than that of the concrete. It is desirable, there- 
fore, to utilize a backing concrete which exhibits 
low shrinkage and has a thermal expansion coeffi- 
cient that closely approximates that of the facing 
veneer. 

Even with concrete shrinkage kept to the lowest 
possible level, there will still be some interaction 
with the facing material either through bond or the 
mechanical anchors of the facing units. However, 
this interaction will be kept to a minimum if con- 
sideration is given to a complete bond-breaker be- 
tween the face material and the concrete. Connec- 
tion of natural stone to the concrete should be made 
with mechanical anchors which can accommodate 
some relative movement. That is, of course, a neces- 
sity if bond-breakers are used. One exception is the 
limestone industry which uses rigid, rather than 
flexible connectors. 

The strength of the facing veneer material must 
be known or determined along with the anchor sys- 
tem to assure adequate strength to resist flexural 
stresses during handling, transportation and erec- 
tion. 

Panel design must also include "in-service" re- 
quirements — in other words, the conditions that 
panels will encounter when in final location on the 
structure and subject to the wide range of tempera- 
tures found in most areas. Generally the interior 
surface of panels is subject to a very small temp- 
erature range while the exterior surface (facing ma- 
terial) may be exposed to a range as great as-40F 
to 160F. Major bowing of panels can occur (magni- 
tude of bowing could be 1/240) and the amount 
will depend on: 

I.The temperature differential (exterior to in- 
terior) 

2. Coefficients of expansion of the materials 

3. Ratio of cross-sectional areas of the materials 
and their moduli of elasticity 

4. The use of prestressing or truss type reinforce- 
ment in the concrete element to give great ri- 
gidity 

5. Type and location of connection to the struc- 
ture 

6. Rigidity of connection between veneer and 
concrete backup 



For cut stone finishes, emphasis on samples and 
mock-up units is particularly important, and supple- 
mental tests on the behavior of the unit for antici- 
pated temperature changes may be required. To the 
degree it is possible to test or judge from earlier per- 
formances, durability of the combined unit should 
be investigated. 

Full scale mock-up units with cut stone in actual 
production sizes, along with casting and curing of 
the units under realistic production conditions, are 
essential for each new or major application or con- 
figuration of the cut stones. Bowing should be care- 
fully measured over several weeks in the normal stor- 
age area and the final details of stone sizes and fas- 
tening determined to suit the observed behavior. 

9.2 STRUCTURAL CLAY PRODUCTS 

Clay products which are bonded directly to con- 
crete include brick, structural facing tile, and archi- 
tectural terra cotta (ceramic veneer). Ceramic glaze 
units may craze from freeze-thaw cycles or the bond 
may fail on exposure. Therefore, where required for 
exterior use, the manufacturer of the clay product 
should be consulted for suitable materials. 

Since ceramic-glazed units have very low perme- 
ance to water vapor, it is recommended that a vapor 
barrier be installed on the warm side of walls enclos- 
ing areas in which the average relative humidity may 
be expected to exceed 50%. 

Clay product faced precast panels may be de- 
signed as concrete members, neglecting for design 
purposes, the structural action of the face veneer. 
The thickness of the precast panel is reduced by the 
thickness of the veneer and design assumptions usu- 
ally exclude consideration of different shrinkage or 
thermal expansion. However, if the panel is to be 
prestressed, the effect of composite behavior and 
the resulting prestress eccentricity must be recog- 
nized and considered in design. 

9.2.1 Sizes 

The selection of brick shapes and sizes depends 
on local availability. Brick maufacturers should be 
consulted early in the design states to determine the 
manufacturing capability for special shapes and 
sizes. In addition to standard brick shapes and sizes, 
brick may be available from some suppliers in veneer 
thickness, usually 1/3 to 1/4 standard brick thick- 
ness. 

Architectural terracotta (ceramic veneer) is a cus- 
tom product and, within limitations, is produced in 
sizes specified for specific jobs. Two thicknesses and 
sizes of units are usually manufactured: 1 1/4 in. 
thick units including dovetails which are spaced 5 
in. on centers, the size may be 20 in. wide x 30 in. 
long; and 2 1/4 in. thick units including dovetails 
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which are spaced 7 in. on centers, the size may be 
32 in. wide x 48 in. long. 

9.2.2 Bond 

The nature of the surfaces of the brick are impor- 
tant for bond. Smooth, dense, heavily sanded or 
glazed surfaces are not usually satisfactory where 
high bond is required. Textures that may be speci- 
fied to give increased bond include scored finish, in 
which the surface is grooved as it comes from the 
die; combed finish where the surface is altered by 
parallel scratches; and roughened finish produced by 
wire cutting or wire brushing to completely remove 
the smooth surface or die skin from the extrusion 
process. 

When die skin or heavily sanded brick must be 
used*, a mechanical bond with corrosion-resistant 
metal ties is required. With other brick surfaces ties 
are not required. Ties may be those used in cavity 
wall construction, such as 3/16 in. diameter Z, rec- 
tangular shape, prefabricated truss, or ladder wire 
ties, shown in Fig. 9.2. 

Where ties are required, there should be one for 
each 4 1/2 sq ft of wall area. Ties in alternate courses 
should be staggered. The maximum vertical distance 
between ties should not exceed 24 in. and the max- 
imum horizontal distance should not exceed 36 in. 
(See Fig. 9.3). 

Additional bonding ties should be provided at all 
openings spaced not more than 3 ft apart around 
the perimeter and within 12 in. of theopening. Ties 
should be of corrosion-resistant metal or should be 
coated with a corrosion-resistant protective coating. 



Fig. 9.2 Wall ties 
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Fig. 9.3 Spacing and staggering of metal ties (where 
required) 
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Corrosion resistance is usually provided by coat- 
ing the metal with copper or zinc. To insure ade- 
quate resistance to corrosion, coatings should con- 
form to the following ASTM specifications: 

Zinc coated ties - A 153, class B1, B2 or B3. 

Zinc coated wire - A 1 16, class 2 or class 3. 

Copper coated wire - B 277, grade 30HS. 

When ties are used, the brick joints are grouted 
and the ties placed into the horizontal joint as the 
wet grout is placed. The required concrete reinforc- 
ing steel is anchored in place after the brickwork has 
received initial set. The concrete is then placed and 
cured. 

The backside of the terra cotta units should have 
dovetails in order to develop adequate bond to con- 
crete. Shear test data for terra cotta units is shown 
in Fig. 9.4. 

9.2.3 Absorption 

Brick with an initial rate of absorption (suction) 
less than 20g per min. per 30 sq in. when tested in 
accordance with ASTM C67 is not required to be 
wetted. However, brick with high suction or with an 
initial rate of absorption in excess of 20g per 30 sq 
in. should be wetted to reduce the suction and there- 
by improve bond, prior to placement of the con- 
crete. 

Terra cotta units must be soaked in water for at 
least 1 hr in order to reduce suction. They should be 
damp at the time of concrete placement. 

9.2.4 Properties 

Engineering properties of brick vary considerably 
depending on the source and grade of brick. 1 Table 
9.1 shows the range for compressive strength and 
modulus of rupture of brick manufactured in the 
United States. Table 9.2 shows physical properties 
of brick from four different regions of the U.S. 

As the temperature or length of burning period is 
increased, clays burn to darker colors, and compres- 
sive strength and modulus of elasticity are increased. 
The modulus of elasticity of brick ranges from 1 .4 to 
5.0 x 10 6 psi and Poisson's ratio from 0.04 to 0.11. 
In general the modulus of elasticity of brick in- 
creases with compressive strength to a compressive 
value of approximately 5000 psi. After this, there is 
little change. 

The average coefficient of thermal expansion of 
brick is 3.6 x 10" 6 in./in./F. The thermal expan- 
sions of clay units is not the same as the thermal ex- 
pansion of brick-faced precast panels due to joints. 

A moisture expansion of 0.0002 in./in. is recom- 
mended for consideration in the design of brick and 
tile panels. 

Fig. 9.5 shows the relation of compressive 
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Fig. 9.4 Load tests of terra cotta units with structural 
lightweight concrete 
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b. SHEAR -Y 
Avg. shear (D: 74psi 




Avg shear ( 



Y-255psi 
Z-150psi 



TENSION-X 



Avg. tension©: 73psi 



A-applied load 

R- restraint load to prevent overturning 

F - failure line 

P-pulling fixture epoxied to face of panel 

Failure Modes 

1. Veneer panel failure in plane of epoxied pulling fixture. 
No failure occurred along bond lines between panel and 
concrete. 

2. Concrete split along reinforcing steel plane. No failure 
occurred along bond line between panel and concrete. 

3.*Two tension-X speciments retested in shear. Concrete 
sheared along upper bond plane between panel and con- 
crete. 



Note: Concrete compressive strength of 28 days was 
6240 psi with a unit weight of 11 1 pcf. 

strength of structural clay tile to absorption. For 
the same tile design, this relationship might be ex- 
pected to be reasonably constant; however, the same 
relationship would not be expected to hold for tile 
of different designs, which accounts for the scatter- 
ing of points. 

The modulus of elasticity of structural tile varies 
from 1.8 to 6.2 x 10 6 psi and Poisson's ratio from 
0.05 to 0.10. Tile hasan average coefficient of ther- 
mal expansion of 3.3 x 10~ 6 in./in./F. 

The compressive strength of terra cotta units usu- 
ally ranges from 8000 to 1 1 ,000 psi and the average 



coefficient of thermal expansion is 4.0 x 10 
in./F. 

All clay products are subject to such local varia- 
tion that the designer should obtain values from sup- 
pliers that are being considered. 

9.3 NATURAL STONE 

Natural stone facings may be used in various sizes 
and regular shapes (narrow strips, small squares and 
rectangles, or regular sized ashlar pieces) as well as 
different color combinations to provide an infinite 
number of pattern possibilities. 23 

9.3.1 Sizes 

Natural stone veneer stock for precast facing 
is usually thinner than that required for conven- 
tionally set stone. Marble may be fabricated with 
a minimum 7/8 in. thickness. Marble pieces at this 
thickness will be limited to an area of approximately 
20 sq ft with a maximum dimension of about 8 ft, 
since larger size individual pieces tend to crack dur- 
ing normal differential shrinkage or thermal move- 
ment. Limestone may have a minimum thicknessof 
1 1/2 in. Limestone at the minimum thickness will 
have an area of 4 to 1 2 sq ft. Thicker pieces may be 
as large as 18 ft high by 8 ft wide. Minimum thick- 
nessof granite depends on the sawings, handling and 
finishing, and type of anchor. At the present time, 
U.S. fabricators will supply granite with a minimum 
thickness of 1 1/2 to 2 in. while foreign suppliers 
may supply granite 7/8 in. thick. Depending on the 
color range, the size of granite pieces vary from 3 ft x 
3 ft to 5 ft x 7 ft. 

Veneer materials should be sized (length and 
width) to atoleranceof pluszero minus 1/8 in. Flat- 
ness tolerances for finished surfaces will vary de- 
pending on the type of finish. For example, the gran- 
ite industry tolerances vary from 3/64 in. for pol- 
ished surface to 3/16 in. for flame (thermal) finish 
when measured with a four foot straightedge. Thick- 
ness variations are not important since concrete will 
provide a uniform back face except in the case of a 
corner butt joint. In such cases, the finished edges 
should be gauged to within 1/16 in. of specified 
thickness. 

9.3.2 Anchorage to Stone Facing 

It is recommended that there be no concrete 
bonding between stone veneer and concrete back- 
up in order to prevent; (1) excessive bowing of pa- 
nel; (2) cracking of panel; and (3) staining of veneer. 
Mechanical anchors should be used to secure the ve- 
neer. 

Where a bondbreak is desired between the veneer 
and the concrete to allow for independent move- 
ment, the following methods have been used: (1) a 
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Table 9.1 Distribution of strength properties of brick from all parts of the United States 



Compressive Strength, 
Flatwise 


Modulus of 


Rupture 




Percentage 




Percentage 


Range, psi 


of Production 


Range, psi 


of Production 




Within Range 




Within Range 


21,001 to 22,500 


0.46 


2101 to 3450 


6.95 


19,501 to 21,000 


0.69 


1951 to 2100 


3.00 


18,001 to 19,501 


0.46 


1801 to 1950 


2.74 


16,501 to 18,000 


2.04 


1651 to 1800 


7.57 


15,001 to 16,500 


1.49 


1501 to 1650 


8.34 


13,501 to 15,000 


3.71 


1351 to 1500 


5.34 


12,001 to 13,500 


4.76 


1201 to 1350 


7.12 


10,501 to 12,000 


7.78 


1051 to 1200 


10.55 


9,001 to 10,500 


8.61 


901 to 1050 


10.44 


7,501 to 9,000 


11.92 


751 to 900 


13.60 


6,001 to 7,500 


15.47 


601 to 750 


11.74 


4,501 to 6,000 


16.81 


451 to 600 


7.52 


3,001 to 4,500 


17.97 


301 to 450 


4.35 


1,501 to 3,000 


7.46 


151 to 300 


0.37 


Oto 1,500 


0.36 


Oto 150 


0.37 


Total per cent . . . 


99.99 


100.00 



Table 9.2 Average physical properties of brick 



Source of Brick 


Compressive Modulus of 
Strength* Rupture 


Tensile 
Strength, 

psi 


Shearing 
Strength, 

psi 


Flat- 
wise, 
psi 


Edge- 
wise, 
psi 


Flat- 
wise, 
psi 


Edge- 
wise 
psi 


Chicago 

Detroit 

Mississippi 

New England 


3280 
3540 
3410 
8600 


3350 
3270 
3625 

11470 


1225 
670 
820 

1550 


1340 
680 
760 

1640 


417 
222 
317 

601 


1100 
1165 
1590 

3550 



*The ratio of compressive strength of clay and shale brick tested on edge to the compressive strength 
tested flatwise ranges from 0.74 to 2.3. 



Fig. 9.5 Compressive strength and absorption of structural 
clay tile 
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liquid bondbreaker of sufficient thicknessto provide 
a low shear modulus, applied to the veneer back sur- 
face prior to placing of the reinforcing concrete, 
(2) a 6 mil polyethylene sheet, or (3) a 1/8 in. poly- 
ethylene foam pad. 

Stooe veneer is supplied with holes predrilled in 
the back surface for the attachment of mechanical 
anchors. Preformed anchors fabricated from stain- 
less steel type 304 are usually used. Generally, for 
sound, dense veneer materials, oneanchorshould be 
utilized for each approximate 2 sq ft of veneer with 
a minimum spacing of 18 in, between anchors and 
a minimum of 2 anchors per piece of veneer. Anchor 
size and spacing in veneers of questionable strengths 
or with natural planes of weakness may require spe- 
cial analysis. Depth of holes should be approximate- 
ly one-half the thickness of the veneer (minimum 
depth of 1/2 in.) and for granite and marble, the 
holes should be approximately 50% oversize to al- 
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low for stresses which could be caused by a differ- 
ential in the coefficient of thermal expansion be- 
tween the veneer and the concrete. 

Typical anchor details, test data, and schedules 
for marble veneers are shown in Fig. 9.6a. Fig. 9.6b 
presents anchor test data for granite veneers and 
Fig. 9.6c shows typical limestone anchoring de- 
tails. 

The precast manufacturer should submit test re- 
ports on the stone anchoring system proposed for 
use. The test samples should be a typical panel sec- 
tion about 1 sq ft and should approximate as close- 
ly as possible actual panel anchoring conditions. A 
bond breaker should be placed between stone and 
concrete during sample manufacture to eliminate 
any bond between veneer and concrete surface. 
Each test sample should contain one or more an- 
chors connecting stone to concrete back-up and a 
minimum of 10 tests should be conducted on sam- 
ples to determine ultimate pull-out and shear 
strength of each anchor. 

9.3,3 Veneer Jointing 

Joint design between stone veneer joints within 
a precast element should be a minimum of 1/4 in. 
Joints should receive a chemically neutral, resilient 
type, non-removable gasket which will not stain the 
veneer or adversely affect the specified type of seal- 
ant to be applied to the joints later. The gasket 
should be of a size and configuration that will pro- 
vide a pocket to receive the sealant and also prevent 
any backing concrete from entering any portion of 
the joint between the veneer units. Shore A hardness 
of gasket should be less than 20. Joint width be- 
tween veneer units within a precast element is a 
matter of the architect's design concept. It may or 
may not be equal to the specified joint width be- 
tween precast elements. 

Calking should be non-staining to the veneer 
material. Calking installation is performed more 

Table 9.4 Range of natural stone properties 



economically and satisfactorily at the time the 
calking between precast elements is executed. 

9.3.4 Properties 

The strength of natural stone as a material de- 
pends on several factors: the rift and cleavage of 
crystals, the degree of cohesion, the interlocking of 
crystals, and the nature of cementing materials pres- 
ent. The properties of a given type of stone will vary 
depending on the locality from which it was origin- 
ally quarried; moreover, sedimentary and metamor- 
phic rocks will exhibit differing strengths when 
measured parallel and perpendicular to their origin- 
al bedding planes. 

The range of properties for most building stones 
are given in Table 9.4. These may serve only as a 
guide for preliminary design; specific data should be 
obtained from suppliers and the "directionality" of 
the material considered in any analysis where the 
degree of accuracy is of consequence to a design 
decision. In some cases, the use of lower-bound data 
may prove satisfactory. 

9.3.5 Reinforcement 

Reinforcement of the precast concrete back-up 
should follow closely the recommendations for wall 
panels relative to design, coverage and placement. 
Cover depth of reinforcing must be a minimum of 
1/2 in. at the veneer surface. This cover should be 
maintained by non-corrosive spacers. Galvanized re- 
inforcing is recommended at cover depths of less 
than 3/4 in. All possible precautions should betaken 
to avoid any materials that could cause corrosion or 
rusting which in turn could cause discoloration in 
the veneer. 

In flat panels, it is necessary to choose the rein- 
forcement to resist the inherent bowing that will 
occur. Truss systems have been very successful. 
Stock truss assemblies are obtainable as a catalog 
item or on large panels they can be fabricated from 



Kind 


Compression 
psi 


Tension 
psi 


Modulus of 
Rupture, psi 


Shear, psi 


Modulus of 
Elasticity 
psi x 10 6 


Coef. of Thermal 

Expansion, 10' 6 

in./in./F 


Granite 


10,000-40,000 


600-1000 


1100-3000 


2000-4300 


5.7-9.6 


4.5 (avg) 


Limestone 


4000-10,000 


300-375 


700-1200 


900-1800 


3.0-5.4 


2.4-3.0 


Marble 


6000-1 5,300< 1 > 
7500-1 6,750< 2 > 


400-2300 


1100-2600 
1100-2700 


1650-4800 
2350-4300 


1.9-13.0 
4.3-14.8 


3.7-12.3 


Serpentine 


11,000-28,000 


800-1600 




2600-5000 


4.8-9.6 




Sandstone 


5000-20,000 


280-500 


500-1000 


300-3000 


1.9-7.7 




Slate 


7000-31,000 


3000-4300 


4000-9000 


2000-3600 


9.0-15.0 





' 1) Parallel (2) Perpendicula 
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Fig. 9.6 Typical anchor details for stone veneers 



larble 



Anchor Test Data 





Shear, 
lb 


Tension, 
lb 


Avg. Failure < 1) 


2500^ 


425® 


Safety Factor 


30 to 1< 3 > 


5 to 1W 



Anchor Schedule 



(1). Tests performed with 100% bond failure built 
into panel 

(2). Per anchor 

(3). Based on anchor schedule 



s.s. wire 




■s- 

eo'E 
£=> 

o c 
2: s 

sS. 

a> 

X 



Up To 

4'-6" 



4' -6" 
And 
Over 



Width of Marble Facing Units 



0'-6" 

to 
1'-0" 



One 

Anchor 

Top, 

One 

Anchor 

Bottom 



Add 
One 

Center 
Anchor 



1'0" 

to 
3 '-6" 



Two 
Anchors 

Top, 

Two 
Anchors 
Bottom 



Add 

One 

Center 

Anchor 



3'-6" 

to 
4'-0" 



Two 
Anchors 

Top, 

Two 
Anchors 
Bottom 



Add 

Two 

Center 

Anchors 



over 
4'-0" 



Three 

Anchors 

Top, 

Three 

Anchors 

Bottom 



Add 

Two 

Center 

Anchors 



Note: 



marble cone. 



Top and bottom anchor holes of each marbie facing unit should be 
drilled near the top and bottom edge and should be 3/4 in. deep at 35 
deg angles in the back of the marble facing units and opposing each 
other in the vertical position to receive the performed anchors. Anchor 
holes centered in the backs of the marble facing units when necessary 
should be drilled in the same manner as the top and bottom anchors. 



b) Granite 

Anchor A. 

Tensile strength of one rod: 2346 lb 
Shear of one rod (ultimate): 1759 lb 

W s.s. wire 
wire in final position / 
45° 




Anchor B. 

Tensile strength of anchor: 4162 lb 
Shear of anchor (ultimate): 3121 lb 

Capacity depends on depth of holes 
and grout material. 




L-1"to W 
granite cone. 

Test Data for Anchor A 



7 Ae 



"dia. J Ll / 4 "dia. 



Type of Hole 


Shear Parallel to Anchor, 
lb 


Shear Perpendicular 
to Anchor, lb 


Tension, 
lb 


Diamond 
Cored 
Drilled 


2400 to 2650 


3200 to 3500 


795-1115 


Tungsten 
Carbide 
Drilled 


2200 (approx.) 


3000 (approx.) 


425 



Note: 

(1) Factor of safety of anchor shear and tensile capability should be a minimum of 8. 

(2) Toed-out, the anchor has approximately 50% more tensile capability than a toed-in anchor. 

(3) As a general rule, anchors are spaced one every 3 to 5 sq ft. 
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Fig. 9.6 (continued) 



c) Limestone 

limestone cone. 

15° 




epoxy 
set 



2 1 / 2 " 



moisture 
barrier 



3/4" m in. in 2" thick veneer 
or max. of 2" in 5" thick 
veneer 



Note: Stainless steel bent rebars inserted 2 ft o.c. at oppo- 
site 1 5 deg angles in the back of the stone bond per- 
manently to the precast. A moisture barrier (bond- 
breaker) is installed between the stone and concrete 
to eliminate concrete alkali salts from staining the 
limestone. 

limestone cone. 




30"^ 



deformed 
bar 

bond 
breaker 



k3"-l— 4"— I 



#4 Bar: shear -51901b 
tension- 2150 lb 



limestone cone. 




deformed 
bar 

bond 
breaker 



H 2" l— 4" — 



#3 Bar: shear -3000 1b 
tension- 1200 lb 

Note: Recommended safety factor for galvanized straight 
deformed bar is 5. 



reinforcing bars. Ribbing on the back of the panels 
is also a solution to bowing problems, but this re- 
quires backforming in many cases and is more costly. 



9.4 DESIGN EXAMPLE 1 
FLAT PANEL 



-, A'd* 




£> 




- 20'0"- 


-6'C 


r •.(■- 


_ A'D"— 


i 


O U 


i 


) "| T 




- ■ . I ■ 

n 




■ -l ■ ■ 

r-i 








l i 








"» 




p^ 




'. , 


n 






■ r 


2 




bJ 


— 


F=» , 




lJ 




r=^ 




1 

















1.2* veneer 
5" cone. 




SECT 
f — connection to resist wind * 

[..connections to resist 

wind and support 
panel 



ELEVATION 



LOADS 

window 8x5 

panel weight (62.5 + 17.0) x 5 



wind 30x10 

direct and 
suction 

STRIPPING STRESSES 



= 40 plf 

= 398 plf 

438 plf 

= 300 plf 



-j414't 



1172'— 



4.14't— 



D 



stripping multiplier (Table 4.1) = 1.4 
stripping strength = 3000 psi 

4.14 2 



-M = 398 x 



+M = 398 x 



2 

11. 72 2 
8 



x 1.4 



- 4775 ft- lb 



x 1.4- 4775 = 4792 ft-lb 



6x4792x 12 
60 x5 2 



= 230 psi <5V3000 
:. o.k 



Transportation: panel will be shipped on an A- 
frame. Transportation stresses will not control. 
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WIND STRESSES 



b) due to wind (on end connections) 



H4'h-6V6'-i4> 

1 I w-300plfl ! 
, ] 



400 



900 
500 



M = 400 
V -1200 | 775 



900 t 
250 

1150 ft-lb 
1025 lb 





R = 1975 2050 lb 


M = 


1 150 ft-lb 


f = 


6x1150x12 __ ... 
„_ r7 = 55psi (small) 
60 x 5^ 


VERTICAL LOADS 




-H 4' h 12' 1 4' I— 

1 w = 438Dlf 




t t 
43801b 43801b 


-M 


4 2 
= 438x2 = 3504 ft-lb 


+M 


= 438 x ^ - 3504 = 4380 ft-lb 


f 


6x4380x12 .„ . , nl 
5 x 60 2 = psl < small) 


PANEL REINFORCING 



Since alt stresses are small, provide minimum 
reinforcing 

Pmin = 001 A s = .001x5x12 
= .06 sq in. per ft 

Use one layer of 4 x 4 - W2.1 x W2.1 
centered in 5 in. panel 

CONNECTION OF SPANDREL 



r 



■5" 



T 

2' 



2' 



Connection Forces 
a) due to vertical loads 



2' 

J_. 



,W 



W 



F, " F 2 " 



438 x 20 
2 
= 4380 x 5 
21900 



24 



- 4380 lb 
= 21900 in.-lb 
= 912 1b 



I \, 


R = 1975 1b 


2.5' 1 

i_ 
r 


-F. F) . W5x(4-2.5l, 1481|b 
*" p2 F 2 = 1975- 1481 = 494 lb 


T 


c) due to wind (on middle connection) 


R = 2050 1b 


1481x2050 ,_„.,„ 
F i = 1975 = 1537lb 


F 2 = 490x2050 = R nfllh 


1975 


End connections at top of floorbeam 



These connections support the panel 
weight and a portion of the wind load 




a) bolt to panel 

max tension = 912+1481 = 2393 1b 
max shear = 4380 lb 

assume 2 bolts 5/8" A36 

from Table 2.1 F T = 4.97\ F v = 3.30 k 



2.393 \ 2 ^ [ 4.380 \ 2 nc ^ i n . 
+ I _ _ _ l = 0.5<1.0o.k. 



\2x 4.970/ 12 x 3.3 
check embedment length: 
f' c = 5000 psi F y = 36,000 psi 

0.9 x 36000 



from Fig 2.28 A = 



= 705 



0.65x\/5000 



for N.W. concrete k = 1.0 



^ = 5.62 



L = 5.62 x - = 3.48 in. 

e g 

assume bolt spacing = 4.5 in. 

from Fig. 2.30 for M = 4.5 and l e = 3.5 
q = 0.76 

.'. F T = 4.970 x 0.76 = 3.780 k 
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Recheck 

[ 2.393 | 

\2 x 3.780J 



f 4.380 
b x 3,30oJ 



= 0.54 < 1.0 o.k. 



b) angle size 

M = 4.38x4 = 17.52 in.-k 

assume load factor = 1.4 

M u = 17.52 x 1.4 - 24.53 in.-k 

from Fig. 2.51 for 6 x 4 x 5/8 in. angle 

M M - 38 in.-k/ft 

24.53x12 



length required 



38 



7.75 in. 



use 4 x 6 x 5/8 x 0'-8" angle 



End connection at bottom of floor beam 

These connections support a portion of the wind 
load, and provide the required stabilizing force 
due to panel eccentricity. 




a) bolt to panel 

max tension = 494 + 912 = 1406 1b 

M - 1.406x2.5 = 3.515 in.-k 
M u = 1.4x3.515 = 4.92 in.-k 

for a 6 x 4 x 3/8 in. angle M u = 14 in.-k/ft 

4.92 x 12 
.'. length required = — — — = 4.22 in. 

use 5 in. 

use 4 x 6 x 3/8 x 0'-5" angle 

use slotted insert for a force of 1 .406 

Note: use same for middle connection at bottom 
of floor beam (max tension = 1537 lb) 



liddle connection at top of floor beam 

This connection supports a portion of the wind 
load, but must provide no support for vertical 
loads 




a) bolt to panel 

max tension = 1537 1b 
use 1 bolt 5/8 in. 

b) angle size 

by inspection, and comparison with previous 
calc. for end conn. @ bottom of floor 

use 4 x 6 x 3/8 x 0'-5" angle 



— 4' 0"- 



eg 



CD 
c\j 



20' 0" 



-<£_ of panel supports 

.3= fi A , . 



4'0*— 



10' 



•-I 



fat 



o 



U 



L-10" ^A 



K 



o 



i r-~, u - ■ , facing joint 
-L-.207L 2 , 6'x4'0*stone(typ.) 



PANEL ELEVATION 



I 1 



■1.2" 



v 



facing material 
slipsheet or\ 



r 



^4 x4 -W2.1 xW2.1 bond breaker 



la marble or 
i^y^other facing 



anchor 



precast panel 




SECT. A -A 



DETAIL A 



9.5 DESIGN EXAMPLE 2 
PRESTRESSED PANEL 

Design 3 story prestressed panel 

^ Level 4 



10' 



EH' 



Level 3 



10' 

Level 2 

10' 
Llr-fa J_ Level 1 



Elevation Section 
DESIGN DATA 

a) 5 '8" concrete panel with 7/8" marble veneer 
weight = 610 plf 

b) wind load 30 psf 
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STRIPPING STRESSES 



r 6 '- 



c 



-18'- 



J '1 



stripping multiplier (Table 4.1) = 1.4 
release strength = 3500 psi 

610x6 2 



M = 



= 10980 ft-lb 



+M = 610 ! 182 - 10980 = 13360 ft-lb 



f = 



8 

6x 13360 x 12 x 1.4 
96x5.125 2 



533 psi 



PRESTRESS 

allowable tension = 5V3500 = 296 psi 
required prestress = 533- 296 = 237 psi 
required prestress force = 237 x (5.125 x 96) 

= 116600 1b 

assume 6 strands. .'. force per strand 

, I^oo . , 9433 |b 

6 
use 6-7/16" 270k strands 

WIND STRESSES 

wind force = 30 x 8 = 240 plf 



IVL 



T 

10 2 

240 x^ 
10 

6x2400x 12 
96x5.125 2 



T 

2400 ft-lb 
68 psi (small) 



CONNECTIONS 

The procedure for design of connections is simi- 
lar to Example 9.1. The total weight of panel 
should be supported at Level 1, and the panel 
tied back at Levels 2, 3, and 4. 

REINFORCING 

Since stresses do not control, provide mini- 
mum A s 

A s - :00l x 5 x 12 = .06 sq in. per ft. 
use4x4-W2.1 xW2.1 




facing joint 

marble or other facing 

15 6-M* / 

3 270K strands / 




• (see Detail "A" Ex. 9.1) 
SECT. A~A 



PANEL ELEVATION 

9.6 DESIGN EXAMPLE 3 
WINDOW WALL PANEL 



- 4' -+• 4' 

— 2W 4' H-2' - 



CM 
J 



'■■r^-4" 1 



ELEVATION 



SECTION 



DESIGN DATA 

a) 5" concrete panel with 1 1/2" granite veneer 

b) wind load = 30 psf 



STRIPPING STRESSES 



-4'- 



941 plf 



-4'- 



-2- 



u- 



"i 

470 plf | 1 



-7'- 



4570 lb 



U 



-3.71- 



29561b 
location of +M ma 
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strength at stripping = 2500 psi 

weight = 84 psf 

stripping multiplier (Table 4.1) = 1.4 

w 1 = 84x4 = 336 plf x 1.4 - 470 
w 2 = 84x8 = 672 plf x1.4 = 941 

941 x 2 2 



■M = 



1882 ft-lb 



+M = 4570 x 3.71 - 941 x 4 x 3.71 - 470 

1 71 2 
x - L y— = 2303 ft-lb 

Moment is resisted by a beam of 4' effective 

width. 



-stripping inserts 



provide 2-#4 
around window op'g 



J 



PARTIAL PLAN 



6x2303x12 

f = An ri = 138 psi < 5Vf' ( 



o.k. 



48 x5 2 
provide 2 — #4 around window opening 

WIND STRESSES 

240 plf 



-h r 



jtl 



w = 30x8 = 240 plf 
240 x8 2 



= 2000 ft-lb 



f = 6x 2 °° 0X J 2 = 120 psi (small) 
48 x 5 2 



REINFORCING 

Since stresses do not control, provide mini- 
mum A s 

A s = .001 x 5 x 12 = .06 sq in. per ft 
use 4x4- W2.1 x W2.1 




PANEL ELEVATION 

precast 

cone, panel 



anchor 
facing 




'DETAIL C 



4x4-W2.1xW2.1 

f c I 

I '? > A/ / > > ' / / / '/ ?\ > J m / / rl / > / J / / / / / Yihnd 

L >C facin 



SECTION C-C 

window mullion 
(may be required) 




_L 



^ -J 

acing (granite) — 



open 



J #4 rods 



facing 

SECTION C'-C 
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10.1 GENERAL 

Segmental construction is defined as a method of 
construction for buildings and other structures in 
which primary load carrying members are composed 
of individual segments post-tensioned together. 

Segmental construction requires the Engineer to 
consider the following: 

1 . Choice of element size (dimension and weight) 

2. Configuration and structural response of the 
joint between elements 

3. Construction sequence, loads and deflections 
imposed at various stages 

4. Recognition of tolerances and the effect of 
these upon the joint 

Segmental construction provides all the advan- 
tages associated with precast concrete and, in addi- 
tion permits the economical use of precast for the 
solution of specific problems: 

1. Reduction of erection weights, permitting the 
use of smaller capacity erection equipment 

2. Ability to manufacture large members in plants 
of limited size 

3. Large re-use of forms, permitting the econom- 
ical construction of complicated shapes 

4. The ability of constructing deep members (by 
keeping the width of individual elementswith- 
in the allowable for transportation), and thus 
permitting the economical spanning of long 
distances 



5. Various structural configurations such as 
trusses with inclined or parallel chords may be 
readily constructed 

6. Temporary falsework can be minimized by use 
of cantilever construction for columns, similar 
to familiar bridge construction methods 

One of the early examples (1964) of segmental 
construction was the North Carolina Mutual Life 
Insurance Building, Durham, North Carolina, which 
is composed of story-high Vierendeel trusses canti- 
levering 33' 9" from either side of two center sup- 
port columns, Fig. 10.1 . The trusses support double- 
tee floor slabs, which are arranged to span in per- 
pendicular directions on alternate floors so as to im- 
pose equal loading to the facade columns. The seg- 
ments of the truss were of two types: a rectangular 
mullion section, forming the vertical member of the 
truss, and a tee-shaped section, forming either the 
top or the bottom chord. Also illustrated is the joint 
with gasket and protective devices around the 
post-tensioning bars which prevent grout intru- 
sion. After assembly, by applying a small prestress, 
the joints were pressure grouted, the tendons fully 
stressed and then grouted. 

10.2 JOINTS 

Joints are of two types: either open, to permit 
completion by a field pour (pressure grouted joint), 
or closed, where the joint may be completed either 
dry or by use of a thin layer of adhesive. Both meth- 



Fig. 10.1 Construction of North Carolina Mutual Life Insurance Building, Durham, N.C. 
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ods, which have been successfully used in the past, 
are discussed below. 

10.2.1 Open Joints 

Fig. 10.2(a) illustrates the use of an open joint. 
The individual segments are separated by an amount 
sufficient to place (usually by pressure) a grout mix. 
The perimeter of the joint is sealed with a compres- 
sible gasket, the compression achieved either by use 
of "come alongs" or by introducing a small amount 
of prestress. Gaskets are also provided around the 
individual post -tensioning elements to prevent leak- 
age into the ducts, blocking passage of the tendons. 
The joint detail should provide for vents at the top 
to permit escape of entrapped air during grouting. 
At the conclusion of the grouting operation, vents 
should be closed and pressure increased to a mini- 
mum of 15 psi at the vent, so as to assure full grout 
intrusion. Within a few days after grouting, vents 
should be re-opened and, if sedimentation is evident, 
the vent filled. 

The width of the pressure grouted joint should be 
not greater than 2 in. The compressive strength of 
the grout should equal that of the concrete in adja- 
cent segments, but not less than 4000 psi. In some 
cases it may be difficult to attain a grout strength 
equal to that of the adjacent concrete. Admixtures, 

Fig. 10.2 Types of joints 



provide air vent at top 

HKgasket surround 



effective 

area for 

design 




i; 



effective 
area for 
design 



gasker grout 



3/4 in. m in.- 2in max. 
Elevation 

a. OPEN JOINT 

__uu_0ln.if dry 
H | 1/16 in. if epoxy 



Plan 




effective 
; 3tP area for 
design 



©:• 



(2) 



r 

effective 

area for 

design 

L 



Elevation 



Plan 



b. CLOSED JOINT 



For epoxy joints, apply a 
temporary prestress of 
50 psi immediately after 
application of epoxy 



Match cast segment 2 
against previously 
cast segment 1 



such as water reducing agents or expansive agents, 
if used, should be of the non-staining type. 

Pressure-grouted joints require preparatory treat- 
ment: 

1. Joint surface must be clean and free of any 
foreign material. Joints, whether smooth, 
roughened, or serrated, should be wire-brushed 
or sand-blasted prior to erection of the segment 

2. Prior to filling the joint, the abutting surfaces 
should be thoroughly wetted down or, if feas- 
ible, a bonding agent employed 

10.2.2 Closed Joints 

Fig. 10.2(b) illustrates the use of a closed joint. 
A closed joint requires that the individual segments 
abutting each other be match cast. The principle of 
the match-cast joint is that the connecting surfaces 
fit to each other accurately, so that only a thin layer 
of filling material is needed in the joint. To accom- 
plish this, each segment is cast against its previously 
cast neighbor. Use of a bond breaking agent allows 
the segments to be separated. The sharpness of line 
of the assembled construction depends mainly on 
the accuracy of the manufacture of the segments. 

Match cast segments are normally joined by coat- 
ing abutting surfaces with a thin (1/32 in.) layer of 
epoxy adhesive, and then drawing together and hold- 
ing in position the precast elements. An epoxy is not 
always necessary, however, it does provide the fol- 
lowing advantages: 

1. During placement, the epoxy will act as a lub- 
ricant, which will assist in the alignment pro- 
cess 

2. The epoxy will even out any small contact sur- 
face differences and thus provide a uniform 
bearing surface 

3. The epoxy will provide a joint with tensile ca- 
pacity greater than the concrete, and thus as- 
sure monolithic behavior 

4. The epoxy will provide water tightness and 
durability at the joints 

Epoxy bonding agents for match cast joints 
should be thermosetting 100% solid compositions 
that do not contain solvents or any non-reactive or- 
ganic ingredient except for pigments required for 
coloring. Epoxy bonding agents should be of two 
components, a resin and a hardener. The two com- 
ponents should be distinctly pigmented, so that mix- 
ing produces a third color similar to the concrete in 
the segments to be joined, and should be packaged 
in pre-portioned, labeled, ready-to-use containers. 

Epoxy bonding agents should be formulated to 
provide application temperature ranges which will 
permit erection of match cast segments at substrate 
temperatures from 40F to 1 15F. If two surfaces to 
be bonded have different substrate temperatures, 
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the adhesive applicable at the lower temperature 
should be used. 

If the project would require or benefitfrom erec- 
tion at a concrete substrate temperature lower than 
40F, the temperature of the concrete within the vi- 
cinity of the joint should be elevated to at least 40F 
to insure effective wetting of the surface by the 
epoxy compound in a reasonable length of time. An 
artificial environment will have to be provided to ac- 
complish this elevation in temperature, and should 
be created by an enclosure heated by circulating 
warm air or by radiant heaters. In any event, loca- 
lized heating should be avoided, and the heat should 
be provided in a manner that prevents surface tem- 
peratures greater than 1 10F during the epoxy hard- 
ening process. Direct flame heating of concrete sur- 
faces should be prohibited. 

Surfaces of the match cast joints to be bonded 
should be sound, and clean. All traces of mold re- 
lease agents, curing compounds, laitance, oil, dirt 
and loose concrete should be removed from surfaces 
to be bonded by proper washing or sandblasting. 

The concrete surfaces which are to be bonded 
should not be wet; a damp but not saturated surface 
is permissible. To get rid of a wet surface, the con- 
crete may be dried with hot air just before applying 
the adhesive. 

The adhesive should be applied in a uniform thick- 
ness to both surfaces. Care must be taken that no 
epoxy mix enters the ducts for the tendons. After 
joining the segments the tubes must be checked to 
be sure they are not blocked by the adhesive. Some 
post-tensioning should be applied within 45 minutes 
after application of the epoxy material and a mini- 
mum average temporary prestress of 50 psi over the 
cross section should be applied within 70% of the 
open time of the epoxy material until the permanent 
tendons are stressed. At no point of the cross section 
should the temporary prestress be less than 30 psi. 
If the correct amount of adhesive has been used, a 
small amount will extrude from the joint when pres- 
sure is applied. 

In case of unforeseen interruptions, and 70% of 
the open time (see Test 3 — Open Time of Bonding 
Agent which follows) expires before the segments 
are fully joined (an approximate determination of 
the open time can be noted from behavior of lap 
joint samples spread on small cement-asbestos 
boards) the epoxy should be removed and any re- 
mainder washed off with solvents according to the 
instructions of the manufacturer followed by sand- 
blasting. Particular care is required in cold weather. 

Epoxy bonding agents should be relatively insen- 
sitive to damp conditions during application and, 
after curing, should exhibit high bonding strength 
to cured concrete, good water resistivity, low creep 
characteristics, and tensile strength greater than the 



concrete. The compressive strength of the epoxy 
should equal that of the concrete in adjacent seg- 
ments under any environmental condition that may 
be encountered during the life of the structure. 

Epoxy bonding agents should be tested to deter- 
mine their workability, gel time, open time, bond 
and compression strength, shear, and working tem- 
perature range. (See the following epoxy bonding 
agent tests for test methods and recommended spe- 
cification limits.) The frequency of tests should be 
stated in the Contract. 

If desired, test specimens can be made at the site 
to later verify the properties of the epoxy. These 
may include prisms of adhesive to test the compres- 
sive strength and diagonally cut concrete cylinders 
or prisms bonded together with the epoxy to indi- 
rectly test shear strength by compressive loading. 

If necessary, concrete cores may be drilled 
through the bond line and tested in compression. 

Epoxy Bonding Agent Tests 1 

Test 1 — Sag Flow of Mixed Epoxy Bonding Agent 

This test measures the application workability of the 
bonding agent. 

Testing Method: ASTM D 2730 for the designated temper- 
ature range. 

Specification: Mixed epoxy bonding agent must not sag flow 
at 1/16 in. minimum thickness at the designated minimum 
and maximum application temperature range for the class of 
bonding agents used. 

Test 2 — Gel Time of Mixed Epoxy Bonding Agent 

Gel time is determined on samples mixed as specified in 
the testing method. It provides a guide for the period of time 
the mixed bonding agent remains workable in the mixingcon- 
tainer and during which it must be applied to the match-cast 
joint surfaces. 

Testing Method: ASTM D 2471 (except that one quart and 
one gallon quantities should be tested). 

Specification: 30 minutes minimum on one quart and one 
gallon quantities at the maximum temperature of the desig- 
nated application temperature range. (Note: gel time is not 
to be confused with open time specified in Test 3.) 

Test 3 — Open Time of Bonding Agent 

This test measures workability of the epoxy bonding agent 
for the erection and post-tensioning operations. As tested 
here, open time is defined as the minimum allowable period 
of elasped time from the application of the mixed epoxy 
bonding agent to the precast segments until the two segments 
have been assembled together and temporarily post-ten- 
sioned. 

Testing Method: Open time is determined using test speci- 
mens as detailed in the Tensile Bonding Test (Test 4). The 
epoxy bonding agent, at the highest specified application 
temperature, is mixed together and applied as instructed in 
Test 4 to the concrete prisms which should also be at the 
highest specified application temperature. The adhesive 



10-4 



coated prisms should be maintained for 60 minutes at the 
highest specified application temperature with the adhesive 
coated surface or surfaces exposed and uncovered before 
joining together. The assembled prisms are then cured and 
tested as instructed in Test 4. 

Specification: The epoxy bonding agent is acceptable for 
the specified application temperature only when essentially 
total fracturing of concrete paste and aggregate occurs with 
no evidence of adhesive failure. 

Construction situations may sometimes require applica- 
tion of the epoxy bonding agent to the precast section prior 
to erecting, positioning and assembling. This operation may 
require epoxy bonding agents having prolonged open time. 
In general, where erection conditions are such that the sec- 
tions to be bonded are prepositioned prior to epoxy appli- 
cation, the epoxy bonding agent should have a minimum 
open time of 60 minutes within the temperature range spe- 
cified for its application. 

Test 4 — Three Point Tensile Bending Test 

This test, performed on a pair of concrete prisms bonded 
together with epoxy bonding agent, determines the bonding 
strength between the bonding agent and concrete. The 
bonded concrete prisms are compared to a reference test of 
concrete 6 x 6 x 18 in. 

Testing Method: 6 x 6 x 9 in. concrete prisms of 6000 psi 
compressive strength at 28 days should be sandblasted on 
one 6 x 6 in. side to remove mold release agent, laitance, etc., 
and submerged in clean water at the lower temperature of 
the specified application temperature range for 72 hr. Im- 
mediately on removing the concrete prisms from the water, 
the sandblasted surfaces should be air dried for one hr at the 
same temperature and 50% RH and each should be coated 
with approximately a 1/16 in. layer of the mixed bonding 
agent. The adhesive coated faces of two prisms should then 
be placed together and held with a clamping force normal to 
the bonded interface of 50 psi. The assembly should then be 
wrapped in a damp cloth which is kept wet during the curing 
period of 24 hr at the lower temperature of the specified ap- 
plication temperature range. 

After 24 hr curing at the lower temperature of the appli- 
cation temperature range specified for the epoxy bonding 
agent, the bonded specimen should be unwrapped, removed 
from the clamping assembly and immediately tested. The 
test should be conducted using the standard ASTM C78 test 
for flexural strength with third point loading and the stan- 
dard modulus of rupture unit. At the same time the two 
prisms are prepared and cured, a companion test beam should 
be prepared of the same concrete, cured for the same period 
and tested following ASTM C78. 

Specification: The epoxy bonding agent is acceptable if the 
load on the prisms at failure is greater than 90% of the load 
on the reference test beam at failure. 

Test 5 —Compression Strength of Cured Epoxy Bonding 
Agent 

This test measures the compressive strength of the epoxy 
bonding agent. 

Testing Method: ASTM D 695 

Specification: Compressive strength at 77 F should be 2000 



psi minimum after 24 hr cure at the minimum temperature 
of the designated application temperature range and 6000 
psi at 48 hr. 

Test 6 - Temperature Deflection of Epoxy Bonding Agent 

This test determines the temperature at which an arbit- 
rary deflection occurs under arbitrary testing conditions in 
the cured epoxy bonding agent. It is a screening test to estab- 
lish performance of the bonding agent throughout the erec- 
tion temperature range. 

Testing Method: ASTM D 648. 

Specification: A minimum deflection temperature of 122F 
at fiber stress loading of 264 psi is required on test specimens 
cured 7 days at 77F. 

Test 7 - Compression and Shear Strength of Cured Epoxy 
Bonding Agent 

This test is a measure of the compressive strength and 
shear strength of the epoxy bonding agent compared to the 
concrete to which it bonds. The "slant cylinder'' specimen 
with the epoxy bonding agent is compared to a reference test 
cylinder of concrete only. 

Testing Method: A test specimen of concrete is prepared in 
a standard 6 x 12 in. cylinder mold to have a height at mid- 
point of 6 in. and an upper surface with a 30-degree slope 
from the vertical. The upper and lower portions of the spe- 
cimen with the slant surfaces may be formed through the use 
of an elliptical insert or by sawing a full sized 6 x 1 2 in. cylin- 
der. If desired, 3 x 6 in. or 4 x 8 in. specimens may be used. 
After the specimens have been moist cured for 14 days, the 
slant surfaces should be prepared by light sandblasting, 
stoning or acid etching, then washing and drying the surfaces, 
and finally coating one of the surfaces with a 10 mil thick- 
ness of the epoxy bonding agent under test. The specimens 
should then be pressed together and held in position for 24 
hr. The assembly should then be wrapped in a damp cloth 
which should be kept wet during an additonal curing period 
of 24 hr at the minimum temperature of the designated ap- 
plication temperature range. The specimen should then be 
tested at 77F following ASTM C 39 procedures. At the same 
time as the slant cylinder specimens are made and cured, a 
companion standard test cylinder of the same concrete 
should be made, cured for the same period, and tested fol- 
lowing ASTM C39. 

Specification: The epoxy bonding agent is acceptable for 
the designated application temperature range if the load on 
the slant cylinder specimen is greater than 90% of the load 
on the companion cylinder. The bond strength on the slant 
surface (shear), determined by dividing the specimen test 
load by the area of the elliptical slant surface, shall be at 
least 3000 psi at 48 hr. 

10.3 DESIGN CONSIDERATIONS 

Design procedures for precast segmental struc- 
tures are essentially the same for monolithic pre- 
stressed concrete structures. 

Settlement and shortening of scaffolding due to 
dead load of segments as well as construction loads 
must be considered. Segments need to be carefully 
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aligned and leveled before forming joints and post- 
tensioning. 

Shortening of the segments and jointing materials 
due to temperature, settlement, or change in loading 
conditions should be checked before post-tensioning 
of the structure. If joints separate due to the above 
causes, the post-tensioning may cause uneven distri- 
bution of stresses or grout leakage. 

Members which are post-tensioned require the fol- 
lowing additional considerations: 

10.3.1 Flexural Stresses 

1. For members which are assembled using a dry 
joint, tension should not be permitted between 
segments under any stage of erection or service 
loading. 

2. For members which are assembled using an 
epoxy joint, the allowable tensile stresses at the 
joint may be considered the same as that for 
monolithic construction. 

3. For members which are assembled using a grout 
joint, the allowable tensile stresses at the joint 
should be taken as zero unless tests indicate 
otherwise. 

10.3.2 Joint Shear 

With joints composed of an epoxy or grout with 
a tensile strength at least equal to the concrete, the 
member may be designed as monolithic. When a dry 
joint is used, shear should be considered transferred 
by friction, using a friction factor of 0.7. (This value 
is given as a guide. The actual value to be used re- 
quires engineering judgment.) At working loads, 
care should be taken that there is no relative dis- 
placement at the joint. At ultimate, the available 
shear resistance should be at least equal to V u /0, 
where V u is the applied ultimate shear, and is 
0.85. 

10.3.3 Reinforcement 

Reinforcement to at least meet minimum require- 
ments for flexural members in accordance with ACI 
318-77 is normally required in segments for: 

1. Transverse bending moments 

2. Shear 

3. Torsion due to eccentric loading 

4. Thermal and volume change forces 

5. Temporary forces imposed during fabrication, 
transportation, or erection 

10.3.4 Bearing and Anchorage 

Bearing areas are subjected to large concentrated 
forces; they may also need to accommodate substan- 



tial movement due to volume changes and thermal 
effects. 

Post-tensioning tendon anchors are located in end 
block or anchorage areas. Their purpose is to safely 
transfer anchorage forces into the structure during 
all loading stages, including time of initial post-ten- 
sioning. End blocks may not be required if the 
stresses in the anchorage area are not excessive. 

When all tendons extend the full length of the 
structure, the end blocks are located in end seg- 
ments of segmental structures, which, in a simply 
supported beam system, will also be the bearing or 
the support segments. In some cases, however, an- 
chorage areas may be located in intermediate seg- 
ments (continuous beam or cantilever structures 
with segmental tendons distributed according to the 
moment or shear diagram) or in non-bearing end seg- 
ments (cantilever structures). 

Special attention should be given to proper rein- 
forcement of bearings and anchorages. In particular, 
anchorage zones should contain sufficient horizon- 
tal and vertical stirrups or gril I reinforcements placed 
in the plane parallel to the end surface. Closed stir- 
rups or ties should be used, or preference may be 
given to grills or welded wire mesh. 

Generally, four different areas of diagonal split- 
ting and cracking can be identified in anchorage or 
bearing areas which will require reinforcement: 

1. Under end surfaces, not more than 3/4 in. 
deep, to control possible surface cracking 
around anchorages 

2. Internally, to prevent splitting of separate an- 
chorages. Size and location of this area and of 
the magnitude of splitting (bursting) force de- 
pends on the type of anchorage and the force 
in the post-tensioning tendon, and should be 
investigated individually for each type of an- 
chorage. 

3. Internally, to prevent splitting between groups 
of anchorages (not distributed on bearing sur- 
face uniformly). For each case, the splitting 
force and necessary reinforcement should be 
defined separately for the vertical and horizon- 
tal directions. 

4. To decrease the possibility of damage to seg- 
ments during post-tensioning due to unin- 
tended stress concentrations, or during hand- 
ling of segments, supplemental reinforcement 
may be desirable immediately adjacent to the 
joint surface. 

Concrete which is placed around anchorages, after 
post-tensioning, should be provided with reinforce- 
ment to assure that it will not spall. 

10.3.5 Couplers 

Couplers should be designed to develop the full 
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ultimate strength of the tendons they connect. Ad- 
jacent to the coupler, the tendons should be straight 
for a minimum length of 12 times the diameter of 
the coupler. Adequate provisions should be made to 
assure that couplers can move during prestressing. 
It is particularly important that the void areas 
around a coupler be deducted from gross section 
areas when computing stresses at the time of pre- 
stressing. 

10.3.6 Deflections 

Deflection calculations should consider dead 
load, prestressing, erection loads, concrete creep and 
shrinkage, and steel relaxation. For joints composed 
of an epoxy or grout with a tensile strength at least 
equal to the concrete the member may be considered 
monolithic. When a dry joint is used, deflection 
should be computed based on a bilinear moment-de- 
flection relationship, using a transformed cracked 
section when tensile stresses exist in the precom- 
pressed tensile zone. 

10.4 Post-Tensioning Tendons 

Background information on various post-tension- 
ing systems and their applications is given in the 
PTI Post-Tensioning Manual. 2 

10.4.1 Sheathing 

Sheathing is used to form the holes or enclose the 
space in which the prestressing steel is located and 
the prestressing steel is installed after the concrete is 
placed. The cross section of the sheathing must be 
adequate to allow proper installation of the pre- 
stressing steel and to provide enough passage area 
for filling the tube with grout subsequent to stress- 
ing. Further guidelines are given in Ref. 2. 

Special attention must be given to the alignment 
of the sheathing. At joints, accurate placing is man- 
datory. Sharp curvature must be avoided or diffi- 
culty may be encountered in threading tendons 
through the sheathing. 

Sheathing may be connected at joints by: 

(a) Telescopic sleeves pushed over the pro- 
truding ducts. 

(b) Screw-on type sleeves. 

(c) Rubber or plastic sleeves. 

(d) Gaskets. 

For (a), (b), and (c), leak tightness must be as- 
sured to avoid the entrance of jointing materials in- 
to the sheaths, causing possible blockage. Also, gas- 
ket joints must offer the same leak tightness as the 
rest of the sheathing. 



10.4.2 Anchor Plates 

The anchor plate is the component of a post-ten- 
sioning system which transmits the prestressing 
force from the tendon anchoring device directly to 
the concrete. Its function is to distribute the con- 
centrated force from the anchoring device over a 
larger bearing area to the concrete. 

The preparation of the surface under the bearing 
plate will depend on the type of plate and placing 
procedure used. 

If the bearing plate is not cast into the concrete, 
the bearing surface should be approximately per- 
pendicular to the prestressing steel to minimize shear 
stresses. The surface must be clean and free from 
foreign matter. The surface should be wire brushed 
to remove all laitance and loose concrete chips. If 
the bearing plate is to be grouted, the surface may 
be roughened by chiseling. 

The anchor plate must be of such shape and di- 
mensions as to limit the bearing stresses to those 
specified in Ref. 2 or in applicable codes. They may 
be placed in any of the following ways: 

LCast into precast segment. This is the most 
commonly used procedure. The concrete must 
be thoroughly vibrated behind the bearing 
plate to avoid honeycomb and to achieve 
proper strength. 

2. Placed against precast surface. When the bear- 
ing plate is placed against the hardened surface 
of the precast element, dry-packed mortar 
should be used between the plate and the con- 
crete. The strength of the mortar should not 
be less than the concrete strength on which it 
bears, and the thickness of the joint should not 
exceed 2 in. The reinforcement of the precast 
concrete underneath the dry-packed mortar 
should be the same as if the plate were cast 
into the precast segment. 

3. Placed against cushioning materials. Cushion- 
ing material may be used under a bearing plate 
when special circumstances require a highly 
uniform stress distribution between bearing 
plate and concrete. The cushioning material 
must not creep after final load. Careful atten- 
tion to details is required. 

The cushioning material must be chemically 
stable and must not change physical properties 
with time and/or under load. It must also be 
compatible with the concrete and the bearing 
plate material/When metals are used as cush- 
ioning material, special attention must be given 
to the possibility of corrosion due to electroly- 
sis. 
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10.4.3 Tendon Layout 

Attention must be given to the tendon layout, to 
make it compatible with: 

1 . Sequence of the segmental construction. 

2. Progressive and subsequent load conditions 
which the segmental structure will undergo 
while being erected. 

It is important to anticipate the secondary effects 
(stresses due to restrained deformations) which post- 
tensioning may have on the structure, and howthese 
effects can be influenced by changes in the tendon 
profile. 

Couplers and splices of post-tensioning tendons 
should preferably not be located in areas where 
yielding may occur under ultimate load conditions. 

10.4.4 Placement and Stressing of Tendons 

When tendonsare installed in the segments before 
casting, they are subsequently coupled together at 
each joint. This construction method permits stress- 
ing of part of a tendon, after installing one or more 
segments, before the full length is completely in- 
stalled. 

Tendons may also be installed after casting and 
erection and may be coupled together at the joint. 
Usually, however, these tendons are installed full 
length. It may be noted that this procedure permits 
intermediate stressing of portions of the structure, 
by using tendons of variable lengths stressing the 
short ones first and the long ones later. 

Special attention must be given to the corrosion 
protection of the post-tensioning steel which, at any 
stage of construction, must remain unbonded. If 
a tendon which contains couplers is to be stressed 
over the full length, the couplers must be able to ac- 
commodate the movement anticipated at that lo- 
cation. 

10.4.5 Grouting 

The purpose of grouting is to provide corrosion 
protection to the prestressing steel, and to develop 
bond between the prestressing steel and the sur- 
rounding concrete. To accomplish this, the grout 
has to fill all the voids in and around the post-ten- 
sioning tendon for its entire length. Grouting pro- 
cedures should follow the recommendations given 
in Ref. 2. 

Grouting should not be done if the temperature 
in the duct is less than 35F or if the surrounding 
concrete temperature is less than 32F. 

Precautions should be taken to eliminate the dan- 
ger of blockage of grout due to the couplers. Coup- 
lers are generally housed in a special, enlarged case- 
ment which should: 

(a) Have at least the same open cross-sectional 



area for passage of grout as the rest of the 
tendon. 

(b) Be provided with a grout inlet and/or vent 
pipe. 

Protection of the tendon ducts against splitting 
from freezing of water in ducts must be provided 
until cement grout can be used. At the low point 
of tendons, drains should be provided to prevent 
water accumulation. 

10.4.6 Unbonded Tendons 

Unbonded tendons may be used in segmental 
construction, provided the strength of the anchorage 
is not less than the strength of the tendon. In un- 
bonded post-tensioning, a corrosion protection sys- 
tem must be provided, which must assure at least 
the same degree of corrosion protection as grout. 
This can be achieved by using a protective coating 
on the prestressing steel, and enclosing the coated 
tendon in an encasement to protect the coating dur- 
ing handling, installation and stressing of the tendon. 

10.5 DESIGN EXAMPLE 1 

The following illustrates the design of a Vieren- 
deel truss used as the facade of an office building in 
an earthquake zone. 3 Each truss is composed of six 
I sections and ten short link sections, with four 
special segments forming the ends. The trusses are 
supported on cast-in-place hollow columns (column 
voids provide space for mechanical ducts), and the 
truss-column juncture is accomplished by reinforc- 
ing extending from the truss and splicing with col- 
umn steel. The frame is designed to provide 25% of 
the required resistance to earthquake forces. In ad- 
dition, the surfaces of the end pieces to be encased 
in the column are made rough. Each end piece and 
the columns themselves at the junctions are rein- 
forced for shear. 

One entire truss was cast on its side, with form 
dividers placed to permit casting of alternate sec- 
tions. After a short delay, the dividers were re- 
moved, the exposed concrete faces coated with form 
oil, and the intermediate segments cast. All joints 
were assembled dry. 



Design of Vierendeel Truss 

1. Design Data 
Materials 
Concrete 

f; = 6000 psi at 28 days 
V d = 5000 psi 
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'—(^column 



ELEVATION 



^column- 



Steel 



t 



t = 



f pu = 



= 40000 psi #5 and smaller 
(nonprestressed steel) 
60000 psi #6 and larger 
(nonprestressed steel) 

255,000 psi for .276" wires 
(to be grouted after tensioning) 

Specification - ACI 318-71 

Loads (at each panel point per chord) 
Dead (Fl. Beam Reaction) = 19.8 k 
Live (Fl. Beam Reaction) = 10.2 k 

7.33 



Dead (Self Wt.) = 10(1) + 



(.52) = 11.9 k 



Lateral Loads — Frames consisting of exterior 
columns and Vierendeel trusses designed to re- 
sist 25% of earthquake forces. (Note: Earth- 
quake governs over wind) 

2. Member Properties 



MEMBER PROPERTIES 
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Section "A-A" (Top Chord) 

Atota, = 971 in. 2 
I x = 244553 in. 4 
S B = 8405 in. 3 
S T = 9066 in. 3 
Weight = 1011 plf 
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Section "B-B" 
(Bottom Chord) 

Atotal = 969in ' 2 

l x = 250167 in. 4 
S B = 9087 in. 3 
S T = 8787 in. 3 
Weight = 1010 plf 



Section "C-C" (Verticals) 

A t otal = 500 in " 2 

Weight = 521 plf 



3. Results from Computer Run (Stress 3.0 
Program) at Levels 6 and 7 

Conventions 

— Moment (M) is + on end of member 
when <$ (counterclockwise), ft-kip 

- Shear (V) is + on end of chord member 
whenf and + on end of vertical member 
when «*— , kip 

- Axial Force (N) is + in member when com- 
pression, kip 

— Stress (f) is + when compression, ksi 

Due to earthquake (in direction from right to left): 

— The critical design condition is: 
dead ± earthquake 
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DUE TO LIVE LOAD 



Design Comments 

® For economy and simplification two different 
types of trusses were designed and built. The 
first type was used at floors 6 to 13 (parts of 
the design being included here) and the second 
type at floors 14 to 27. The second type dif- 
fered from the first in respect to reinforcing 
steel and prestressing tendon profile because 
of smaller forces and moments. 

® The design of the first type of truss was con- 
trolled by the forces and moments at floors 6 
and 7. 



5. Stresses in Chords Due to Dead and Applied 
Loads 

Moments from computer run are at t of col- 
umn. These moments are to be reduced for de- 
sign purposes. The value of these moments at 
(say) 7 in. from face of column is used for design. 



-<£_ column 

-t r- ^face of column 



211" 



assumed plane 
■ of reduced 
design moments 



h- 7" 



-i2'9y 2 " 





M 1 +M 2 
12.79 

° r M design 



1 2 + M design 

9.88 



= .77M 1 - .23M 2 



For bottom chord of truss at column, the design 
moments are: 
Due to dead loads: 



M r 



.77(1218) -.23(330) = 862 ft-k 



Due to earthquake loads: 

M E = .77(795) -.23(-37) = 621 ft-k 

For top chord of truss at column, the design mo- 
ments are: 
Due to dead loads: 



M r 



.77(822) -.23(41) = 624 ft-k 



Due to earthquake loads: 

M E = .77(482) -.23M32) = 402 ft-k 



For bottom chord of truss at column: 

T ^ tOP -32 862(12) _ 
fj =969" 8787 -"0.03-1.18 

dead * 

load = -l.21 ksi 



earth 
quake 



f£ 



172 621(12) 



969 



8787 



= ± [0.18-0.85] = ± 0.67 



ksi 



f 



bottom 



J32 862(12) = + 

D 969 8787 



= 1.11 



ksi 
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1 



172 621 (12) 



.969 9087 

= ± [0.18 + 0.82] = ± 1.00 ksi 



i 



•169 402(12) 



.971 8405 

± -0.17 + 0.57 = ±0.40 ksi 



f D + E = -1-88 k,i or -0.54 ksi 



fB +E = -2.11 ksi or 0.11 



ksi 



For top chord of truss at column: 



f T D 



^ 



-84 624(12) 



971 9066 

-0.92 ksi 



- 0.09 - 0.83 



169 402(12) 



971 9066 

± [-0.17- 0.53] = ±0.70 ksi 



fB = d?4 + 624 ( 12 ) 
D 971 8405 



0.09 + 0.89 



= 0.80 



ksi 



•"• f S + E = "1-62 k,i or -0.22 



)ksi 



f B 



1.20 ksi or 0.40 ksi 



6. Prestressing Force and Cable Profile 

• After numerous trials the following profile 
was chosen see below 



The eccentricity of the steel (C.G.S.) to the 
concrete (C.G.C.) varies linearly between the 
end and first panel points. Otherwise the 
C.G.S. and C.G.C. coincide (i.e., e s = 0). 

As the Vierendeel trusses are post-tensioned 
prior to the casting of the supporting end col- 
umns, it is assumed that the ends of the trusses 
are free to displace under the action of the 
prestressing forces. Hence, secondary bending 
moments are not created. 



end piece 



tendon <fc_ 



\ 




CO 


4 


I 


o 


o 


(N 
CO 


4- 


I 


f> 


o 


o' 


o 


7 




t 






c.g.c. 



c.g.c. 



-end panel point 



first panel point 
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For bottom chord at 7 in. from face of column, 
9.87 



65 11.54 



(10.47) = 8.95 in. 



For top chord at 7 in. from face of column, 
9.87 



65 11.54 



(6.20) = 5.30 in. 



— Check at top of bottom chord at column for 
tension = 0, 



JL + Fe s + f T 



D + E 







f i± + m\ -1.88 = 



\969 8787/ 
or F = 91 7 k (effective prestress force) 

— Check at top of top chord at column for ten- 
sion = 0, 



F 1=^ + ^-1.62-0 



^971 9066 
or F = 1003 k 



- Try F = 1200 k (i.e., 600 k per tendon) 
Maximum compression allowed 

.45 f' c = .45 (6) = 2.7 ksi 

— Check at bottom of bottom chord at column 
using F = 1200 k 



Fe. 



1200 1200(8.95) 



+ i. + f B _ "-"" _ "-"" '"■ — ' +211 

S B 969 9087 

= 1.24- 1.18 + 2.11 

= 2.17 ksi < 2.7 ksi o.k. 



Immediately after anchoring tendons, F is not 
to exceed 



0.70 
0.60 



(1200) = 1400 k 



7. Check Stresses in Concrete 

— At top of bottom chord at column with F 
1400 k 



A S-r 



1400 1400(8.95) 



969 8787 

= 1.44+1.42 = 2.86 ksi < .6f c 
= .6 (5 ksi ) = 3 ksi o.k. 



— At top of bottom chord at column with F = 
1200 k 



A + S 



s + f T 

+ T D + E 



1200 1200(8.95) 



969 8787 

- (1.88 or .54) = 1.24 + 1.22 

- (1.88 or .54) = 0.58 ksi or 1.92 ksi o.k. 

— At bottom of bottom chord at column with 
F = 1200 k 



A S c 



+ fB 

T 'd+e 



1200 1200(8.95) 



, B 969 9087 

+ (2.11 or0.11) = 1.24 - 1.18 
+ (2.11 or 0.11) =2.17 ksi or0.17 ksi o.k. 
— At top of top chord at column with F = 1200 k 



F Fe 
A S T 



s , f T 
+ T D + E 



1200 1200(5.30) 



971 9066 

- (1.62or0.22 ksi ) = 1.24 + 0.70 

- (1.62 or .22) = 0.32 ksi or 1.72 ksi o.k. 

At bottom of top chord at column with F = 
1200 k 



A S D 



+ f B 
T 'd+e 



1200 _ 1200(5.30) 
971 



8405 



+ (1.20 ksi or0.40) = 1.24 - 0.76 
+ (1.2 or 0.4) = 1.68 ksi or0.88 ksi o.k. 

— At top of top chord at first panel point 

M E = 407ft-k, l\l E = -122ft-k 

M D = 331 ft-k, N D = -20ft-k 

(Note: No reduction is made for interior panel 



point moments) 




fT = -f- + fT . f T 
T total A + T D + T E 




1200 /-331 (12) 
971 + \ 9066 


20 
971 


/-407 (12) 122\ 





9066 



971 



= 1.24 + (-.44- .02) + (-.54- .13) 
= 1.24 - .46 - .67 = .11 ksi o.k. 
At bottom of top chord at first panel point 
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fB _ _!_ , f B , fB 
'total ^ T 'D 'E 



= 1.24 + 



331 (12) 20 



8405 971 

407(12) 122 



8405 971 

= 1.24-+ (.47- .02) + (.58- .13) 

= 1.24+ .45 + .45 = 2.14 ksi o.k. 

— By inspection it can be seen that the stress 
conditions at other panel points would be 
smaller than the points investigated. 

8. Check Ultimate Flexural Strength 

— The critical condition occurs in bottom chord 
at column 

M u = 1.4(862) + 1.7 (1.1) (621) 

U D + E 

= 2368 ft-k 

— Check location of neutral axis 

2 (66) (.06) 
P n = ^„ ,- ,„„ ,„. = 0.0101 
p 21.5(36.48) 

(Note: Use 66 - .276 in.0 wires per tendon. 
.-. Ap s = '2(66) (- 06 ) = 7.92 in. 2 



fps = fpu I 1 - 



■ 5 Pp f pu 



255|1 . AJL0IPIM255J )=20()ksi 



1 - 4d Pp f Ps = 1.4 (36.48) (.0101) (200) 

f , _ 

= 17.2 in. < 18.25 in. 
(average flange thickness) 
.'. Neutral axis is in flange. 



Ppfps .0101(200) „„„„^ nnn 
to p = -~- = r 2 L = 0.336 > 0.30 



0[.25flbd 2 ] = 0.9 



■ 25 (6) ~r~ (36.48) 2 



12 



= 3219 ft-k > 2368 ft-k o.k. 



7.92 (255) (s) 



/IE 
V 1 



48 



80(40) (36.48) \ 14 
For A = 2 (0.31) = 0.62 in. 2 (#5 □ 



.0279 s 



s = 



0.62 



22 in. 



.0279 

Use 12 in. as maximum spacing 
— In the first panel the shear is constant and 
V u = 1.4 (124) + 1.7 (1.1) (61) = 288 k 

v.. 



288 



0bd .85 (14) (.8) (53) 



570 psi 



— Check v cj at column and at first panel point at 
column 



V ri = 124\ V, = 288 k , M = 2368 ft-k 

a ' i ' max 

f pB = 1.24 + 1.22 = 2.46 ksi , d = .8(53) 
= 42.4 in. 



= 32. 862(12) 
d 969 + 8787 



= .033 + 1.17 = 1.21 



I 



ksi 



4cr = -*7 < 6 ^T + fpe-f d ! 



= 8787 (6\/ 6000 + 2460 - 1210) 



12000 



= 1255 ft-k 



v ci = 0.6Vf' c + 



(V. + V,M /M ) 

' d I cr' max' 

b,.,d 



v ci =0.6^6000-+ I0 3 (l24 + ^P) 

14(42.4) = 46 + 466 = 512 psi 
At first panel point 



V d = 124 k , V, 
= 462 ft-k 



288 k 



s 1.4 (330) 



pe 



1.24 1 "', d = 42.4 in. 



= j2_ 330(12) = 0334+44= 47ksi 
d 969 9087 ' u ^ 4 + - 44 - 4/ 



9. Shear Steel Design for Bottom Chord 



fse > -4f pu 



A„ 



^ps 

80 



f v d V b w 



M cr = 9087 



(6 V 6000 + 1240- 470) 



12000 



935 ft-k 
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v ri = .6 V 6000 + 10 3 124 + 



288 (93 5) 
462 

14 (42.4) = 46 + 1190 = 1236 psi 

— Check v cw at column and first panel point 

At column 



f = 2 - 4 3 + -06 = , 25ksi 
•pc 2 



V„ 



.87 



11.54 



(1200) = 91' 



v cw = 3.5v/fT+ .3f pc +^ 



3.5V6000 + 



.3(1.25) + 



91 



14 (42.4) 



10 3 



= 271 + 528 = 799 psi 
At first panel point 



V p = 



f = 1 24 ksi 

'pC ' "^ 

v cw = 3.5V6000 + .3(1.24) 10 3 

= 271 + 372 = 643 psi 
— Shear steel required 



A„ = 



f„ 



b.„s 



/ 57 °- 512 Vl4) (s) 
V 40000 



= .0203 s 



A, 



or s 



.62 



For #5 □ = 30 in. 



.0203 .0203 

Arbitrarily use #5 □ at 6 in. for 
2 ft 6 in. from column face and 
#5 □ @ 12 in. elsewhere 

Use same shear steel for top chord 



10. Check Shear Capacity at Interface 
Between Precast Elements 

— At first interface in first panel of bottom 
chord 



V = 124 + 61 

max " 



185 k 



pc 



1.24 



ksi 



Use coefficient of friction of 0.5 between 
concrete surfaces 

Shear capacity at interface due to friction 

- 1.24(14)(53)(.5) = 460 k > 185 k o.k. 

WEB AREA 



7 1. Anchorage of Truss End Pieces to 
Cast-ln-Place Columns 



10-+9- 



10-#9r^ 



8 -#9^ 
each face 



10-*9f 



10 -*9- 



7 



face of col. 




truss chord 



Note: For clarity, column bars, ties and 
other standard bars have not been shown. 



F u = axial force in end panel of chord 
= 3/4 [1.4(84) + 1.7(1.1X169) 

+ 1-7F temp .] = 3/4(434 k + 1.7F temp ) 
F temp (axial temperature force in chord) 

For a temperature differential of AT = 70F: 
6 - a L AT 

= 0.000006 (70) (12) (70) 
= .353 in. 

Ftemp.- 10-31 (f>I c s/h 3 

(from PCI Design Handbook, 1971, p. 6-5) 5 
^ 3,644 \ 84 4 / 0.353 ' 



= 10.31 



- 17V 



12 
432 3 



;. F u = 3/4(434 + 1.7 x 171) = 544 k 



Place #5 rebar on one side face and 1 in. 
bolts on the other side face. These bars and bolts 
project through the side faces of the end piece and 
transfer shear due to axial forces into the column. 
The bolts are placed into sleeves that are inserted 
into the end piece prior to its casting. The use of 
bolts on one side simplifies the casting of the end 
pieces. 



10-14 



Each side of the end pieces is cast rough. 



Each side has to transmit 


2 


= 272 k in 


shear. 


Use shear-friction concept 








272 
«» = 27 (56) " ,3 ° 


psi 






column 
concrete 








< .2 f' c = .2(4000) = 


800 


psi o.k. 




For #5 bars 








A - Vu 








vf 0f y M 




272 


8 in. : 


i 




.85 (40) (1.0) 




Use 26- #5 (f y =40 ksi ) 









Fori in. bolts (f, =60 ksi ) 



A.,f 



272 



vf .85 (60) (1.0) 



= 5.33 in. 2 



Use 10 - 1 in. (f> bolts (f y = 60 ksi ) with nuts on 
end in column. The bolts are to be coated with 
epoxy and then inserted into sleeves cast into 
end piece. 

At interfaces of sides of end piece and column 
concrete place rebar (acting in tension) to pre- 
vent any widening of vertical cracks in end piece. 

272 



As .9 (60) 



- 5.1 in. 2 



Use 8 - #9 i_j each side face 

& To transfer moment of end piece into column 
M u (at column) - 2368 ft-k 
Shear forces at top and bottom of end pieces at 



column 



2368 
4.66 



= 508 k 



= 508 
Vu 27 (40) 



= 470 psi < 800 psi 



508 



Avf "85(60) (1.0) 



= 9.96 in. 2 



Use 7 - #1 1 projecting above and below the end 
piece 



At interfaces of top and bottom of end piece 
with column concrete place rebar (acting in ten- 
sion) to prevent any widening of cracks that 
would prevent shear transfer. 

508 



A s = 



.9(60) 



9.4 in. 2 



Use 10-#9 n/f y = 60 ksl ) 

Above and below the end pieces use 10 - #9 

(f y = 60 ksi ) to positively transfer the moment in- 
to the column. 



Fig. 10.3 Overall view of Gulf Life Center, 
Jacksonville, Florida 




■PHffl! 

*2!^ Nnm famr 
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10.6 DESIGN EXAMPLE 2 

The following design example illustrates the use 
of cantilever facade beams constructed by use of 
segmental elements for the Gulf Life Center, Jack- 
sonville, Florida. Since this structure was com- 
pleted in 1967 the design followed AC I 318-63. 
This is reflected by the use of higher load factors 
and the analysis for torsion. Nevertheless, the 
engineering principles remain applicable for present 
day design. Fig. 10.3 shows an overall view of the 
structure while Fig. 10.4 shows the construction 
method and joint details. This structure employs 
precast concrete shells, into which column rein- 
forcing and concrete is field placed, as well as pre- 
cast facade beams, thus providing a homogeneous 
exterior appearance. 



The girders, which are symmetrical about their 
centerline, are continuous through two columns, 
with a 49 ft center span and two 42 ft cantilevers. 
Beams are post-tensioned after assembly, and after 
field grouting of joints. 

The construction sequence was as follows: The 
precast column shells are positioned and girder seg- 
ments erected on temporary trusses. At the grouted 
joints, a seal is obtained around the periphery by 
use of a compressible gasket. Rubber tubes are in- 
serted into the post-tensioning voids and inflated. 
Grout is then introduced into the joint. The rubber 
tubes are then deflated, withdrawn, and the post- 
tensioning introduced and stressed. 



Fig. 10.4 Construction method and joint details 



rear face of column 
ducts 



precast girder segments 



pneumat 




temporary shoring truss 



Beam Assembly showing precast elements, temporary truss and prestressing. 



416 in topping 



Matching precast segments, 
showing gaskets and locating sleeves. 




insert 



metal bracket double tee 

core wall — 4 



Mr 



TYPICAL FLOOR CONSTRUCTION 
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Shear and Torsion Summary — Case I 

The following is a summary of shear stresses due to load, including the effects of torsion. The principal stresses at var- 
ious joints are calculated assuming the member is homogeneous, in order to verify the principal stresses at ultimate, a 
load factor of 2 is assumed. The resultant stress is compared with a chosen limit of 4 vf' c - 
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Exterior Beam — Loading Conditions 

The following indicates the various loading conditions 
which are investigated: 



JL 



Case I 

typical 



Case II 



Case Ml 



Case IV 



D+L 
20.5' trib 



Girder 

only 



Girder 

only 



D + L 



20.5' trib- 



D + L 
9' trib 



D + L 
20.5' trib 



D + L 
9' trib 



D + L 
20.5' trib 



Girder 
only 



Girder 
only 



o 



or 1.7b'd\/fT 



= 464 k (min) 



v cw = b'd (3.5\/f7 + 0.3 f pc ) + V p 



54(71.5) 



3.5(70.7) + 0.3(220) 



1000 
+ 38 = 1248 k 

V u = 1.5(138) + 1.8(33) = 267 k < 0V C 

= 516(.85) •'• No Stirrups Req'd 
Torsional Shear 



T _ 



220 
1.5(70) (— :) + 1.8(18) = 78 + 32 



l 298 

1.5V U _ 1.5(267) 
A ~ 4270 



x 1000 



= 110 psi 

94 psi 



204 psi 



Total V„ = 267 



204 
94 



) = 580 k > 516(.85) 
.'. Stirrups Req'd 



Exterior Beam — Exterior Span 

Ultimate Shear Capacity 

@ Root: A = 29.60 ft 2 = 4270 in. 2 

S = 32.40 ft 3 = 56,000 in. 3 

b = 4.5 ft = 54 in. 

D = 6.58 ft = 79 in. 

d = 71 1/2 in. 

M cr = s(6V?7 + f P e - f d > 

= 56,000 (6\/5000 + 220) 

= 36,100,000 in. -lb = 3000 ft- k 
M„ 



V ci = .6b'dVf' c + 



M + 
V 2 



d d 



.6(54) (71.5) (70.7) 
3000 x 1000 



2912 
171 



35.7 
12 



V, 



V. 



= 164,000 1b 
= 214,000 1b 

= 138,000 1b 

= 516 k ^V„ 



Ultimate Shear Capacity 



@ Transition: 


A 


= 


8.1 ft 2 


= 


1165 in. 2 




S 


= 


5.96 ft 3 


= 


10,300 in. 3 




b 


= 


1.835 ft 


= 


22 in. 




D 


= 


4.416 ft 


= 


53 in. 




d 


= 






40.25 in. 



= 10,300(424 + 860) = 13,200,200 in.-lb 
= 1100 ft-k 



V ci = 0.6(22) (40.25) (70.7) 
1100 x 1000 



1370 20.1 



= 37,500 
= 96,500 



104 



12 



V d = 82,000 



V ci = 216 k 



-V. 



or 1.7 b'd Vf, 



V. 



22(40.25) 
1000 

+ 38 = 486 k 



106 k (min) 
3.5(70.7) + 0.3(860) 
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V u = 1.5(82) + 1.8(22) = 163 k < 0V C 
= 216(.85) ■'. No Stirrups Req'd 
Torsional Shear 



v^ = 1.5(184) ~ +1.8(52) 
M T 

ivi jl 



= 198 + 94 

= 1.5(163) 
1165 



(1000) 



,502. 



= 292 psi 

= 210 psi 
502 psi 



Equiv. Total V u = 163 (~) = 390 k 

> 216(.85) :. Stirrups Req'd 



(D A„ = 



= (V u +V^-0V c ) 

(V u - 0V c )s 205 s 



d f y 0.85(40.25) (40) 



= 0.15 s x 1 / 2 * = 0.075 s 
Si Fors=12" A v =0.9in. 2 use #6Q@ 12" o.c. 



CO 



Fors = 8" A v = 0.61 in. 2 use #5Q@ 8" o.c. 

Use #6 0(5) 12" o.c. to 20' from face of 

support, then #6 □ @ 24" o.c. for 
5'0", then #6 @ 36" o.c. 



*A V for ultimate is based on uniform stress dis- 
tribution at C.G.C. while torsional shear is tri- 
angular. .". A v for torsion = 1/2 A v for shear. 



A r 



f' 




^i = i x f; x dvb' 



@ Root: Min A.. 



7.37 /270\ s /71.5 n n , 

= ~W \4o) tTs" V"5T = °" 01 s 

Fors = 20" A v = 0.20in. 2 use #3li@ 20 in. 

For s = 40" A v = 0.40 in. 2 use #?Lf@ 40 in. 

A s AT 

V '* = *80 f Wb' 

= 0.85 f-~^j(270) (1.15) = 24.3 k 



@ Transition: Min A w 



7.37 /270 



80 



42.5 



Where d = -^- (53) 



40/ 42.5 V 22 
48 in. 



0.0203 s 



79 

Fors=20" A v = 0.40in. 2 use #4U@ 20 in. 
or 0.8(53) = 42.5 in.— Use 
Fors = 30" A v = 0.61in. 2 use #5Lf@ 30 in. 
V's = 24.3 (^|) = 29.3 k 

Req'd A v @ Transition for (V u - <£V C ) = 205 k 



Mk 



(2) A, 



M T s 



from Ref. 4 



CO 

c 



At Transition: 

= 88(1 2)s 

v 0.8(20) (18) (49) 

Checks Ultimate o.k. 



0.075 s 



Fors=12" A v =0.9in. 2 use #60 @ 12" 



At Root: 

298(12)s „„„ 

A — : * = n nc r 

0.8(20) (50) (75) 
.075 s o.k. 



Connection @ Ends of Cantilever 

The forces which might be introduced due to 
shrinkage and temperature change are estimated, 
assuming full restraint. Since the forces generated 
by full restraint are high, provision is made to per- 
mit movement. 

Assume connection is made 60 days after stress- 
ing. Therefore, approx. 85% of shrinkage has oc- 
curred and 65% of creep. 

For L = 66.5 ft from <L Bldg: 

Total A c + A s = (600 + 700) 
x 10" 6 (66.5) (12) = 1.04 in. 
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Sdl* HV3HS 
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.65A„ + .85A C 



M 



Torsion 



= 18.3 ft-k 



= 0.31 + 0.47 = .78 in. 

A Conn = 0.26 in. (Horiz.) 

Force req'd to restrain movement of 0.26 in.: 
.26 



F » 1220 (- 



1011 

D ^ a 3140 

N'dA s = — 



) = 3140 k 



157 in. 2 



(impractical) Allow movement 



Temperature Movement 



For AT - 50 F 

A T - 6 x 10" 6 x 66.5 x 12 x 50 

= 0.24 in. Allow ±1/2 in. Total A H 



Moment Taken by Reinf.: 

M =18.3+10(1) = 28.3 ft-k say 30 ft-k 
30 



A = 

1.44 



(20) = 1.05 in. 2 



Use 5 - #5 @ 4" o.c. top and bottom 
Moment Taken by Key: 

M - 10(1) = 10 ft-k 
Key Stresses 

p a. M n ■ 

— ± — = Bearing stress 



10,000 + 10,00 0(12) (6) 



1.5(24) 1.5(24) 2 

- 1110psifor 1 1/2 in. key 



= 278 ± 832 



Add 5-#5 @ 6" o.c, 
diagonal in topping 
5' 0" long 



Note: Wrap all dowels 
from exterior beam 
to slab with 1/2 in. 
compressible mat'l 
at cantilevers only. 





Key 2"x25"x9' deep 
with 1/2in.Celotex . 
each end 



5-*5 @ 4,"± o.c; 
top and bottom 



5-*5@ 4" 
vertical spacing 



SECTION PLAN 

Note: Wrap all dowels from ext. beam to slab with V2 in. of compressible material at cantilevers only. 



The design provides for a concrete key at the 
connection at end of cantilever. An estimate is 
made of possible forces on the key due to tempera- 
ture differentials on one face of the building. 



v LL 



5.5 k Design connection for V = 10 k to 
allow for possible temperature differ- 
ences due to solar radiation on one side. 



or 830 psi for 2 in. key 

Use 24 x 2 x 9 in. deep key 
10,000 



'key 



24(9) 



46.3 psi avg. o.k. 
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5 *5 top 
and bottom 




stress 
on key 



P/A = 208psi— £Y 
M/S = 624psi- 



^ 



10.7 REFERENCES 

1. PCI Committee on Segmental Construction, "Recom- 
mended Practice for Segmental Construction in Pre- 
stressed Concrete/' PCI Journal, V. 20, No. 2, March- 
April, 1975, pp. 22-41. 

2. Post-Tension ing Manual, Post-Tensioning Institute, Glen- 
view, Illinois, 1976. 

3. Martynowicz, A. and McMillan, C.B., "Large Precast Pre- 
stressed Vierendeel Trusses Highlight Multistory Build- 
ing," PCI Journal, V. 20, No. 6, November-December, 
1975, pp. 50-65. 

4. Cowan, Henry J., "Design of Beams Subject to Torsion 
Related to the New Australian Code," ACI Journal, 
American Concrete Institute, V. 31, No. 7, January, 
1960, pp. 591-618. 

5. PCI Design Handbook, Prestressed Concrete Institute, 
Chicago, Illinois, 1971. 



10-23 



CHAPTER 11 
EARTHQUAKE DESIGN 



PAGE MO. 

11.1 GENERAL 

11-2 

1 1.2 BUILDING CODE REQUIREMENTS 

11.3 SEISMIC FORCES . . . 

' 11-2 

11.3.1 Load Resisting Elements AA „ 

11-2 

1 1 .3.2 Non-Load Resisting Elements 

1 1 .3.3 Connections for Exterior Panels 

11.4 DESIGN GUIDELINES FOR PANELS . . 

' • ■ 11-4 

11.5 DESIGN GUIDELINES FOR CONNECTIONS 

11-7 

11.6 ANALYSIS PROCEDURE 

* 11-7 

1 1.6.1 General ....... 

■ 11-7 

11.6.2 Sandwich Panels .... 

11-7 

11.7 SEISMIC STRENGTHENING OF EXISTING STRUCTURES 

11 — 8 

11.8 DESIGN EXAMPLE 1 

11-9 

11.9 DESIGN EXAMPLE 2 

11-13 

11.10 REFERENCES 

1 1-20 



11.1 GENERAL 

Earthquakes generate horizontal and vertical 
ground movement. When the earthquake passes be- 
neath a structure, the foundation will tend to move 
with the ground, while the superstructure will tend 
to remain in its original position. The lag between 
foundation and superstructure movement will 
cause distortions and develop forces in the struc- 
ture. As the ground moves, distortions and forces 
are produced throughout the height of the struc- 
ture. A good indication of the distortions and for- 
ces can best be determined by a dynamic analysis, 
with consideration given to the character of the 
soil, the type and duration of impulse, and the 
physical properties of the structure. In lieu of dy- 
namic analysis, building codes present formulas for 
equivalent static forcesand force distribution which 
permit an acceptable alternative for the analysis of 
a majority of the structures. 

The current philosophy for the design of earth- 
quake resistant structures permits minor damage 
for moderate earthquakes, and accepts major dam- 
age for severe earthquakes provided that complete 
collapse is prevented. Seismic resistance can be 
improved by setting limitations on structural de- 
flections. The design details often require large, 
inelastic deformations to occur in order to reduce 
the inertia forces. This is achieved by providing 
member and connection ducility. While this duc- 
tility prevents total collapse, the resultant distor- 
tions may lead to significant damage to mechani- 
cal, electrical, and architectural elements. 

To limit damage, three paths are open to the de- 
signer. First, the elements may be uncoupled from 
the structural system, so that these elements are 
not forced to undergo as much deformation as the 
supporting structure. Second, the deflection of the 
support could be reduced in order to minimize de- 
formations of the architectural elements. Third, 
the connection between individual elements and 
the supporting frame could be designed to sustain 
large deformations and rotations without fracture. 
Generally, the first or third approach is adopted 
for non-structural architectural wall panels. 

Buildings may be designed as either flexible or 
stiff. Flexible structures will develop large deflec- 
tions and small inertia! forces; conversely, stiff 
structures will develop large inertial forces but 
small deflections. Either type may be designed to 
be safe against total collapse. However, experience 
demonstrates that a stiff structure, properly de- 
signed to account for the large inertia forces, will 
incur significantly less damage to architectural, 
mechanical, and electrical elements. 

Since ground motion is random in direction, a 
structure which is shaped so as to be equally resis- 
tant in any direction is the optimum solution. Fur- 



thermore, closed sections (i.e., boxes or tubes) 
have demonstrated markedly improved behavior 
when compared with open sections, because: (1) 
closed sections provide a high degree of torsional 
resistance, and (2) the axial higher stresses and 
resultant deformations in the exterior columns pro- 
vide significant energy absorption. The use of the 
architectural precast concrete facade, consisting of 
spandrel beams and closely spaced columns (mul- 
lions) will at one and the same time provide the ex- 
terior skin and structural tube. 

The energy dissipation characteristics of precast 
walls will depend to a great extent upon the behav- 
ior of the connections. In addition, precast walls 
with large openings can behave in a flexurally duc- 
tile manner, similar to a beam-column system. 
However, unless comprehensive test data are avail- 
able, precast wall type structures should be treated 
as specified by codes for shear wall structures. 

11.2 BUILDING CODE REQUIREMENTS 

This chapter follows the seismic requirements of 
the 1976 Uniform Building Code (referred to here- 
in as UBC-76). 1 Reference should be made to that 
document, or to the local applicable code if differ- 
ent, when preparing the design. 

The seismic forces specified by the UBC-76 are 
applied as static forces in the horizontal direction, 
and an elastic analysis is then performed. The equiv- 
alent lateral load due to seismic activity is a function 
of the location of the structure, type of construc- 
tion, period of vibration of the structure and the soil, 
and the relative importance of the structure/With 
this information known or estimated, a base shear 
is calculated which represents the induced lateral 
force of the entire structure; this total force is then 
distributed to the various floor levels in accordance 
with the UBC-76 specified procedure. 

For non-structural elements, or structural ele- 
ments which do not participate in the lateral resis- 
tance of the building, special load factors are applied 
to the connection, to assure that the element will 
remain in place. The forces on these connections 
are treated locally; that is, the reactions are carried 
to the support but not through the entire struc- 
ture. The connections must also allow for a relative 
movement between stories (drift) as indicated in 
Sect. 11.4. 

11.3 SEISMIC FORCES 

11.3.1 Load Resisting Elements 

As an integral part of the lateral load resisting 
system, load bearing wall panels and shear walls are 
designed for member forces resulting from the analy- 
sis of the total structure subjected to the base shear 
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V. In its simplest form, the base shear V applied to 
the structure in a horizontal direction, is: 



V = ZIKCSW 
where: 



(Eq. 11-1) 



C 

T 



1 



- < 0.12 
15VT 

fundamental elastic period of vibration 
of the structure in the direction under con- 
sideration, sec. 



Z = numerical seismicity of the site as specified 
by seismic contour maps (Fig. 11.1) 



Simplifying formula: T = 



0.05 h u 
"7^ 



Zone Number 


1 


2 


3 


4 




Z Value 


3/16 


3/8 


3/4 


1 





where: 

h u = height of structure, ft 

D = dimension of structure in a direc- 
tion parallel to applied force, ft 



I = occupancy importance factor (Table 11.1) 



Table 11.1 UBC - Table No. 23-K - Values for 
occupancy importance factor I 



TYPE OF OCCUPANCY 


I 


Essential facilities 


1.5 


Any building where the primary occupancy is 
for assembly use for more than 300 persons (in 
one room) 


1.25 


All others 


1.0 



K = function of framing type (Table 1 1 .2) 



Table 1 1.2 UBC - Table Wo. 23-1 - Horizontal force 
factor K for buildings or other structures* 1 * 



TYPE OR ARRANGEMENT 
OF RESISTING ELEMENTS 


VALUE OF 

K 


1. All building framing systems except as hereinafter 
classified 


1.00 


2. Buildings with a box system 


1.33 


3. Buildings with a dual bracing system consisting 
of a ductile moment resisting space frame and 
shear walls or braced frames using the following 
design criteria: 

a. The frames and shear walls shall resist the 
total lateral force in accordance with their relative 
rigidities considering the interaction of the shear 
walls and frames 

b. The shear walls acting independently of the 
ductile moment resisting portions of the space 
frame shall resist the total required lateral forces 

c. The ductile moment resisting space frame shall 
have the capacity to resist not less than 25 percent 
of the required lateral force 


0.80 


4. Buildings with a ductile moment resisting space 
frame designed in accordance with the following 
criteria: The ductile moment resisting space frame 
shall have the capacity to resist the total required 
lateral force 


0.67 



1 Where wind load would produce higher stresses, this load shall be used 
in lieu of the loads resulting from earthquake forces. 
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s = 



numerical coefficient for site-structure 
resonance. Where the value of the funda- 
mental period of the structure (T) and the 
characteristic period of the site (T s ) are 
not known, S may be taken as 1.5. Note: 
C times S need not exceed 0.14 



W = 



total dead 
tion) 



load (see UBC-76 for excep- 



The total base shear, V, is distributed over the 
height of the structure and between the elements of 
the lateral force resisting system in accordance with 
relative stiffness of the different elements. In addi- 
tion, horizontal torsional moments, overturning, 
drift and building separation should be investigated. 

11.3.2 Non-Load Resisting Elements 

Precast non-load bearing, non-shear wall panels 
and their supporting connections shou Id be designed 
for a lateral force F p to be applied at the center of 
gravity of the panel in any horizontal direction (ex- 
cept as provided in Sect. 1 1 .3.3), where: 

(Eq. 11-2) 



Fp = 



ZIC p SW p 



and where: 

C p = 0.2 (Table 11.3), or as required by local 
ordinance 



11.3.3 Connections for Exterior Panels 

Connections for exterior panels should be de- 
signed to resist the following force, assumed to act 
in any horizontal direction: 



p 
where: 



2ZV\L 



(Eq. 11-3) 



Z = numerical seismicity of the site 



W = panel weight 

Connections and joints between panels should be 
designed to accommodate the movement of the 
structure as indicated in Sect. 11.3.2. It is impor- 
tant to note that neither the panel nor the support- 
ing structure need be designed to resist these forces. 
Connections which permit movement in the plane 
of the panel for story drift should be properly de- 
signed sliding connections using slotted or oversize 
holes or may be connections which permit move- 
ment by bending of steel or other connections pro- 
viding equivalent sliding and ductility capacity. 

11.4 DESIGN GUIDELINES FOR PANELS 

UBC-76 provides sufficient information for the 
determination of forces on, and the structural de- 
sign of, load bearing walls subjected to seismic 



Table 11.3 UBC - Table No. 23-J - Horizontal force 
factor Cp for elements of structures 



PART OR PORTION OF BUILDINGS 


DIRECTION 
OF FORCE 


VALUE OF 


Exterior bearing and nonbearing walls, 
interior bearing walls and partitions, 
interior nonbearing walls and partitions. 


flat 
surface 


0.20 


Connections for exterior panels 


Any 
direction 


2.00 



w n 



dead weight of panel 



In addition, the panels should accommodate 
movement of the structure. In flexible structures, 
connections and joints between panels should al- 
low for a relative lateral movement between sto- 
ries of 2 times the story drift caused by wind, or 
3/K times the story drift caused by seismic forces, 
or 1/4 in., whichever is greater. Connection duc- 
tility and rotational capacity should be sufficient to 
prevent fracture of the concrete or brittle failures 
at or near welds when subjected to force F p . Inserts 
in concrete should be attached to, or hooked around 
reinforcing steel, or otherwise terminated so as to 
effectively transfer forces to the reinforcing steel. 



forces. With respect to behavior of structures sub- 
jected to the large lateral forces associated with seis- 
mic activity, the following comments are pertinent: 

1. Exterior walls, normally perforated for win- 
dows, will act somewhere between an unper- 
forated wall and a flexible frame. For tall 
buildings, this will result in a non-linear distri- 
bution of forces, due to the effect of shear lag, 
as indicated in Fig. 11.2 2 . This figure indicates 
the relative differences, and the base stress pat- 
terns, due to lateral loading on a 23-story build- 
ing (plan dimension 72' by 96')- 

2. Portions of walls with openings can be sub- 
jected to significant axial loads. These portions 
may require reinforcement with closely spaced 
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Fig. 11.1 Seismic zone map of the United States (Ref. 1) 



,„,! J3* 1351 




Fig. 11.2 Forces and deflections due to lateral load 



FORCES AND 
DEFLECTION 



Half sidewall shear 



Half sidewall moment 



Half endwall axial force 



Building deflection 



I 
1 



SIDE WALL 
ONLY 



1.00 



2.19 



2.87 




COMPUTER 
SOLUTION 



1.00 



1.00 



1.00 



1.00 




FLEXURAL 
TUBE 



1.00 



0.43 



1.53 



0.89 



ties, in accordance with ACI 318-77, Appen- 
dix A. 

3. Connected walls may act as coupled walls, the 
connection achieved either by a lintel or by the 
floor construction. Provisions must be made 
for reversible shears and moments in the con- 
necting element. 

4. Walls will be subjected to lateral loads perpen- 



dicular to the plane of the wall (wind, seismic) 
in combination with loads in the plane. 

5. Design should consider the eccentricities pro- 
duced by story drift. These are combined with 
the eccentricities due to manufacturing and 
erection tolerances as indicated in Chapter 3. 
Drift is defined as the relative movement of 
one story with respect to the stories immedi- 
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ately above or below the level under consider- 
ation. Between points of connection, non-load 
bearing panels should be separated from the 
building frame to avoid contact under seismic 
action. In the immediate area of connections, 
the panel will tend to distort the same amount 
as the supporting frame. Internal stresses in- 
duced due to a statically indeterminate sup- 
port system should be checked. Even in a 
statically determinate panel there may be some 
built-in restraint at the connections, so that 
some allowance for internal stresses should be 
considered. Fig. 11.3 illustrates the effects of 
story drift. 

6. Under severe earthquake, large deflection may 
be anticipated. The investigation of individual 
walls and of the entire structure should in- 
clude the consideration of deflection (P-A 
effect). 

7. Accidental torsion may exist for any member 
subjected to seismic forces. Arrangement of re- 
inforcement should consider this possibility. 

8. Seismic induced forces are reversible. This is 
particularly important at joints. 

9. The best energy absorbing members are those 
with high moment-rotation capabilities. The 
energy absorbing capacity of a flexural mem- 
ber is measured by the area under the moment- 
rotation curve. Correctly reinforced, concrete 
can exhibit high ductility. Reference should be 
made to ACI 318-77, Appendix A, for proper 
methods of reinforcing to achieve ductility. 

10. Joints represent discontinuities, and may be 
the location of stress concentrations. Reinfor- 
cing or mechanical anchorage must be provid- 
ed through the joint to fully transmit the hor- 
izontal shear and flexure developed during 
seismic activity. See Chapter 2 and Sect. 1 1.5 
for a discussion on connections. In zones of 



high seismicity, cast-in-place reinforced con- 
crete in combination with precast has proved 
successful in economically transferring the 
seismic forces (Fig. 11.4). 3 The precast panel 
in this instance also acts as partial form work 
for the cast-in-place concrete (see Chapter 7). 



Fig. 11.4 Seismic resistance achieved by combining 
precast and cast-in-place concrete 




Wall Panel Being Erected Between Column Steel Cages 



Fig. 11.3 Drift response 



Story__ 
Drift 




provide clearance 
between panels 



Story_ 
Drift 



STATICALLY 
DETERMINATE 




STATICALLY 
INDETERMINATE 




In-Place Columns To Be Concreted Between Wall Panels 
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11.5 DESIGN GUIDELINES FOR CONNECTIONS 



11.6 ANALYSIS 



When choosing the number, location, and degree 
of restraint of connections, the following guidelines 
are recommended: 

1. Wherever possible, make panel connections to 
the supporting structure statically determinate, 
in order to permit a more accurate determina- 
tion of force distribution. 

2. Choose the number and location of connec- 
tions in a manner so as to minimize internal 
stresses and permit movements in the plane of 
the panel to accommodate story drift and vol- 
ume changes. 

3. Locate connections to minimize torsional mo- 
ments on supporting spandrel beams, particu- 
larly if the beams are structural steel. 

4. Provide separation between the panel and the 
building frame to prevent contact during an 
earthquake. 

A generalized arrangement for connecting a non- 
load bearing panel to the supporting structure is 
shown in Fig. 11.5 and a specific connection is 
shown in Fig. 1 1.6. 



11.6.1 General 

The analysis of panels should be done in accor- 
dance with established methods of structural mech- 
anics. The following systematic approach is recom- 
mended: 

1. Start with a free-body diagram for every load 
condition. 

2. Solve for reactions using equations of equilib- 
rium for statically determinate systems, or 
equations of equilibrium and compatability 
for statically indeterminate systems. 

3. Tabulate loads and reactions and identify crit- 
ical design values. 

4. Compute the internal stresses (moments, 
shears, axial) due to the critical values. For 
complicated architectural shapes, consider use 
of computer analysis using methods such as 
finite element analysis. 

A free-body diagram of a typical panel is shown in 
Fig. 11.7. 



Fig. 11.5 Typical connection arrangement 




Connection 


Restraint* 


X 


Y 


2 


A 


1 


1 


1 


B 


1 





1 


C 


1 


1 





D 


1 









Restrained = 1 
Free ~ 



11.6.2 Sandwich Panels 

There are several additional design considerations 
relating to sandwich panels (see Chapter 6 for a 
more complete discussion) : 



Fig. 1 1.7 Free body diagrams 




slotted hole 



Z-force 



fixed point 




oversize hole 



slotted hole 




Y-force 




11-7 



Fig. 11.6 A spandrel connection 



L6x4x 5 /16x0f-5V2" 

w/2- 13 /16"x2" 

vertical slots 

y i/ < after alignment 

L4x3 1 /2x 1 /4x0-4"or 1 /4f£. 



^2 1 /2x 5 /16xO'-3 1 /2' 



3 /4"0x7"threaded 
rod into insert — 

for alignment 




each side 



L 6x6x 3 /4x0' 
w/4-13/i6"i 

w/2-3"0 holes 



4-3/4'^ bent A.B. 
or 3/40 inserts 
3,000 r 



L3x2x 3 /8xO'-8"w/2 
I u 0x4"th'd. stud &_ 

w/ 3/8 xi"sti ft. plate 
working point 




2 1 /2x4" ^ notch at each window mullion 



TYPICAL SECTION 



Section ©Support 



1 . The structural wythe resists all loads, contains 
all connections, and transfers loads through 
these connections to the building frame (see 
Fig. 11.8). 

2. Seismic loads, analysis, and design of connec- 
tions between structural wythe and building 
frame is identical to that of non-sandwich 
panels. The value W p used to determine the 
seismic force F p will include the weight of all 
elements of the panel. 

Fig. 11.8 Details of a typical sandwich panel 



connections 
to building 
frame 




^N^^N^^^^^ 



^\ — non-structural wythe 
connectors 
insulation 

structural wythe 



3. Connection between the two wythes should 
be capable of transferring a seismic force F' p , 
where F ' is computed using the weight of the 
non-structural wythe and insulation. 

4. The seismic forces F p and F p shall be assumed 
to act in any horizontal direction in conjunc- 
tion with the weight of the panel or non-struc- 
tural wythe. 

5. The non-structural wythe should be propor- 
tioned and reinforced to resist the stresses in- 
duced by the seismic force F' p plus its self 
weight. 

11.7 SEISMIC STRENGTHENING OF EXISTING 
STRUCTURES 

Buildings in seismic zones may require strength- 
ening due to seismic damage or due to upgrading of 
a seismic zone. One method of upgrading is to in- 
stall stiffening walls as indicated in Fig. 11 .9. 

Following are some general guidelines which 
have been developed: 4 
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Fig. 11.9 Infill stiffening walls 



*=t 



=4=4= 



_existing_ 
frame 



new panels 



*=* 



1=4 



*=* 



*=4 



t=t= 



SINGLE PANEL 



MULTIPLE PANELS 



1. The ultimate shear capacity of panels may be 
conservatively taken as: 



where 

b 
d 



0v u bd 



2v f 

*- V ' c 

panel width 

distance from extreme compres- 
sion fiber to centroid of tension 
reinforcing. 



2. The system stiffness should be taken as either 
the stiffness of the single panel or the sum of 
the stiffnesses of the multiple panels, neglect- 
ing the contribution of the existing frame. 

3. Connection between panel and existing frame 
should be at the top and bottom only. Suffi- 
cient room should be provided between the 
vertical legs of the frame and the panel to pre- 
vent contact during seismic loading. 

4. Single panels of the multiple panel system 
should be designed as beams fixed top and bot- 
tom. Horizontal reinforcement should be in 
the form of closely spaced stirrups, spaced in 
accordance with the requirements of ACI 318- 
77, Appendix A. 

5. Panel anchors should be mild steel bolts or 
threaded rods, located so as to minimize the 
eccentricity of shear transfer between exist- 
ing frame and panel. 

11.8 DESIGN EXAMPLE1 

Example 1 illustrates the design procedure for a 
typical exterior non-load bearing panel used on a 
multistory structure in a zone of high seismicity. 
The supporting structure is composed of rigid shear 
walls, and story drift is neglected. 







6'-0" . 
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■■■ 




T 

00 
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tile 












r c.G. panel 




CO 
00 


facing 


A 

C 
Q. 
6 

b 

1 


J!L 


CD 


1 
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> 


rfe^ 


CN 








[ 




















— »- 


8.5" 



LOCATION OF 
SUPPORTS 



PANEL WEIGHT 



ELEVATION 



SECTION 



(LWconc@ 120 pcf) 

W p = 14,230 1b including tile facing ( = 125 psf) 

REACTIONS AT CONNECTIONS 

a) due to gravity 



F=. F _^R T 



Wp=14.23 K 

It Rb 

esi2"(say) 



R T R B 



14.230 x 1 
13.5x2 



14.230 



7.12 k per 
connection 



= 0.53 k per 



connection 
b) horizontal seismic force normal to panel 

Rt 



C P 


= 2.0 


Fp 


= 2x 14.23 = 28.46 K 


R , 


28.46 x 5.25 


n T 


13.5x2 




= 5.53 K per 




connection 



11-9 



r - + 28.46 x 8.25 _ 7 _ K 

B " 13^T2 8 - ? ° Per 

connection 

c) horizontal seismic force in plane of panel 
C P = 2.0, Z = 1.0 
Rt 



















cm 

CO 































t=i 



— i R T' R B 



R T b x 10.5 

RH = 5i " - 2R T,B 



@R T : R H = 0.2x5.53 = 1.11 K 
@R B : R H = 0.2x8.70 = 1.74 K 

FORCES ON PANEL NORMAL TO PANEL 

Following are forces for design of panel. For con- 
nection forces, see above 



a) Wind (25 psf) 



5 = 



R-i 



R c 



0.150 x 18.92x5.25 
13.5x2 

0.150 x 18.92x8.25 
13.5x2 



= 0.56 K per 
connection 

= 0.86 K per 
connection 



b) Seismic 

C P = 0.2 

w = 0.2x125 = 25 psf - same as wind 

CONNECTION AT TOP 

Top connection restrains panel for outward gra- 
vity force, for seismic forces normal and parallel 
to panel, and for wind forces. 



holes oversize 
for two-way 
adjustment 




hole slotted 
in vertical 
direction 



shims, if 
required to 
be welded 




CASE 1 - Gravity + seismic normal to building 



'h ~ r d + R E 



0.53 + 5.53 = 6.06 k 



3 V 



l % 



= T = 6.06 x 



3.5 



..critical sections 
for angle design 



= 5.65 k 



3.75 
check angle - assume 8" long, F Y = 36 ksi 

vertical leg: M = 6.06x2.5 = 15.15 in.-k 
horiz leg: M = 5.65 x 1.62 = 9.15 in.-k 

= 0.59" 



6x 15.15 



yj 8 x 24 x 1 .33 

but use 6 x 6 x 3/4" * x 8" long 

bolt to panel 

use 2 bolts per connection 

6.06 K 



R Hu 



= 3.03 K per bolt req'd 



from Table 2.1, the allowable tensile load on a 
5/8" bolt = 4.97 K >3.03 

use 2-5/8" bolts 
F Y = 36 ksi 

verify capacity of bolts 

from Fig. 2.28: S = 0.9, C = 0.65 

F Y = 36000, f' c = 5000 
k = 0.85 



0.9 x 36000 

5 = = 7Q5 

0.65xV5000 
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-f = 5.62 L = 5.62x5/8 = 3.51" 
d b 

say / e = 4.5" 

reduction factors: 

a) due to group interaction - Fig. 2.32 
c = 3" / e = 4.5" :. c < l e 

for N = 2, q = 0.94 

b) due to edge distance - Fig. 2.31 

n = 3" / e = 4.5" :. n < / e 
q = 0.90 by interpolation 

bolt capacity = 0.94 x 0.90 x 4.97 k = 4.20 k 
> 3.03 k o.k. 

actual 4 provided = 9" > 4.5" 
horizontal anchorage of angle in c.i.p. floor 




R H = 6.06 k and using A615-grade 40 reinforcing, 



provide 3 - # 4 x 18" long re-bars welded to an- 
gle, to take reaction from 2 adjacent panels 

3x0.2 



A c provided = 
b 2 



= 0.3 in. 2 > 0.23 o.k. 



From Fig. 2,71, 3/16" weld x 1-1/2" long will 
develop #4 bar 

use 1/4" x 2" weld 

vertical bolt to c.i.p. floor 

R = 6.06 k taken by weld 

T - 5.25 k (tension) x 0.75 = 3.94 k 

(to account for 1.33 increase in allowable 
stresses) 

use 2 bolts 5/8" <t>, F Y = 36 ksi 



(see analysis for seismic parallel to building) 
CASE 2 - Gravity + seismic parallel to building 

R T = 5.53 k seismic 

R H = 1.1 1 k + 0.53 k = 1.64 k 
seismic gravity 



J— 4 



bolt to panel (2 bolts) 



shear per bolt = 



V5.53 2 + 1.64 2 



= 2.88 k 



3/4" bolts o.k. by inspection 



angle (3/4" x 8" long) 

twist = 5.53 k x 3.125" - 17.28 in.-k 



stress due to twist 


TC 17.28 (0.75) 
J 1/3 (8) (0.75) 3 




= 11.52 ksi 


stress due to R T 


5530x1.5 . _. . 
= __. c _ - 1.38 ksi 

075x8 12.90 ksi 




o.k. 



bolts to c.i.p. floor beam (2 bolts) 

17.28 



due to torque, shear 



6" 



= 2.88 k 



required capacity of bolt = 0.75 x 7.90 = 5.93 k 
(with allow, stress increased 1.33) 

from Table 2.1, use 3/4" $ bolts 
F Y = 36 ksi 

horizontal anchorage in panel 

R T = 5.53 k 

R Tu = 0.75 (1.7 x 1.1 R T ) = 7.76 k 

7.76 



A s = 



40 



= 0.19 in. 2 
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use 1 - #4 x 18" with 1/4" x 2" weld 
A615-grade40 reinf. 

CONNECTION AT BOTTOM 




2- 5 /8x6" 
headed 

studs 



SECTION 



V 7 ^ 



~^^ 



6x6x 3 /4x8"long- 
PLAN 







^V 3 1 / 2 



CASE 1 - Gravity + seismic normal to building 

R v = 7.1 5 k gravity ■ 4 " 

R B = -0.53 k gravity c " 
R B = 8.70 k seismic T „ 



check angle 

M =7.15x2.75 = 19.66 in.-k 
assume 8" long angle 



23/4 



t = 



6x 19660 



= 0.68" 



8 x 24000 x 1.33 
use 6" x 6" x 3/4" x 8" long 

horizontal anchor (T H ) 

T H = (8.70-0.53) (^62) 



+ 7.15x4/5 



= 16.54 k 
try 2-5/8" <p headed studs 
from Table 2.2, P u = 16.56x2 = 33.12 k 
from previous calculations, l e required = 3.51" 

to develop 5/8" headed stud 
for spacing = 5", from Fig. 2.32 C > l e 
.'. no group reduction 

33 12 
Safety Factor = "^654 = 2 °" k ' 

use 2-5/8" x 6" headed studs 

vertical anchor 
R v = 7.15 k 

A s = ~~ = 0.36 in.* 

use 1 - # 6 x 2'-0" A615-grade 40 

weld: from Fig. 2.71 1/4" x 1-1/2" weld req'd 

use 1/4" x 2" weld 

weld plate 



2 plates per 
-connection 
(5"x3"x 3 '8) 



4 FjQLb. 



= 8.70- 0.527 , = 4 _ Q9kperp|ate 



top weld: try 3-1/2" long weld 
R =4.09 k 



3.5 2 



■'weld 



2.04 



M =4.09 x 2 = 8.18 in.-k 



f _„:^y + (!4l '-us-/,,, 



3.5 



2.04 



11-12 



with an allowable increase = 1.33 
f req'd = 4# = 3.14 k /in. 



1.33 



From Fig. 2.12, capacity of 5/16" weld with 
E -60 electrode = 3.98 k /in. 
use 5/16" x 3-1/2" weld 

bottom weld: 

R = 4.09 k - by inspection, use 1/4" x 3" weld 

horizontal anchor to angle in floor 
R B = 8.70- 0.53 = 8.17 k 

use 2-# 4x 18" 

weld: from Fig. 2.71, 1/4" x 2" weld will be 
more than adequate 

use 1/4" x 2" weld 

CASE 2 - Gravity + seismic parallel to building 



PLAN 



11.9 DESIGN EXAMPLE 2 

Example 2 illustrates the design procedure for a 
one story precast structure, using architectural wall 
panels as load bearing walls and shear walls. Al- 
though the wall panels are shown 16 ft wide, the 
design procedure would be similar for panels of the 
more normal width of 8 ft. 
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O Panel Designation 



N 





16'-0" 














16'-0" 






1 

o 

CN 







£ 



6" 



8DT24 



Panel A 



Panel B 



Concrete fill in the pocket provides required re- 
straint for lateral forces. r> ,-nk, i 

R=l. 74* (seismic) 

R~ 8. 70 k (seismic) 
k 



CN : 





16-0 




2-0" 


tf-C? 


1-0" 






I 






-.^- 


X 


O- 

-A If 

00 














8DT24 




Panel C 



Panel D 



*8 70 r 



V 



R= 0.53 "(gravity) 

V = 1 - 74 -°' 53 + *^ = 3.87* 
2 8 

welds provided on side plates will be adequate 



Lateral Load Design 

Snow 40 psf 

Roof 

TTs @ 54 
Rfg @ 6 
Eqt @ JO 

70 psf 
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9<Pn6'=144'-0" 



Concrete @ 150 pcf 

f' c = 4,000 psi 

E c = 3.6 x 10 6 

f y = 60,000 psi 
Wind = 20psf 
Doors @ 10 psf 

Seismic Factors (1976 UBC) 
V - ZIKCSW 

Z — Seismic Zone 3 - 0.75 

I - Importance factor - Warehouse - 1.0 

K - Box system - 1.33 

C — Stiff building - 0.12 maximum 

S — Poor soil or no soils report - 1 .5 
CS- 1.5x0.12-0.18 
CS max. = 0.14 (controls) 

W — Weights (see below) 
V= 0.75 x 1.0 x 1.33x0.14xW = 0.1397W 

U = 2.0E for wall design for shear only. 
(1.4 D + L) + 2.0E (UBC Sect. 2627) 



U 



N-S Wind force 



1.4(D + L) + 1.4E for other parts of 

building. (UBC Sect. 2627) 

22 5 
20 psf x 145 x^y 2 - 

= 32,695 lb 



Vsnow = 0.1397 (10 x 145x64) 

= 12,963 1b = i 3 .o k 

Roof Load - 70 psf 

V roof = 0.1397 (70 x 144 x 62.92) 

= 88,180 1b = 88. 2 k 

North Wall - 75 psf (use top half above 
floor) 
Vnw = 0.1397 (75 x 144 x 11.25) 

- 16,974 1b = I7.0 k 

E-W Walls - 75 psf (use full height 
above floor) 

V ew = 0.1397 (75 x 64 x 22.5) 

= 15,088 1b = I5.1 k 

South Wall -87.5 psf walls, 10 psf doors. 
Gross area top half 

144 x 11.25 = 1620 

Area of doors 

(11.25- 6) x 12x5 = ^15 

Net concrete wall = 1305 sf 

Vsw = 0.1397 [(87.5 x 1305) 

+ (10x315)] = 16,392 1b = 16.4 k 

*See UBC Sect. 2312(c) - Snow loads 30 psf or 
less may be neglected. 

Calculate Coordinates of Center of Mass 

1. Building symmetrical about N-S centerline - 
use5%e = 7.25 ft 

2. E-W. Summation of moments about North 
side: 



Element 



V k 



Vy 



Snow 


13.0 


32.0 


416.0 


Roof 


88.2 


32.0 


2822.4 


NWall 


17.0 


0.25 


4.3 


SWall 


16.4 


63.7 


1044.7 



Totals 



134.6 



4287.4 



(E-W Walls not included in these calculations 
for diaphragm shear) 

- „ XVy 4287.4 _ 



y = 



V 



134.6 



- 31.85' from N. side 



(It will be found that wind does not control the 
overall design of the structure, but does control 
panel flexural design.) 

Weights for Seismic Design 

Snow Load - Reduce 75%* 
0.25 (40) = 10 psf 



MAX.e- 



«£ 



EST. C, OF RIGIDITY 
C. OF MASS 



-<K 



-7 25' 
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North-South Earthquake 

The building is symmetrical about its N-S axis, so 
minimum eccentricity (5% = 7.25') is used to cal- 
culate end shears in diaphragm (UBC 2312(e)5). 



CHORD C. 




End weld to develop: 
[74.0-3(0.935)] x g|y = 6.81 k 

Weld must also develop transverse forces to con- 
nect the wails to the roof. 



CHORD T. 



2' 4' 



6.81 r 




145 R = 134.6(72.5 + 7.25) 
R = 74 K 
R = 134.6- 74 = 60.6 



60.6* 




X = 



74(14.5) = 79.7' 
134.6 



Diaphragm Moment and Chord Force 
79 7 



M D = 74 x 2 



2949' 



Using a steel angle chord on the inside face of 
the walls, estimated "d" = 64' - 7" - 6" - 3" 
= 62.7' 

2949 
Chord Force = -zrz; = 47.0 
62.7 

U = 1.4E = 1.4(47) = 65.8 K 



Area of chord required 
JJ^ 65.8 



- = 1f =1 - 83in " 2 



A 3" x 3" x 3/8" angle will do 
<A S = 2.11 in. 2 ) 

The chord angle will be welded to insert plates in 
the walls and double T roof members. The develop- 
ment of the chord force at the ends is analogous 
to flexural bond. The first weld, 24" from the end, 
must develop the change in moment between the 
end of the building and the next weld. The change 
in moment is the area under the shear diagram. 
Thus: 



Shear, Sliding and Overturning (Commentary) 

The wall to footing connection must be capable 
of taking uplift due to overturning in conjunction 
with sliding shear. 

Connections between the wall and footing 
should be capable of resisting the overturning of 
the individual wall panels as free bodies. In the case 
of very narrow panels, the required vertical reac- 
tion may be obtained by the use of shear ties be- 
tween the panels or the panels may be post- 
tensioned. 

Check Overturning 

Overturning will usually not be a problem in 
wide, low buildings; however, it should be checked 
at the narrow end of the structure. It is conserva- 
tive to keep the resultant of vertical forces within 
the "kern," or middle third of the wall. A quick 
check is to calculate the reaction required at the 
kern to provide a couple resisting overturning mo- 
ments by a factor of safety of 1.5. Check this re- 
action against the total weight available in the end 
wall, footings and soil over the footings. 



74.CT 




Kernel 



M 0T = (74.0) (25.5) + 15.1 (16.25) 
= 2,132' k 

1.5x2132 = 3198 ,k 
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Kern at: 



64 
6 



= 10.67' from center 



W reqd. = |^|| = 299.7 k 



W, 



wall 



26(0.075) (64) = 124.8 k 



W ftg = 1.5(4.5) (0.150) (64)= 64.8 k 
W,„ ;1 = 4.0(3.5) (0.100) (64) = 89.6 k 



soil 



The total weight available is 279. 2, k which is 
7% less than required. However, since the side wall 
will tend to pick-up some weight from the roof and 
from return walls, and since procedure is conserva- 
tive, say o.k. Design wall to footing connection for 
weight of wall. If there are 8 connections, design 
each for (64.8 + 89.6)/8 = 19.3 k tension, plus 
shear. 

Shear Stresses in End Walls 





74. k 






— _^ — i 


15.1 k 









89. r 

Total shear - 74.0+ 15.1 = 89. 1 k 
U = 2. 0E for shear wall calculations. 

= 2.0(89.1) = 178.2 k (design shear) 
= V u /0bd 

178,200 



V, 



0.85 (6x64x 12) 



= 45 osi 



This design shear stress should be combined vec- 
torially with any transverse shear stress that occurs 
simultaneously. Since this is a non-load-bearing 
wall and wind is assumed not to occur at the same 
time as earthquake forces, there will be no trans- 
verse shear stress in this case. Compare 45 psi with 



the allowable shear stress, 2 \ZfT = 126 psi 



(Wall o.k. 
ment). 



with minimum horizontal reinforce- 



Sliding Force 

Sliding force will generally not be a problem in pre- 
cast buildings where the walls are tied into a floor. 
Sliding forces are resisted by friction between the 
footing and grade and by passive resistance of the 
earth at the ends of the building. If this building 
had no floor to transmit sliding forces to the end 
walls and no passive resistance, sliding should be 
checked: 

Sliding force: 89. 1 k 



Resisting force = 279.2 k (0.5) = 139.6 k 

(A coefficient of friction of 0.5 is assumed be- 
tween the footing and the subgrade.) 

F.S. =^f = 1.57 > 1.5 o.k. 

Wall to footing connections should be capable of 
developing 139. 6 k shear in addition to overturning 
tension. If there are 8 connections, each must 
carry: 

139.6 



8 



= 17.45 k shear 



Design of Individual Panels 

Each panel is examined as a free body, with con- 
nections to resist shear and overturning. In addi- 
tion, parts or portions of structures and their an- 
chorages must be designed for lateral forces. 



For end panel, B: 

For connection design: 



R t£P__4_-=^ 



R bot. , 



=: h P o 



F p = 0.75(1.0)(2.0)(1.0)(75) 



112.5 psf 



For wall panel flexure: 

F p = 0.75(1.0)(0.2)(1.5)(75) = 17 psf 
(less than wind) 



0.112x22.5 2 



'top 



= 1.38k/ft 



2 x 20.5 

to be transferred to the precast roof 
members 

W = 0.112x22.5- 1.38= 1.14k/ft 

to be transferred to the floor slab 
and foundation 



Bottom shear is carried by dowels into the floor, 
partly by soil resistance and partly by connections 
between wall and footing. If we assume that floor 
and footing connections can take no more force 
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than friction can provide, we can check the ade- 
quacy of restraint. The wall to footing connection 
has previously been found to be good for 139.6 
kips over 64 ft, or 2.18 klf. This is adequate for 
the bottom reaction without considering the floor 
and soil effects. The top and bottom connections 
are also adequate to take the 
the wall. 



F p force parallel to 



Next, panels must be checked for overturning and 
shear due to seismic shears parallel to the wall. 

Check the panels as free bodies loaded with the 
diaphragm shear and the "seismic weight" of the 
wall. Overturning is resisted by wall to footing ties, 
shear ties along the panel sides, or a combination 
of both. In this case we have already called for wall 
to footing ties to resist sliding (8 ties @ 17.45 kips 
shear) and to "lift" the footing and the soil over 
the footing (8 ties @ 19.3 kips tension). These 
same ties, if located close to the ends of the panels, 
may be capable of taking the overturning and shear 
for each individual panel. 

Assume the free body as the panel above the floor 
line: 



V bott = 18.5 + 3.78 = 22.28 k 

V per tie = 1 1 . 1 4 k (17.45 k controls) 

M 0T = 18.5 (20.5) + 3.78 (11.25) 

M 0T = 421. 8 k 

If ties are 3" in from ends: 
421.8 



'l8.5k 
3.78k 



22.28' 



" 15.5' 



a 



iT 



C = T - 



15.5 



= 27. 2 k (controls) 



Wall to footing ties can carry 19.3 kips tension if 
designed for overturning, or they will resist 19.3 
(15.5) = 299.2 ft-kip overturning in the individual 
panel, leaving 421.8 - 299.2 = 122.6 ft-kip to be 
carried. This can be accomplished by increasing the 
tie force to 27.2 kip, or shear ties on the sides of 
the panels can resist the 122.6 ft-kip. This will re- 
quire 



122.6 
16 



= 7.66 kip per side, 



or with 3 ties per side, each tie must take 

7 - 66 o « u- h 

= 2.55 kip shear. 

Footings should be checked to see that they will 
carry the direct shear stress between panels. In this 
case, the design shear stress will be about 60 psi, 
o.k. 

Panel with footing ties only 



1745 r 



1745 r 



27.2 K 27.2 H 



Panel with shear ties added 



17.45 r 



■2.55 /tie 



17.45 r 



19.3* 19.3* 

These connection forces must be multiplied by a 
load factor of 2.0 for design. (C p = 2) 

Determine Center of Rigidity by Relative Stiff ness 
Method 1 



Deflection 



8 = 8 f + 5 V 



For 4,000 psi concrete: S f = „ — ~ 

f 43.2 x I 



6thick 











© 


6 

tl 










w = 16' 





1.2A 



Panel 


w" 


/" 


A D " 


l = bw 3 /12 


s f 


K 


5 


1/5 


© 


192 


246 


1152 


3,538,944 


0.0974 


0.1780 


0.2754 


3.63 



Stiffness of 7 in. solid panel = — '— = 4.24 
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©" 



7"thick 
door 



w=16' 



Panel 



w 

192 
24 



/" 

48 
198 



On 



A 

1344 
168 



l=bw 3 /12 

4,128,768 
8,064 



0.0006 
22.28 



0.0298 
0.9821 



0.0304 
23.262 



1/5 

32.895 
0.043 



5 = 5,+ 



= 0.0304 + 



1 


+ 1 

« 2 




1 



0.043 + 0.043 
5 = 11.658 k = 1/5 = 0.0858 



7"thick 



© 



w=16' 



CM 

if 



Panel 



w 



192 

24 

192 



/" 



162 
24 
60 



.Of/ 



S, + «3 + 



1344 

168 

1344 



l = bw 3 /12 



4,128,768 

8,064 

4,128,768 

1 



'f 



0.0238 
0.0397 
0.0012 



0.1004 
0.1190 
0.0372 



0.1242 
0.1587 
0.0384 



1/5 



8.05 

6.30 

26.04 



= 0.1242 + 0.0384 + 



1/5 = 4.13 



1 



6.3 + 6.3 



0.242 



4.13 is only slightly less than 4.24, the stiffness of 
a solid 7 in. panel. 



This procedure assumes that the wall panels are fully fixed top and bottom. This is a common assumption In all 
probability, the panels will have only partial fixity at each end. Although it is generally not warranted for a low struc- 
ture of this type, the designer may wish to examine the effect of assuming the panel pinned at the top. This assump- 
tion will result in a different distribution of stiffness between the North and South walls. 

A comparison of horizontal stiffness of a shear wall panel for both fixed and pinned top gives: 
Fixed Top 



12EI 



3EI 



K F - r- 

h (1+4n)L 3 


where: n = 
A V GL 2 


Pinned Top 


Av = S F A w 


k 3EI 


S F = shape factor 


K P ,,,.,,3 


A -= "-U«~.-" 



For the 6" rectangular (solid) panel shown - @&(b) 
S F = 0.8333 A v 



1.2 
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3 x E x 6 x" 



192 J 
12 



6x~xOA Ex246 2 

12x3.6x6x 192 3 
Kp " 12x(l +4X0.457)x246 3 
= 3.63 x 10 3 kip/in. 
3x3.6x6x 192 3 
Kp 12 x (1 +0.457) x246 3 

= 1.76 x 10 3 kip/in. 



- 0.457 



In addition the axial stiffness of the (5)elements may also be included in the determination of the horizontal stiffr 
of panels(c)&(D) 



The stiffness of panel (6) nearly exceeds that of a 
solid panel. The reason for the overestimate is that 
the stiffness of each of the parts that make up the 
whole panel is calculated on the basis of fully 
fixed ends. 




The actual case is closer to that shown in (5) 

A more accurate estimate of stiffness could be 
made by adding the deflection of two panels(5)to 
that of the solid panel, thus 

1 



= 0.2754 + 



1 



4* 



1 



0.1587 0.1587 

= 0.3548 

1/5 = 2.819 (versus 4.24 for solid panel) 

Next, determine stiffnesses of all walls. Panels are 
assumed to deflect independently, but equally, 
i.e., the stiffnesses of adjacent panels do not affect 
each other. 



N wall - 9 solid panels (A) 
1 



9 



0.0306 



k = 1/6 = 32.68 



0.2754 
E-W walls - 4 solid panels® 



5 - 



- 0.0689 k = 1/6 = 14.52 



0.2754 



S wall - 5 panels (C), 4 panels^ 
1 



5 = 



11.658 



0.3548 



= 0.0854 



k = 1/5 = 11.70 



Calculate relative stiffnesses: 
32.68 



NWall- 



S Wall 



(32.68+ 11.70) 

11.70 
(32.68+ 11.70) 



= 0.7364 
= 0.2636 



Using relative stiffnesses as weights and taking mo- 
ments about the centerline of the north wall: 

[0.2636(62.92) + 0.7364(0)] 
1.0 
- 16.59' (from <£_of N wall) 

ory = 16.59 + 0.25 = 16.84' from north wall 

face 



Y = 




145' 
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Add the seismic weights of the roof, snow and half 
of the walls: 



V n = 13.0 + 88.2 + 2 



= 149.7 k 
K 



15.1 



+ 16.4+17 



V = , 
x VSk, 



*♦(*> 



J r , rotational stiffness of all of the walls, corre- 
sponds to the polar moment of inertia and is equal 
to: 

J r = k x y 2 + k y x 2 in in.-kip units 

J r = [32.68(16.59 x 12) 2 + 11.70(46.87 x 12) 2 
+ 2(14.52) (72.25 x 12) 2 ] x 10 3 

J r = 26,825,413 x 10 3 in.-kip 



Shear Carried by North Wall 



V xn = 0.7364(1,49.7) 



32.68 x 16.59 x 12 
26,825,413 



x (149.7) (15.01 x 12) 
V xn = 110.23- = 110.23 k 

(Note: effect of torsion is negative on North 
wall shear. Neglect negative torsion effects.) 

Add seismic weight of wall below mid-height: 

V xn = 110.23 + 0.1397(11.25x144x0.075) 
= 127.2 k 



V u = 2.0(127.2) = 254.4 k 

= 254,400 

0.85x6x144x12 

Shear Carried by South Wall 



= 29 psi (low) 



«o M ^#^«-,i M 1-70 x 46.87 x 12 \ 
V xs = 0.2636(149.7) + ^ ^^ ) 

x (149.7) (15.01 x 12) = 46.08 k 

Add seismic weight of wall and doors below 
mid-height: 

V xs = 46.08 + 0.1397 [0.0875 (144 x 11.25) 
- 0.0875 (5 x 12 x 11.25) +0.010 
(5x12x1 1.25) - 0.0875 (4 x 12 x 2)] 
= 57.4 kip 



(Last three items are concrete removed for 
doors, door weight added in and concrete re- 
moved for windows.) 

V u = 2.0(57.4) = 114.8 k 

This shear may be distributed between panels in 
proportion to their stiffnesses (conservative - 
assumes no shear connectors between panels) or 
divided by net area with doors and windows out. 

4 (D) panels will take 4 fjV? = 0.9638 V u 

0.9638 V u = 0.9638(114.8) = 110.6 k 
110,600 



v.. = 



0.85 x4x2x7x24 



= 97 psi OK 



Shear Carried by East and West Walls 
14.52 x 72.25 x 12 



V. 



-f 



26,825,413 
x (15.01 x 12) = 12.65 k 



(149.7) 



N-S earthquake controls, since 
R = 74.0 k > 12.65 

Above shear stresses should be added vectorial ly 
to shear stresses transverse to the wall if any. 
Shear in South wall panels may be significant 
when E-W earthquake stresses are added to bot- 
tom reaction due to panel flexure under vertical 
loads. 
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12.1 GENERAL 

In the interest of life safety, building codes re- 
quire that the resistance to fire be considered in 
the design of buildings. The degree of fire resis- 
tance required is dependent on the type of occu- 
pancy, the size of the building, its location (prox- 
imity to property lines and within established fire 
zones), and in some cases, the amount and type of 
fire detection and suppression equipment available 
in the structure. 

Ip addition to the life safety considerations, cas- 
ualty insurance companies and owners are con- 
cerned with the damage that might be inflicted on 
the building and its contents during a fire. Insur- 
ance rates are often substantially lower for build- 
ings with higher fire resistance ratings. 

Fire resistance ratings are usually assigned on the 
basis of results of standard fire tests. In recent 
years, there has been a trend toward calculating the 
fire endurance of building components rather than 
relying entirely on fire tests. To facilitate this 
trend, much research work has been conducted on 
the behavior of materials and building components 
in fires. The purpose of this chapter is to sum- 
marize available information on the behavior un- 
der fire conditions of architectural precast con- 
crete. 

12.1.1 Standard Fire Tests of Building 
Construction and Materials 

The fire resistance ratings of building compo- 
nents are measured and specified in accordance 
with a common standard, ASTM E119. 1 Fire en- 
durance is defined as the period of resistance to 
the standard fire exposure which elapses before an 
"end point" is reached. Fire resistance rating 
(sometimes called fire rating, fire resistance class- 
ification, or hourly rating) is a legal term defined 
in building codes, usually based on fire endurance. 
Fire resistance ratings are assigned by building 
codes for various types of construction and occu- 
pancies and are usually given in half-hour incre- 
ments. 

Floor and roof specimens are exposed to fire 
from beneath, beams from the bottom and sides, 
walls from one side, and columns from all sides. 
There are no standard fire tests, per se, of compo- 
nents such as connections or joints. 

Fire tests are generally terminated when the 
specimen attains one or more of the following con- 
ditions which are called end point criteria. These 
criteria are: 

a. Load-bearing specimens must sustain the 
applied loading — collapse is an obvious end 
point (structural end point). 

b. Holes, cracks or fissures through which 



flames or gases hot enough to ignite cotton 
waste must not form (flame passage end 
point). 

c. When the temperature increase of the unex- 
posed surface of floors, roofs, or walls reaches 
an average of 250 F or a maximum of 325 F 
at any one point (heat transmission end 
point). 

d. In alternate tests of large steel beams (not 
loaded during the test) the end point occurs 
when the steel temperature reaches an average 
of 1000 F or a maximum of 1200 F at any 
one point. 

e. Walls and partitions must remain standing 
during a hose stream test (simulating, in a 
specified manner, a fire fighter's hose stream) 
and then support twice the superimposed 
load. 

In addition, there are steel temperature limits 
for floors, roofs, and beams for unrestrained and 
restrained assemblies. 

The "standard fire exposure" required by ASTM 
E119 is defined by the time-temperature relation 
of the fire shown in Fig. 12.1. This fire represents 
the combustion of about 10 lb of wood (with a 
heat potential of 8000 Btu per lb) per sq ft of ex- 
posed area per hour of test. 

In reality, the fuel consumed during a fire test 
(generally fuel oil or gas) depends on the furnace 
design and the heat capacity of the test assembly. 
For example, the amount of fuel consumed during 
a fire test of an exposed concrete floor specimen 
is likely to be 10 to 20% greater than that used 

Fig. 12.1 Standard time-temperature relationship of 
furnace atmosphere. 
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during a test of a floor with an insulated ceiling, 
and considerably greater than for a combustible 
assembly. However, this fact is not recognized 
when assigning or specifying fire resistance rat- 
ings. 

The standard, ASTM E1 19-76, specifies the 
minimum sizes of specimens to be exposed in fire 
tests. For floors and roofs, at least 180 sq ft must 
be exposed to fire from beneath, and neither di- 
mension can be less than 12 ft. For tests of walls, 
either load bearing or non-load bearing, the mini- 
mum specified area is 100 sq ft with neither dimen- 
sion less than 9 ft. The minimum length for col- 
umns is specified to be 9 ft, while for beams it is 
12 ft. 

During fire tests of floors, beams, load bearing 
walls, and columns, the maximum superimposed 
load, as required or permitted by nationally recog- 
nized standards, is applied. The Standard permits 
alternate tests of large steel beams and columns in 
which a superimposed load is not required, but the 
end point criteria are modified. 

12.2 PRECAST CONCRETE WALLS 

Fire endurances of concrete walls, as determined 
by fire tests, are almost universally governed by the 
ASTM E119 criteria for temperature rise of the 
unexposed surface (heat transmission) rather than 
by structural behavior during fire tests. This is 
probably due to the low level of stresses, even in 
concrete bearing walls, and the fact that reinforce- 
ment generally does not perform a primary struc- 
tural function. Thus the thickness of concrete 
cover on the reinforcement is seldom a factor in 
determining the fire endurance of concrete wall 
panels. 

A report of a fire test conducted by Underwri- 
ters Laboratories, Inc. of a load bearing double- 
tee wall assembly was published in the July-August 
1972 PCI JOURNAL. 2 The assembly tested con- 
sisted of 4-ft wide double tees with 1 1/2 in. thick 
flanges. The stems, 12 in. deep and tapered from 
4 1/2 in. at the flange to 2 1/2 in., were not ex- 
posed to fire, i.e., the fire test simulated the usual 
application of double-tee wall panels with the 
stems outside the building. 

Despite the thin flange, the wall supported a 
load equivalent to 9600 lb per lineal ft of wall 
length — the same load generally applied to 10-in. 
concrete masonry walls during fire tests. The 
assembly withstood a 2-hr fire test, a hose stream 
test, and subsequently a double load test without 
distress. 

Hence, structurally the assembly withstood a 
large live load throughout a 2-hr standard fire ex- 
posure. The heat transmission end point criterion, 
i.e., an average 250 F rise of the unexposed sur- 



face, was reached at 21 minutes. It is logical to 
assume that a thicker slab (or an insulated slab) 
would perform better from a heat transmission 
standpoint without sacrificing structural perform- 
ance. 

Some building codes modify or waive the heat 
transmission criterion depending on factors such as 
spatial separation, location, and occupancy. 3 ' 4 
For many buildings, however, the heat transmis- 
sion requirement is imposed. 

From information that has been developed from 
fire tests, it is possible to estimate accurately the 
thickness of many types of one-course and multi- 
course walls that will provide fire endurances of 1, 
2, 3, or 4 hr based on the temperature rise of the 
unexposed surface. 

Most of the information on heat transmission 
was derived from fire tests of assemblies tested in a 
horizontal position simulating floors or roofs. 
The data are slightly conservative for assemblies 
tested vertically, i.e., as walls. Nevertheless, it is 
suggested that no correction be made unless more 
specific data derived from fire tests of walls are 
used. 

12.2.1 One- and Two-Course Panels 

Based on fire test data, the thicknesses shown in 
Fig. 12.2 and Tables 12.1 and 12.2 can be expec- 
ted to provide the fire endurances indicated for 
single-course and two-course walls. 5 - 6 

As used in this chapter, concrete aggregates are 
designed as lightweight, sand-lightweight, carbon- 
Fig. 12.2 Fire endurance (heat transmission) of concrete 
panels as a function of thickness. Interpolation 
of varying concrete unit weights is acceptable. 
5 
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ate, or siliceous. 

Lightweight aggregates include expanded clay, 
shale, slate, and fly ash which produce concretes 
having unit weights of about 95 to 105 pcf without 

Table 12.1 Thicknesses (in inches) of solid concrete 

wall panels for various fire endurances based 
on results of fire tests. 



sand replacement. 

Lightweight concretes in which sand is used as 
part or all of the fine aggregate, and weigh no more 
than 120 pcf, are designated as sand-lightweight. 

Carbonate aggregates include limestone and 
dolomite, i.e., those consisting mainly of calcium 
carbonate and/or magnesium carbonate. 

Siliceous aggregates include quartzite, granite, 
basalt, and most hard rocks other than limestone 
and dolomite. 

Table 12.3 shows the thicknesses of concrete 
wall panels required to provide fire endurances of 
2 and 3 hr when the fire-exposed surface is covered 
with 5/8-in. Type X gypsum wallboard. Fastening 

Table 12.2 Thicknesses of inside wythes (in inches) to provide various fire endurances for two-course panels based on 
Reference 6. 



Aggregate 


Thickness in inches for 
fire endurance of 


1 hr 


2 hr 


3hr 


4hr 


All lightweight 
Sand-lightweight 
Carbonate 
Siliceous 


2.47 
2.63 
3.25 
3.48 


3.56 
3.76 
4.67 
5.00 


4.35 
4.62 
5.75 
6.15 


5.10 
5.37 
6.63 
7.05 



Fire 
endur- 
ance 


Inside wythe 
material 
(fire-exposed side) 


Siliceous aggregate 

concrete* 

(outside wythe) 


Sand-lightweight 

concrete 
(outside wythe) 


1 1 /2 in. 


2 in. 


3 in. 


IV2 in. 


2 in. 


3 in. 


1 hr 
1 hr 
1 hr 
1 hr 
1 hr 
1 hr 
1 hr 
1 hr 


Carbonate aggregate concrete 
Siliceous aggregate concrete 
Lightweight aggregate concrete 
Cellular concrete (30 pcf) 
Perlite concrete (30 pcf) 
Vermiculite concrete (30 pcf) 
Sprayed mineral fiber 
Sprayed vermiculite 
cementitious material 


1.9 
2.0 
1.5 
0.7 
0.8 
0.9 
0.4 

0.4 


1.4 

1.48 

1.2 

0.5 

0.6 

0.6 

0.25 

0.25 


0.45 

0.48 

0.25 

0.2 

0.2 

0.2 

0.1 

0.1 


1.7 
1.7 

1.13 
0.5 
0.7 
0.7 

0.4 

0.4 


1.0 

1.0 

0.63 

0.3 

0.4 

0.4 

0.2 

0.2 













2 hr 
2 hr 
2 hr 
2 hr 
2 hr 
2 hr 
2 hr 
2 hr 


Carbonate aggregate concrete 
Siliceous aggregate concrete 
Lightweight aggregate concrete 
Cellular concrete (30 pcf) 
Perlite concrete (30 pcf) 
Vermiculite concrete (30 pcf) 
Sprayed mineral fiber 
Sprayed vermiculite 
cementitious material 


3.25 

3.5 

2.5 

1.2 

1.4 

1.6 

1.1 

1.0 


2.8 
3.0 
2.1 
1.0 
1.1 
1.3 
0.8 

0.8 


1.9 
2.0 
1.4 
0.6 
0.7 
0.8 
0.5 

0.5 


3.2 

3.3 

2.26 

1.2 

1.3 

1.4 

1.0 

1.0 


2.6 

2.7 

1.76 

0.9 

0.9 

1.1 

0.8 

0.75 


1.25 

1.3 

0.76 

0.4 

0.4 

0.4 

0.3 

0.3 


3 hr 
3 hr 
3 hr 
3 hr 
3 hr 
3 hr 
3 hr 
3 hr 


Carbonate aggregate concrete 
Siliceous aggregate concrete 
Lightweight aggregate concrete 
Cellular concrete (30 pcf) 
Perlite concrete (30 pcf) 
Vermiculite concrete (30 pcf) 
Sprayed mineral fiber 
Sprayed vermiculite 
cementitious material 


4.4 

4.65 

3.4 

1.6 

1.9 

2.2 

N.A. 

1.6 


3.9 

4.15 

3.1 

1.3 

1.6 

1.8 

1.4 

1.35 


3.0 

3.15 

2.4 

0.9 

1.1 

1.3 

0.9 

0.85 


4.2 

4.4 

3.12 

1.6 

1.8 

2.0 

N.A. 

1.6 


3.7 

3.8 

2.62 

1.3 

1.4 

1.6 

1.3 

1.3 


2.4 

2.5 

1.62 

0.8 

0.8 

1.0 

0.85 

0.8 


4 hr 
4 hr 
4 hr 
4 hr 
4 hr 
4 hr 
4 hr 
4 hr 


Carbonate aggregate concrete 
Siliceious aggregate concrete 
Lightweight aggregate concrete 
Cellular concrete (30 pcf) 
Perlite concrete (30 pcf) 
Vermiculite concrete (30 pcf) 
Sprayed mineral fiber 
Sprayed vermiculite 
cementitious material 


5.15 

5.55 

4.2 

2.1 

2.3 

2.7 

N.A. 

N.A. 


4.8 

5.05 

3.8 

1.9 

2.0 

2.3 

N.A. 

1.8 


3.85 

4.05 

3.0 

1.4 

1.5 

1.7 

1.4 

1.3 


5.2 

5.5 

3.87 

2.0 

2.3 

2.6 

N.A. 

N.A. 


4.7 

4.9 

3.37 

1.7 

1.9 

2.2 

N.A. 

1.75 


3.5 
3.7 
2.37 

1.1 
1.3 
1.5 
1.4 

1.25 



"Tabulated values for thickness of inside wythe are conservative for carbonate aggregate concrete. 
N.A. means not applicable, i.e., a thicker outside wythe is needed. 
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Table 12.3 Thicknesses of concrete wall panels (in inches) 
faced with 5/8-in. Type X gypsum wallboard 
required to provide fire endurances of 2 and 
3hr. 



Aggregate 


Thickness (in.) of concrete panel 
for fire endurance of 


With no air space 


With 6-in. air 

space 


Sand-lightweight 

Carbonate 

Siliceous 


2hr 


3hr 


2hr 


3hr 


2.0 
2.3 
2.5 


3.0 
3.7 
3.9 


1.2 
1.3 

1.3 


2.4 
2.7 
2.8 



devices, not adhesives, must be used to attach the 
wallboard to the wall panels. 

12.2.2 Ribbed Panels 

Heat transmission through a ribbed panel is in- 
fluenced by the thinnest portion of the panel and 
by the panel's "equivalent thickness." Here, equi- 
valent thickness is defined as the net cross-sectional 
area of the panel divided by the width of the cross 
section. In calculating the net cross-sectional area 
of the panel, portions of ribs that project beyond 
twice the minimum thickness should be neglected, 
as shown in Fig. 12.3 (a). 

Fig. 12.3 Cross sections of ribbed wall panels. 




Neglect shaded area 
in calculation of 
equivalent thickness 



The heat transmission fire endurance can be 
governed either by the thinnest section, by the 
average thickness, or by a combination of the two. 
The following rule-of-thumb expressions appear to 
give a reasonable guide as to when the minimum 
thickness governs and when the average thickness 
governs. 

Lett = minimum thickness, in. 

t e = equivalent thickness of panel, in. 

s = rib spacing, in. 

If t < s/4, fire endurance R is governed by 
t and is equal to R t . 

If t > s/2, fire endurance R is governed by 
t e and is equal to R t . 

If s/2 > t > s/4: 

R = R t + (4t/s-1)(R te -R t ) (Eq. 12-1) 

where R is the fire endurance of a concrete panel 



and subscripts t and t e relate the corresponding R 
values to concrete slab thicknesses t and t e , re- 
spectively. 

These expressions apply to ribbed and corruga- 
ted panels, but for panels with widely spaced 
grooves or rustications they give excessively low 
results. Consequently, engineering judgment must 
be used when applying the above expressions. 

Design Example 

Given the section of a wall panel shown. Esti- 
mate the fire endurance if the minimum thickness 
is 4 in. and the equivalent thickness is 4.8 in. 
Assume that the panel is made of sand-lightweight 
concrete. 
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Solution: t = 4 in., s/2 = 6 in., s/4 = 3 in. 

Therefore, s/2 > 4 > s/4, so use Eq. 12-1: 

From Fig. 12.2: 

R t = fire endurance of 4-in. sand-lightweight 
panel = 138 min. 

R t = fire endurance of 4.8-in. sand-lightweight 
panel = 194 min. 

Now, using Eq. 12-1: 

R - 138+ [4(4)/12- 1] [194- 138] - 
157 min. 

12.2.3 Sandwich Panels 

Some wall panels are made by sandwiching an 
insulating material between two face slabs of con- 
crete. See Chapter 6 for discussion on structural 
design of sandwich panels. 

Several building codes require that where non- 
combustible construction is specified, combusti- 
ble elements in walls shall be limited to thermal 
and sound insulation having a flame spread classi- 
fication of not more than 75 when the insulation 
is sandwiched between two layers of non-combus- 
tible material such as concrete. 

When insulation is not installed in this manner, 
it is required to have a flame spread of not more 
than 25. Data on flame spread classification are 
available from insulation manufacturers. 

A fire test was conducted of one such panel that 
consisted of a 2-in. base slab of carbonate aggre- 
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gate concrete, a 1-in. layer of cellular polystyrene 
insulation, and a 2-in. face slab of carbonate aggre- 
gate concrete. The resulting fire endurance was 2 
hr 00 min. 

From Eq. 12-2, 7 it is possible to calculate the 
contribution of the 1 -in. layer of polystyrene: 



R^FV- 59 + R : 



0.59 



+ R n °- 59 ) 1 - 7 (Eq. 12-2a) 



where R = the fire endurance of the composite 
assembly in minutes and R-, , R 2 , and 
R n = the fire endurance of each of 
the individual courses in minutes. 

R = 2 hr 00 min.- 120 min. 

R-i = R 3 = 28 min. for a 2-in. slab of carbonate 
aggregate concrete (from Fig. 12.2). 

120- [(28) - 59 + R 2 - 59 + (28) - 59 ] 1 - 7 

(16.85) 1 - 7 = [7.14+ R 2 - 59 +7.14] 1 - 7 



14.28+ R 2 - 59 



16.85 
R 2 = (16.85- 14.28) 1 - 7 -5.0 min. 



It is likely that the comparable R value for a 1-in. 
layer of cellular polyurethane would be somewhat 
greater than that for a 1-in. layer of cellular poly- 
styrene, but test values are not available. Until 
more definitive data are obtained, it is suggested 
that 2.5 be used as the value for R - 59 for any 
thickness of cellular plastic greater than 1 in. 

It should be noted that the cellular plastics melt 
and are consumed at about 400 to 600 F. Thus, 

Fig. 12.4 Design aid for use in solving Eq. 12-2b. 
20 



additional thickness or changes in composition 
probably have only a minor effect on the fire en- 
durance of sandwich panels. The danger of toxic 
fumes caused by the burning cellular plastics is 
practically eliminated when the plastics are com- 
pletely encased within concrete sandwich panels. 8 

Design Example I 

Determine the thickness of sand-lightweight con- 
crete face slabs needed to provide a 3-hr fire en- 
durance when used in a sandwich panel containing 
a 1-in. layer of polystyrene. 

Solution: 

R = [R/- 59 + (5.0) * 59 + r 3 o.59] 1.7 = 180 

Now R-, = R 3 . 

(2R/- 59 +2.5) 1 * 7 = (21.41) 1 - 7 

2RT - 59 - 21.41 -2.5 = 18.91 

R, = 45 min. 

From Fig. 1 2.2, the thickness of sand-lightweight 
concrete for a fire endurance of 45 min. is about 
2 1/4 in. Thus, the wall should consist of 2 1/4-in. 
face slabs with a 1-in. layer of polystyrene insula- 
tion. 

Eq. 12-2a can be restated in the following form: 



R0.59 = Ri 0.59 + R 2 0.59 + f^ 



0.59 



(Eq. 12-2b) 
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MATERIAL 



1 in. cellular plastic 
3/4 in. glass fiber board 
V/a in. glass fiber board 
1/2 in. gypsum wallboard 
5/8 in. gypsum wallboard 

2 in. foam glass 



2.5 

4.0 
8,5 
7.4 
8,4 
10.6 
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The design aid in Fig. 12.4 can be used to solve 
Eq. 12-2b as illustrated by the following example. 

Design Example 2 

Determine the thickness of the inside wythe of a 
sandwich panel that must have a 3-hr fire endur- 
ance if the outside wythe is 2 in. of siliceous ag- 
gregate concrete and the insulation is 3/4 in. of 
glass fiber board. The inside wythe is to be made 
of carbonate aggregate concrete. 

Solution: 

R = 180min;R * 59 = 21.41 (tabulated in 

Fig. 12.4) 

For outside wythe, R^ °* 59 = 6.6 (2-in. siliceous 
aggregate concrete, Fig. 12.4) 

For insulation, R 2 * 59 = 4.0 (tabulated in 
Fig. 12.4) 

For inside wythe: 

R 3 * 59 - 21.41 -6.6-4.0 = 10.81 

From Fig. 12.4, use 3 1/8-in. thickness of car- 
bonate aggregate concrete. 

Table 12.4 lists fire endurances of sandwich 
panels with either cellular plastic, glass fiber board, 
or insulating concrete used as the insulating mater- 
ial. The values were obtained by use of Eq. 12-2. 

12.2.4 Window Walls 

Most building codes limit the area of openings 
(windows and doors) in exterior walls which are re- 
quired to be fire resistive. Limits are based on con- 
struction type, occupancy, spatial separation (dis- 
tance between a building and its neighbor or prop- 
erty line), and fire zone. For example, the 1976 
Uniform Building Code 9 permits no openings in 
exterior walls of office buildings when the spatial 
separation is less than 5 ft, and requires the walls in 
Type I construction to be of 4-hr fire resistive con- 
struction. In Types II - one hr, ll-N, and V con- 
structions, 2-hr fire resistance classification is re- 
quired in Fire Zone 1 for spatial separation of less 
than 20 ft and 1-hr elsewhere. In Zone 3 for spatial 
separations less than 10 ft and in Zone 1, 1-hr is 
required. 

Protected openings are required in exterior walls 
if the spatial separation is between 5 ft and 20 ft in 
Zone 1, and between 5 ft and 10 ft in Zones 2 and 
3. Where openings are required to be protected, 
the area of such openings is limited to half the total 
area of the wall in each story, and the openings 
must be protected by fire assemblies having 3/4- 
hour fire-protection ratings. 

Non-load bearing walls may be of 1-hr non-com- 



Table 12.4 Fire endurance of precast concrete sandwich 
walls [calculated, based on Eq. 12-2] . 









Fire 


Inside 




Outside 


endurance, 


wythe 


Insulation 


wythe 


hr:min. 


Vh in. Si! 


1 in. CP 


IV2 in. Sil 


1:23 


IV2 in. Carb 


1 in. CP 


IV2 in. Carb 


1:23 


IV2 in. SLW 


1 in. CP 


Vh in. SLW 


1:45 


2 in. Sil 


1 in. CP 


2 in. Sil 


1:50 


2 in. Carb 


1 in. CP 


2 in. Carb 


2:00 


2 in. SLW 


1 in. CP 


2 in. SLW 


2:32 


3 in. Sil 


1 in. CP 


3 in. Sil 


3:07 


IV2 in. Sii 


3/4 in. GFB 


V/2 in. Sil 


1:39 


2 in. Sil 


3/4 in. GFB 


2 in. Sil 


2:07 


2 in. SLW 


3/4 in. GFB 


2 in. SLW 


2:52 


2 in. Sil 


3/4 in. GFB 


3 in. Sil 


3:10 


Vh in. Sil 


Vh in. GFB 


V/2 in. Sil 


2:35 


2 in. Sil 


Vh in. GFB 


2 in. Sil 


3:08 


2 in. SLW 


IV2 in. GFB 


2 in. SLW 


4:00 


IV2 in. Sil 


1 in, IC 


V/2 in. Sil 


2:12 


1Vz in. SLW 


1 in. IC 


Vh in. SLW 


2:39 


2 in. Carb 


1 in. IC 


2 in. Carb 


2:56 


2 in. SLW 


1 in. IC 


2 in. SLW 


3:33 


IV2 in. Sil 


Vh in. IC 


IV2 in. Sil 


2:54 


Vh in. SLW 


V/2 in. IC 


V/2 in. SLW 


3:24 


2 in. Sil 


V/2 in. IC 


3 in. Sil 


4:16 


2 in. Sil 


2 in. IC 


2 in. Sil 


4:25 


IV2 in. SLW 


2 in. IC 


V/2 in. SLW 


4:19 



Notes: Carb = carbonate aggregate concrete 
Sil = siliceous aggregate concrete 

SLW = sand-lightweight concrete 

(1 15 pcf maximum) 
CP = cellular plastic 

(polystyrene or poiyurethane) 
GFB = glass fiber board 
IC = lightweight insulating concrete 

(35 pcf maximum) 

bustible construction where unprotected openings 
are permitted and 2-hr fire resistive non-combusti- 
ble construction where fire protection of the open- 
ings is required. Non-load bearing walls fronting on 
streets or yards at least 50 ft wide in Fire Zone 1 
(or 45 ft in Zones 2 or 3) may be of unprotected 
non-combustible construction. 

The above pertains to the 1976 Uniform Build- 
ing Code requirements for office buildings. Re- 
quirements for other occupancies differ somewhat 
but generally follow the same pattern. Require- 
ments in other codes also differ. Perhaps the most 
comprehensive requirements are those in the 
National Building Code of Canada, 3 which relate 
spatial separation and maximum area of unprotec- 
ted openings to the area and height-length ratio of 
the exposing building face. Percentages of unpro- 
tected opening areas are tabulated for various 
combinations of area of building face, height- 
length ratio, and spatial separation. 

The percentage ot openings permitted increases 
(a) as the spatial separation increases, (b) as the 
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area of the exposing building face decreases, and 
(c) as the ratio of either height-length (H/L) or 
length-height (L/H) increases, i.e., a greater percen- 
tage is permitted for H/L or L/H of 10:1 than for 
JH/L or L/H of 3:1. As an example, an exposing 
face of an office building having an area of 3500 sq 
ft, an L/H = 2:1, and a limiting distance of 24 ft 
can have a maximum of 18 percent of unprotected 
openings. If the ratio of L/H or H/L were 10:1 or 
more, the area of unprotected openings could be 
increased to 33 percent, or if the spatial separation 
were 40 ft and the L/H were 10:1, the area of un- 
protected openings permitted is 63 percent of the 
exposing face. 

The National Building Code of Canada also per- 
mits a higher limit on the unexposed surface tem- 
perature if the area of unprotected openings is less 
than the maximum allowed. The NBC (Canada) de- 
fines an equivalent opening factor, F eo , to be: 



= (T^+460) 4 



(T p + 460) 4 



(Eq.12-3) 



where 
T 



u = average temperature in deg F of the unex- 
posed wall surface at the time required 
fire-resistive rating is reached under test 
conditions 

e = 1638 F for a 3/4-hr fire-resistive rating 
1700 F for a 1-hr fire-resistive rating 
1850 F for a 2-hr fire-resistive rating 



The equivalent opening factor is then applied in 
a formula to determine the corrected area of open- 
ings: 



where 
A, = 



corrected area of unprotected openings 
including actual and equivalent openings 

A = actual area of unprotected openings 

A f = area of exterior surface of the exposing 
building face exclusive of openings, on 
which the temperature limitation of the 
standard fire test is exceeded. 



Fig. 12.5 shows the relation between F eo (as de- 
fined in the National Building Code of Canada) and 
panel thickness for three types of concrete. 

To illustrate the use of Fig. 12.5, suppose that 
for a particular building face, a 2-hr fire resistance 
rating is required and the area of unprotected 
openings permitted is 57 percent. Suppose also 
that the actual area of unprotected openings is 49 
percent and that the window wall panels are made 
of carbonate aggregate concrete (referred to as 
Type N in NBC (Canada). Determine the minimum 
thickness of the panel. 

In this case A c = 57 percent, A = 49 percent, A f 
= 100 - 49 = 51 percent, hence: 



Feo = 



A c -A 
A f 



57-49 
~~ 51 



= 0.16 



A c = A + A f F e 



(Eq.12-4) 



From Fig. 12.5, for F eo = 0.16 at 2 hr, the 
minimum panel thickness is 2.1 in. Thus, if the 
panel is 2.1 in. thick or thicker, the code require- 
ments will be satisfied. 

12.3 DETAILING OF FIRE BARRIERS 

One of the purposes of code provisions for fire 
resistive construction is to limit the involvement of 



Fig. 12.5 Equivalent opening factor, F for concrete wall panels (for use with the National Building Code of Canada). 
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a fire to the room or compartment where the fire 
originates. Thus, the floors, walls, and roof sur- 
rounding the compartment must serve as fire bar- 
riers. 

Most codes require that fire walls start at the 
foundation and extend continuously through all 
stories to and above the roof, except where the 
roof is of fire resistive construction, in which case 
the wall must be tightly fitted against the under- 
side of the roof. If the roof and walls are of com- 
bustible construction, fire walls must extend not 
only through the roof, but must extend through 
the sides of the building beyond the eaves or other 
combustible projections. 

When protected openings are required in walls, 
coverings for such openings must be fire resistive. 
Most codes require that fire doors have fire resis- 
tive classifications of three-fourths of the classifi- 
cation required of the wall. Glazed openings in fire 
doors or fire windows are limited in area by code 
provisions, and the glass must be reinforced with 
wire mesh. Fire dampers must be used in ducts un- 
less fire tests show that they are not needed. 

12.3.1 Treatment of Joints 

Joints between wall panels should be detailed so 
that passage of flame or hot gases is prevented, and 
transmission of heat does not exceed the limits 
specified in ASTM E119. Concrete wall panels ex- 
pand when heated, so the joints tend to close dur- 
ing fire exposure. Non-combustible materials that 
are flexible, such as ceramic fiber blankets or asbes- 
tos rope, provide thermal, flame, and smoke bar- 
riers, and when used in conjunction with caulking 
materials they can provide the necessary weather- 
tightness while permitting normal volume change 
movements. Joints that do not require movement 
can be filled with mortar. 

Fig. 12.6 Fire endurance of one-stage butt joints and two-stage 
and backup rods. 



Joints between wall panels are similar to open- 
ings. Most building codes do not require openings 
to be protected against fire if the openings consti- 
tute only a small percentage of the wall area and if 
the spatial separation is greater than some 
minimum distance. In those cases, protection of 
joints would not be required. 

In other cases, openings must be protected, but 
most codes permit a lesser degree of protection. 
For example, the Uniform Building Code requires 
that when openings are permitted and must be 
protected, the ''openings shall be protected by a 
fire assembly having a 3/4-hour fire-protection 
rating." Where no openings are permitted, the fire 
resistance required for the wall should be provided 
at the joints. 

Fire tests of wall panel joints 10 showed that the 
fire endurance, as determined by a temperature rise 
of 325 F over the joint, is influenced by joint type, 
joint treatment (materials), joint width, and panel 
thickness. By providing the proper thickness of in- 
sulating materials within the joint, it is possible to 
attain fire endurances essentially as long as those of 
the panels. Results of the fire tests, shown in Figs. 
12.6, 12.7, 12.8 and 12.9, can be used to deter- 
mine the thicknesses of materials needed to pro- 
vide the necessary fire endurance. 

Fig. 12.6 shows the fire endurance of one-stage 
butt-joints and two-stage shiplap joints in which 
the treatment consisted of sealants and polyethy- 
lene foam backup strips. 

Fig. 12.7 summarizes fire test data on one-stage 
butt-joints in the form of a design aid that can be 
used to estimate the thickness of ceramic fiber 
blanket required for a particular joint width and 
fire endurance. 

Fig. 12.8 shows data for two-stage cavity joints 
incorporating ceramic fiber blankets, and Fig. 12.9 
shows similar data for two-stage shiplap joints. 
shiplap joints in which the joint treatment consisted of sealant 
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Fig. 12.7 Design aid for use in estimating the depth of 

ceramic fiber blanket required in one-stage butt 
joints for various fire endurances. For joint 
widths between 3/8 in. and 1 in., the required 
depth of ceramic fiber blanket can be estimated 
by interpolation. 
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12.3.2 Protection of Connections 

Many types of connections in precast concrete 
construction are not vulnerable to the effects of 
fire and, consequently, require no special treat- 
ment. For example, gravity-type connections, such 
as the bearings between precast concrete panels 



Fig. 12.8 Fire endurance of two-stage cavity joints treated 
with 1-1/4-in. thickness of ceramic fiber 
blankets, backup rods, and sealants. 
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and concrete footings or beams which support 
them, do not generally require special fire protec- 
tion. 

If the panels rest on elastomeric pads or other 
combustible materials, protection of the pads is 
not generally needed because deterioration of the 
pads will not cause collapse. Nevertheless, after a 
fire, the pads would probably have to be replaced 
so protecting the pads might prevent the need for 
replacement. 

Connections that can be weakened by fire and 
thereby jeopardize the structure's stability should 
be protected to the same degree as that required 
for the structural frame. For example, an exposed 
steel bracket supporting a panel or spandrel beam 
will be weakened by fire and might fail causing the 
panel or beam to collapse. Such a bracket should 
be protected. The amount of protection depends 
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Fig. 12.9 
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on (a) the stress-strength ratio in the steel at the 
time of the fire and (b) the intensity and dur-tion 
of the fire. The thickness of protection material re- 
quired is greater as the stress level and fire severity 
increase. 

Fig. 12.10 shows the thickness of various com- 
monly used fire protection materials required for 
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fire enduances up to 4 hr. The values shown are 
based on a critical steel temperature of 1000F, 
i.e., a stress-strength ratio (f s /f y ) of about 65 per- 
cent. Values in Fig. 12.10 (b) are applicable to con- 
crete or dry-pack mortar encasement of structural 
steel shapes used as brackets or lintels. 



Fig. 12.10 Thickness of protection materials applied to connections consisting of structural steel shapes. (IM = intumescent 
mastic, SMF = sprayed mineral fiber, VCM = vermiculite cementitious material) 
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Design Example 

Determine the thickness of vermiculite cementi- 
tious material that must be applied to an exposed 
bracket made of 4 x 4 x 3/8-in. steel angles to pro- 
vide a fire endurance of 2 hr. 

Solution: From Fig. 12.10 (a) the thickness must 
be about 1 3/8 in. 

12.3.3 Fire Stopping Between Floors and Wall 
Panels 

When precast concrete wall panels are designed 
and installed in such a manner that no space exists 
between the wall panel and floor, a fire below the 
floor cannot pass through the joint between the 
floor and wall. 

However, some curtain wall panels are designed 
in such a manner that a space exists between the 
floor and wall. This space is referred to as a "safe- 
off" area. 

Fig. 12.11 shows two methods of fire stopping 
such safe-off areas. Safing insulation is available in 
the form of mineral fiber mats of varying dimen- 
sions and densities. Care must be taken during 
installation to be sure that the entire safe-off area 
is sealed. The safing insulation provides an ade- 
quate firestop and accommodates differential 
movement between the wal I panel and floor. 
See Chapter 14, page 14 for a discussion on the 
acoustical isolation effects of this treatment. 

12.4 CONCRETE COLUMNS 

Reinforced concrete columns have for many 
years served as the standard for fire resistive con- 
struction. Indeed, the performance of concrete 
columns in fires has been excellent. 



A concrete column possesses inherent fire re- 
sistance because of three factors: (1) the minimum 
size is generally such that the inner core of the col- 
umn retains much of its strength even after long 
periods of fire exposure; (2) concrete cover to the 
reinforcing bars is generally 1 7/8 in. or more, thus 
providing considerable protection for the rein- 
forcement; and (3) the ties or spirals contain the 
concrete within the core. 

Table 12.5 shows a summary of typical building 
code requirements for reinforced concrete columns. 
It can be noted that most codes assign 4-hr classifi- 
cations for columns that are at least 12 in. in dia- 
meter or 12 in. square, but some codes require that 
columns made with siliceous aggregate concrete 
must be larger. 

The values shown in Table 12.5 apply to precast 
as well as cast-in-place concrete columns. In addi- 
tion, they apply to cast-in-place concrete columns 
clad with precast concrete column covers whether 
the covers serve merely as cladding (see Chapter 8) 
or as forms for the cast-in-place columns (see 
Chapter 7). 

12.4.1 Precast Concrete Column Covers 

Steel columns are often clad with precast con- 
crete panels or covers for architectural reasons. 
Such covers also provide fire protection for the col- 
umns. 

Fig. 12.12 shows the relationship between the 
thickness of concrete column covers and fire en- 
durance for various steel column sections. The fire 
endurances shown are based on an empirical rela- 
tionship developed by Lie and Harmathy. 14 
The above authors 14 also found that the air 



Fig. 12.11 Two methods of installing safing insulation between floor slab and wall panels. The sketch shows safing supported 
on a metal plate, while the safing in the photo is supported by impaling pins (not shown). (Photo courtesy: U.S. Gypsum Co.) 



safing insulation 



continuous 
closure plates 




metal plate attached to wall 
1"VT to 6" maximum 
■ curtain wall panel 




12-12 



Table 12.5 Summary of building code requirements for 
concrete columns. 



Model 
Code 


Minimum column 
dimension and 
aggregate type 


Concrete cover, in., 

for fire resistance 

classification of 


1 hr 


2hr 


3hr 


4hr 


UBC 
BOCA 

BOCA 
NBC 
NBC 
NBC 

SSBC 
SSBC 
SSBC 


12 in. 

Carbonate or 
lightweight 

Siliceous 

16 in.; siliceous 

12 in.; siliceous 

12 in.; carbonate or 
lightweight 

16 in.; siliceous 

12 in.; siliceous 

12 in.; carbonate or 
lightweight 


Vh 


IY2 
IV2 


Vh 

V/2 

Vh\ 

V/2 

Vh 


1V2* 

V/2 

2 

V/2 

Vh 
2Vz 

IV2 



Note: UBC = Uniform Building Code, 1976 9 ; 
BOCA = BOCA Building Code, 1975 11 ; 
NBC = National Building Code, 1976 12 ; 
SSBC = Southern Standard Building Code, 1973. 13 

*2 in. for siliceous aggregate concrete. 
tMesh in cover. 

space between the steel core and the column covers 
has only a minor effect on the fire endurance. An 
air space will probably increase the fire endurance 



but only by an insignificant amount. 

Most precast concrete column covers are 3 in. or 
more in thickness, but some are as thin as 2 1/2 in. 
From Fig. 12.12, it can be seen that precast con- 
crete column covers can qualify for fire endurances 
of at least 2 1/2 hr, and usually more than 3 hr. 
For steel column sections other than those shown, 
including shapes other than wide flange beams, 
interpolation between the curves on the basis of 
weight per foot will generally give reasonable re- 
sults. 

For example, the fire endurance afforded by a 
3-in thick column cover of normal weight concrete 
for a 8 x 8 x 1/2-in. steel tube column will be 
about 3 hr 20 min. (the weight of the section is 
47.35 lb per ft). 

Precast concrete column covers (Fig. 12.13) are 
made in various shapes such as (a) four flat panels 
with butt or mitered joints that fit together to en- 
close the steel column, (b) four L-shaped units, 
(c) two L-shaped units, (d) two U-shaped units, 
and (e) and (f) U-shaped units and flat closure 
panels. There are, of course, many combinations to 
accommodate isolated columns, corner columns, 
and columns in walls. 

To be fully effective the column covers must re- 
main in place without severe distortion. Many 
types of connections are used to hold the column 
covers in place. Some connections consist of bolted 



Fig. 12.12 Fire endurance of steel columns afforded protection by concrete column covers. 14 



DC 

X 

LU 
O 

z 
< 

DC 
Z> 
Q 
Z 

UJ 

LU 
DC 





3 4 1 

t, THICKNESS OF COLUMN COVER, IN. 











W14x3i 
W10x112 


20 / 










/X W8x 
/ W10x49 


31 






;« 


■::-::-*■■ V:*. : '.-:»:\- 


»; 


» 




t— ; 


»;:.VA. : V..-.V.i * 




Sand -Lights 


weight Concrc 


?te 



2 
(b) 



12-13 



or welded clip angles attached to the tops and bot- 
toms of the covers. Others consist of steel plates 
embedded in the covers that are welded to angles, 
plates, or other shapes which are, in turn, welded 
or bolted to the steel column. In any case, the 
connections are used primarily to position the col- 
umn covers and as such are not highly stressed. As 
a result, temperature limits need not be applied to 
the steel in most column cover connections. 

If restrained, either partially or fully, concrete 
panels tend to deflect or bow when exposed to 
fire. For example, for a steel column that is clad 
with four flat panels attached top and bottom, the 
column covers will tend to bulge at midheight 
thus tending to open gaps along the sides. The gap 
size decreases as the panel thickness increases. 

With L, C, or U-shaped panels, the gap size is 
further reduced. The gap size can be further mini- 
mized by connections at midheight. In some cases, 
ship-lap joints can be used to minimize the effects 
of joint openings. Fig. 12.13 shows various column 
cover configurations. 

Joints should be sealed in such a way to prevent 
passage of flame to the steel column. A non-com- 
bustible material such as sand-cement mortar, 
ceramic fiber blanket, or asbestos rope can be used 
to seal the joint. 

Precast concrete column covers should be in- 
stalled in such a manner that if they are exposed to 
fire, they will not be restrained vertically. As the 
covers are heated they tend to expand. Connec- 
tions should accommodate such expansion without 
subjecting the cover to additional loads. 

Fire resistive compressible materials, such as 
mineral fiber safing, can be used to seal the tops or 

Fig. 12.13 Types of precast concrete column covers; 
(a) would probably be most vulnerable to 
bowing during fire exposure while (f ) would 
probably be the least vulnerable. 




bases of the column covers, thus permitting the 
columns to expand. Similarly the connections be- 
tween the covers and columns should be flexible 
(or "soft") enough to accommodate thermal 
expansion without inducing much stress into the 
covers. 
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13.1 GLOSSARY 

U — overall coefficient of heat transmission or 
thermal transmittance (air-to-air); the time 
rate of heat flow usually expressed in Btu per 
(hr) (sq ft) (deg F temperature difference be- 
tween air on the inside and air on the outside 
of a wall, floor, roof, or ceiling). The term is 
applied to the usual combinations of mater- 
ials, and also to single materials, such as win- 
dow glass, and includes the surface conduc- 
tance on both sides. This term is frequently 
called the U value. 

k — thermal conductivity) the time rate of heat 
flow through a homogeneous material under 
steady-state conditions, through unit area, per 
unit temperature gradient in the direction per- 
pendicular to an isothermal surface. Its unit is 
Btu in. per (hr) (sq ft) (deg F). 

C — thermal conductance) the time rate of heat 
flow expressed in Btu per (hr) (sq ft) (deg F 
average temperature difference between two 
surfaces). The term is applied to specific mat- 
erials as used, either homogeneous or hetero- 
geneous, for the thickness or construction sta- 
ted, not per in. of thickness. 

f — film or surface conductance) the time rate of 
heat exchange by radiation, conduction, and 
convection of a unit area of a surface with its 
surroundings. Its value is usually expressed in 
Btu per (hr) (sq ft of surface) (deg F tempera- 
ture difference). Subscripts i and o are usually 
used to denote inside and outside surface con- 
ductances, respectively. 

a — thermal conductance of an air space) the time 
rate of heat flow through a unit area of an air 
space per unit temperature difference be- 
tween the boundary surfaces. Its value is 
usually expressed in Btu per (hr) (sq ft of 
area) (deg F). The conductance of an air space 
is dependent on the temperature difference, 
the height, the depth, the position, character, 
and temperature of the boundary surfaces. 
Since the relationships are not linear, accurate 
values must be obtained by test and not by 
computation. The space must be fully des- 
cribed if the values are to be meaningful. 

R — thermal resistance; the reciprocal of a heat 
transfer coefficient, as expressed by U, C, f, 
or a. Its unit is (deg F) (hr) (sq ft) per Btu. 
For example, a wall with a U value of 0.25 
would have a resistance value of R = 1/U = 
1/0.25 =4.0. 

Btu — approximately the amount of heat to raise 
one pound of water from 59F to 60F. 



Degree Day — a unit based on temperature differ- 
ence and time, used in estimating fuel con- 
sumption and specifying nominal heating load 
of a building in winter. For any one day, 
when the mean temperature is less than 65F, 
there exist as many degree days as there are F 
degrees difference in temperature between the 
mean temperature for the day and 65F. 

Dew-Point Temperature — The temperature at 
which condensation of water vapor begins for 
a given humidity and pressure as the tempera- 
ture is reduced. The temperature correspond- 
ing to saturation (100% relative humidity) for 
a given absolute moisture content and given 
pressure. 

Perm — A unit of permeance. A perm is 1 grain per 
sq ft, hr, in. of mercury vapor pressure differ- 
ence. 

Permeability, water vapor — The property of a sub- 
stance which permits the passage of water. 
It is equal to the permeance of 1 in. of a sub- 
stance. Permeability is measured in perm in- 
ches. The permeability of a material varies 
with psychrometric conditions. 

Permeance — The water vapor permeance of any 
sheet or assembly is the ratio of the water 
vapor flow to the vapor pressure difference 
between the two surfaces. Permeance is meas- 
ured in perms. 

Two commonly used test methods are the 
Wet Cup and Dry Cup Tests. Specimens are 
sealed over the tops of cups containing either 
water or desiccant, the surrounding atmos- 
phere maintained at 50% relative humidity, 
and weight changes measured. 

Relative Humidity — The ratio of moisture vapor 
present in air to the water vapor present in 
saturated air at the same temperature and 
pressure. 



A 
A, 
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13.2 NOTATION 

= area (all areas are ft 2 ) 

= area of doors 

= area of exposed wall enclosing un- 
heated space 

= area of glass (fenestration) 

= area of glass, wall 1 

= area of glass, wall 2 

= area of common walls 

= area of floor, excluding openings 
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A„ 



*ofl 



\k 



A 

M 
OTTV. 



overall area 

overall area of floor 

overall area of roof 

overall area of walls 

area of openings in floors 

opaque area of roof 

area of skylights 

opaque area of walls 

modification factor to modify U; per- 
meance of a given material 

overall thermal transfer value, roof, 
Btu/hr ft 2 



OTTV w = overall thermal transfer value, walls, 
Btu/hr ft 2 



R 
SC f 



sc 



sk 



SF f 
SF 



sk 



TD 
TD 
TD 
U 

U d 
U e 

U f 

U; 



eq 



eqr 



eqw 



= thermal resistance, F hr ft 2 /Btu 

= shading coefficient of glass (fenestra- 
tion) 

= shading coefficient of skylights 

= solar factor of glass (fenestration), 
Btu/hr ft 2 

= solar factor of skylights, Btu/hr ft 2 

= indoor temperature, F 

= outdoor temperature, F 

= dew-point temperature of room air at 
design maximum relative humidity, F 

= temperature of unheated space, F 

= equivalent temperature differential, in- 
door-outdoor, F 

= equivalent temperature differential, 
roof, F 

= equivalent temperature differential, 
walls, F 

= heat transmission value (all heat and 
gross heat transmission values are 
Btu/hr ft 2 F) 

= heat transmission value of door 

= heat transmission value of exposed 
wall enclosing unheated space 

= heat transmission value of glass (fenes- 
tration) 

= heat transmission value of floor 

= heat transmission value of common 
wall 



U 

"of. 

ow 



U sk 

u w 

At 
AT, 



AT 



sk 



= overall heat transmission value 

= overall heat transmission value of floor 

= overall heat transmission value of roof 

■= overall heat transmission value of walls 

= heat transmission value of openings in 
floor 

= heat transmission value of opaque roof 

= heat transmission value of skylight 

= heat transmission value of opaque walls 

= temperature difference, indoor-out- 
door, F 

= temperature difference of fenestration, 
indoor-outdoor, F, cooling designs 

= temperature difference of skylights, in- 
door-outdoor, F, cooling designs 

/z = permeance of a unit thickness of a 

given material 

13.3 GENERAL 

Thermal codes and standards prescribe in many 
different ways the heat transmission requirements 
for buildings. Therefore, it is important to have basic 
knowledge about the heat loss and heat gain of 
many materials. This chapter presents the funda- 
mentals and design aids that are needed to analyze 
and compare the heat losses and heat gains through 
building envelopes. 

Precast and prestressed concrete construction 
have a unique advantage with their thermal inertia 
and thermal storage properties. This advantage is 
recognized in some codes, however, procedures to 
account for the benefits of heavier materials are not 
usually given. Procedures are presented in thischap- 
ter. 

The trend is toward more insulation with little 
regard given to its total impact on the energy saved. 
Before assuming that thick insulation is needed, 
mass effects, less glass area, reduced infiltration and 
controlled ventilation should be considered. Further 
considerations may include building orientation, ex- 
terior color, shading or reflections from adjacent 
structures, surrounding surfaces or vegetation, 
building aspect ratio, number of stories, wind direc- 
tion and speed. 

Except where noted the information and design 
criteria that follow are taken from or derived from 
ASHRAE Handbook of Fundamentals, hereafter 
referred to as the ASHRAE Handbook; and from 
the ASHRAE Standard 90-75 "Energy Conserva- 
tion in New Building Design", hereafter referred to 
as the Standard. 
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It is important to note that all design criteria are 
not given and the criteria used may change from 
time to time as the Standard and Handbook are re- 
vised. Therefore as the design procedures are ap- 
plied it is essential to consult the applicable codes 
and revised references for specified values and pro- 
cedures that govern in a particular area. 

13.4 THERMAL PROPERTIES OF MATERIALS, 
SURFACES, AND AIR SPACES 

The thermal propertiesof materials and air spaces 
are based on steady state tests. The tests establish 
the number of British Thermal Units (Btu) that pass 



from the warm side to the cool side, per sq ft per hr 
per deg temperature difference either side of the 
item being tested. The results of the tests determine 
the conductivity k, per in. thickness for homogene- 
ous sections. For nonhomogeneous, compound sec- 
tions, and air spaces the tests determine the conduc- 
tance C, for the total thickness. The values k and C 
do not include surface conductances. The inside 
surface conductance, fj and the outside surface con- 
ductance, f are considered separately. 

The resistance method is used to determine the 
overall thermal effectiveness of wall, floor and roof 
sections. Therefore, the resistance R, i.e., the re- 



Table 13.1 Thermal resistances, R f of surfaces 



Position 
of 

Surface 


Direction 
of 

Heat Flow 


Still air, R f . 


Moving air, R f0 


Nonre- 
flective 
Surface 


Reflective 
Surface 


Nonreflective 
Surface 


A<u 


B<2> 


15mph< 3) 


7% mph< 4) 


Vertical 


Horizontal 


0.68 


1.35 


1.70 


0.17 


0.25 


Horizontal 


Up 

Down 


0.61 
0.92 


1.10 
2.70 


1.32 
4.55 


0.17 
0.17 


0.25 
0.25 



(1) Aluminum painted paper 

(2) Bright aluminum foil 



(3) Winter design 

(4) Summer design 



Table 13.2 Thermal resistances, R a of air spaces 



U) 



Position 
of 

Air 
Space 


Direction 

of 

Heat 

Flow 


Air Space 


Nonre- 
flective 
Surfaces 


Reflective Surfaces 


Mean Temp. 
Temp. Diff. 

op op 


One 
Side< 2 > 


One 
Side< 3 > 


Both 

Sides* 3 ) 






Winter 












Horizontal 


50 10 


1.01 


2.32 


3.40 


3.63 


Vertical 


(walls) 


50 30 


0.91 


1.89 


2.55 


2.67 




Summer 












Horizontal 
(walls) 


90 10 


0.85 


2.15 


3.40 


3.69 






Winter 












Up 


50 10 


0.93 


1.95 


2.66 


2.80 




(roofs) 


50 30 


0.84 


1.58 


2.01 


2.09 


Horizontal 


Down 
(floors) 


50 — 


1.23 


3.97 


8.72 


10.37 




Summer 












Down 
(roofs) 


90 — 


1.00 


3.41 


8.19 


10.07 



(1) For 3 1/2 in. air space thickness. The values with the exception of those for reflective 
surfaces, heat flow down, will differ about 10% for air space thickness of 3/4 in. to 16 
in. Refer to Table 20, Chapter 20 of the ASHRAE Handbook for values of other thick- 
nesses, reflective surfaces, heat flow down. 

(2) Aluminum painted paper 

(3) Bright aluminum foil 
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ciprocai of k, C, fj and f must be known. The R 
values of construction materials are not influenced 
by the direction of heat flow. On the other hand the 
R of surfaces and air spaces differ depending on 
their orientation, that is whether they are vertical, 
sloping, or horizontal. Also the R values of surfaces 
are affected by the velocity of air at the surfaces and 
by their reflective properties. 

Tables 13.1 and 13.2 give the thermal resistances 



of surfaces and 3 1/2 in. air spaces. Values in Table 
13.2 can be used for all air space thicknesses with 
very little change in the overall R of the section, 
with one exception. Where heat flow direction is 
down, follow the procedure given in footnote 1, 
Table 13.2. 

Table 13.3 gives the thermal properties of most 
commonly used building materials. For glass, only 
U values are given since the glass alone has almost 



Table 13.3 Thermal properties 


of various building materials 1 










Resistance 


Trans- 


Unit 


Per inch 


For thick- 


Material 


Weight, 


of thick- 


ness shown, 


mittance, 




pcf 


ness, 1/k 


R 


U 


Insulation, rigid 










Cellular glass 


8.5 


2.63 






Fiberglass 


4 to 9 


4.00 






Mineral fiber, resin 










binder 


15 


3.45 






Mineral fiberboard, 










wet felted, roof 










insulation 


16-17 


2.94 






Wood, shredded, 










cemented in 










preformed slabs 


22 


1.67 






Polystyrene ■ cut 










cell surface 


1.8 


4.00 






Polystyrene ■ smooth 










skin surface 


3.5 


5.26 






Polystyrene - molded 










bead 


1.0 


3.57 






Polyurethane 


1.5 


6.25 






Miscellaneous 










Acoustical tile 


18 


2.50 






Carpet, fibrous pad 




2.08 






Carpet, rubber pad 






1.23 




Floor tile, asphalt, 










rubber, vinyl 






0.05 




Gypsum board 


50 


0.90 






Particle board 


50 


1.06 






Plaster 










cement, sand agg. 


116 


0.20 






gyp, L.W. agg. 


45 


0.63 






gyp, sand agg. 


105 


0.17 






Roofing, 3/8 in. 










built-up 


70 




0.33 




Wood hard 


45 


0.91 






Wood soft 


32 


1.25 






Wood plywood 


34 


0.83 






Glass doors & windows 










Single, winter 








■1.13 


Single, summer 








1.06 


Double, winter< 2 > 








0.65 


Double, summed 








0.61 


Doors, metal 










Insulated, winter 








0.19 


Insulated, summer 








0.18 



(1) See Table 13.4 for all concretes, including insulating concrete for roof fill. 

(2) 1/4" air space. 
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no thermal resistance. The resistances of the surfaces 
of the glass contribute mostly to the U. 

Table 13.4 gives the thermal propertiesof various 
weight concretes, including insulating concretes. It 
also gives the R values of some of the commonly 
used prestressed concrete floor, roof and wall 



Table 13.4 Thermal properties of concrete 



(1) 



units with and without built-in insulation. 

Thermal conductances and resistances are usual- 
ly determined and reported for building materials 
in their oven dry condition. Conductances and resis- 
tances for concrete are often reported in its normal- 
ly dry condition as well as in its oven dry condition. 
Normally dry is the condition of concrete contain- 



Description 


Concrete 

Weight, 

pcf 


Thick- 
ness, 
in. 


Resistance, R 


Per Inch 
of thick- 
ness, 1/k 


For thick- 
ness shown, 

1/C 


Concretes 

including normal 
weight, lightweight 
and lightweight 
insulating concretes 


145 

140 

130 

120 

110 

100 

90 

80 

70 

60 

50 

40 

30 

20 




0.075 
0.083 
0.11 
0.14 
0.19 
0.24 
0.30 
0.37 
0.45 
0.52 
0.67 
0.83 
1.00 
1.43 




Normal weight 
tees< 2 > and solid slabs 

Normal weight 
hollow core slabs 

Rectangular 
cores 

Oval 
cores 

Circular 
cores 


145 


2 
3 
4 
5 
6 
8 




0.15 
0.23 
0.30 
0.38 
0.45 
0.60 


8 
12 




1.69 
1.91 


8 
10 

12 




1.21 
1.44 
1.73 


6 
8 




0.92 
0.88 


Structural lightweight 
tees (2) and solid slabs 

Structural lightweight 
hollow core slabs 

Rectangular 
cores 


110 


2 
3 
4 
5 
6 
8 




0.38 
0.57 
0.76 
0.95 
1.44 
1.52 


8 
12 




2.00 
2.59 



(1) Based on normally dry concrete (see Sect. 13.4). 

(2) Thickness for tees is thickness of slab portion including topping, if used. The effect of the 
stems generally is not significant, therefore, their thickness and surface area may be dis- 
regarded. 
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ing an equilibrium amount of free water after ex- 
tended exposure to warm air at 35 to 50% relative 
humidity. Values given in the tables in this chapter 
are based on concrete that is considered normally 
dry. 

It should be noted that normally dry concrete in 
combination with insulation generally provides a- 
bout the same R value as equally insulated oven dry 
concrete. It should also be noted that normally dry 
concrete because of its moisture content has the 
ability to store a greater amount of heat than oven 
dry concretes, a property somewhat beneficial when 
considering dynamic thermal response of concrete. 

13.5 COMPUTATION OF U VALUES 

The heat transmission values, U values, of a build- 
ing wall, floor or roof section is computed by add- 
ing together (1) the R of the layers of materials in 
the section, (2) the R fj and R fo of the inside-outside 
surfaces, and (3) the R a of air spaces that may be 
within the section. The reciprocal of the summation 
of all R's isthe U value. For example, a typical wall 
with an air space is calculated: 

U = "R - Tr +R ■ R ■ • ■ (Eq. 13-1) 

tt fi + ^materials + h a + h fo 

where R materia | S is a summation, that is, R., + R 2 + 
R 3 , etc. of all opaque materials in the wall. 

For convenience to designers a number of wall 
and roof U values have been computed. Tables 
13.5, 13.6 and 13.7 contain winter and summer U 
values for concrete wall and roof sections of vari- 
ous thicknesses and designs without added insula- 
tion or with added insulation having R values 4, 6, 
8, and 10 for walls, and 4, 8, and 12 for roofs. 
Wall tables can be applied to sandwich type panels 
as well as single wythe panels insulated on one side. 
Roof tables include the added effect of acoustical 
tile ceilings either applied directly to the bottom 
of the prestressed units or suspended below. 

13.5.1 Design Example - Using Tables 13.1 to 13.4 



Example — Wall 



A — 








R 


R 








Winter 


Summer 


Table 


A. 


Surface, outside 


0.17 


0.25 


13.1 


B. 


Concrete, 2 in., 
(110pcf) 


0.38 


0.38 


13.4 


C. 


Insulation, 1 1 / 2 in. 


6.00 


6.00 


13.3 


D. 


Concrete, 2% in., 
(110 pcf) 


0.48 


0.48 


13.4 


E. 


Surface, inside 


0.68 


0.68 


13.1 




Total R = 


7.71 


7.79 






U= 1/R = 


0.13 


0.13 





Example — Roof 







/ 




















tp 




7 XW j- ' V "■' 


^^vffi 








r ' 




K 






1'".* 1^—-—""'^'^ 


R 




E 
R 








Winter 




Summer 


Table 


A. 


Surface, outside 


0.17 




0.25 


13.1 


B. 


Roofing, built-up 


0.33 




0.33 


13.3 


C. 


Insulation, 2 in. 


8.00 




8.00 


13.3 


D. 


Concrete, 2 in. 

(145 pcf) 


0.15 




0.15 


13.4 


E. 


Surface, inside 


0.61 




0.92 


13.1 




Total R = 


9.26 




9.65 






U = 1/R = 


0.11 




0.10 





The U vaiues for heating may be modified to 
account for the effects of mass, given in Sect. 
13.8.1. The U values for cooling are used without 
modification. Mass effects for cooling are applied 
by using appropriate temperature differences, as 
explained in Sect. 13.8.2. 

13.6 DESIGN TEMPERATURES AND 

TEMPERATURE DIFFERENCES 

(WINTER HEATING) 

To determine the critical hourly heat loss 
through opaque and glass areas, a temperature dif- 
ference (tj - 1 ), At, is multiplied by the applicable 
steady state U values. To account for the effects 
of mass in an opaque section, its U value is modi- 
fied as explained in Sect. 13.8. For buildings to be 
heated, the maximum indoor temperature, t f of 
habitable space is generally assumed as 72 F. In 
some instances the temperature of unheated space, 
t u must be considered. 

Outdoor design temperatures for major cities 
are listed in Table 13.8. The 97 1 / 2 % values for win- 
ter are recommended in the ASHRAE Handbook 
for use in designing massive institutional buildings 
with little glass. The ASHRAE Standard permits 



13-7 



the 97 1 / 2 % values to be used for buildings of all 
weights. However, because of the high peak load 
problems that can develop in lightweight buildings, 
especially those with wall and roof sections weigh- 
ing less than about 15 psf and those having large 
amounts of glass, the lower design temperatures 
should be considered for such buildings. See dis- 
cussion on thermal storage effects in Sect. 13.8 for 
an explanation of peak loads. 



The indoor-outdoor temperature difference, At, 
for heating is generally 72 - t . In some cases, At 
between heated and unheated 
determined. The temperature, t u 
space is calculated using Eq. 13-2. 



spaces must be 
of the unheated 



tjtAjU-.l + t,, (A e U e + A r U r ) 



. (Eq. 13-2) 



Table 13.5 U values: walls of prestressed tees, hollow core slabs, solid and sandwich panels; winter 



and summer conditions 



(1) 







Thickness t, 






Winter 










Summer 






Concrete 


Type of 


and Resis- 






















Weight, 
pcf 


Wall 
Panel 


tance R, of 
the Concrete 




R fo = 


0.17, R fj = 


= 0.68 






R fo = 


0.25, R f . = I 


0.68 




































Insulation Resistance, R 








t< 2 > R 


None 


4 


6 


8 


10 


None 


4 


6 


8 


10 




Solid 


2 0.15 


1.00 


.20 


.14 




.09 


.93 


.20 


.14 




.09 




walls, 


3 0.23 


.93 


.20 


.14 




.09 


.87 


.19 


.14 




.09 




tees, and 


4 0.30 


.87 


.19 


.14 




.09 


.81 


.19 


.14 




.09 




sandwich 


5 0.38 


.18 


.19 


.14 




.09 


.77 


.19 


.14 




.09 




panels 


6 0.45 


.77 


.19 


.14 




.09 


.72 


.19 


.14 




.09 






8 0.60 


.69 


.18 


.13 




.09 


.65 


.18 


.13 


.10 


.09 


Hollow 


























core 


























slabs< 3 > 


























Rectang- 


8(0) 1.69 


.39 


.15 


.12 


.09 


.08 


.38 


.15 


.12 


.09 


.08 


145 


ular 


(f) 3.49 


.23 


.12 


.10 


.08 


.07 


.23 


.12 


.10 


.08 


.07 


cores 


12(o) 1.91 


.36 


.15 


.11 


.09 


.08 


.35 


.15 


.11 


.09 


.08 




Oval 


(f) 5.01 


.17 


.10 


.08 


.07 


.06 


.17 


.10 


.08 


.07 


.06 


6(0) 1.21 


.48 


.16 


.12 


.10 


.08 


.47 


.16 


.12 


.10 


.08 




cores 


8(0) 1.44 


.44 


.16 


.12 


.10 


.08 


.42 


.16 


.12 


.10 


.08 




Circular 


10(o) 1.73 


.39 


.16 


.12 


.09 


.08 


.38 


.15 


.12 


.09 


.08 


6(0) 0.92 


.56 


.17 


.13 


.10 


.08 


.54 


.17 


.13 


.10 


.08 




Cores 


(f) 1.71 


.39 


.15 


.12 


.09 


.08 


.38 


.15 


.12 


.09 


.08 






8(0) 0.88 


.58 


.17 


.13 


.10 


.08 


.55 


.17 


.13 


.10 


.08 




Solid 


2 0.38 


.81 


.19 


.14 


.11 


.09 


.76 


.19 


.14 


.11 


.09 




walls, 


3 0.57 


.70 


.18 


.13 


.11 


.09 


.67 


.18 


.13 


.11 


.09 




tees, and 


4 0.76 


.62 


.18 


.13 


.10 


.09 


.59 


. .18 


.13 


.10 


.09 




sandwich 


5 0.95 


.56 


.17 


.13 


.10 


.09 


.53 


.17 


.13 


.10 


.08 




panels 


6 1.14 


.50 


.17 


.13 


.10 


.08 


.48 


.16 


.12 


.10 


.08 


110 




8 1.52 


.42 


.16 


.12 


.10 


.08 


.41 


.16 


.12 


.10 


.08 


Hollow 


























core 


























slabs* 3 ) 


























Rectang- 


8(0) 2.00 


.35 


.15 


.11 


.09 


.08 


.41 


.14 


.11 


.09 


.08 




ular 


(f) 4.41 


.19 


.11 


.09 


.08 


.07 


.19 


.11 


.09 


.08 


.07 




cores 


12(o) 2.59 


.29 


.13 


.11 


.09 


.07 


.28 


.13 


.10 


.09 


.07 






(f) 6.85 


.13 


.09 


.07 


.06 


.06 


.13 


.08 


.07 


.06 


.06 



(1) When insulations having other R values are used, U values can be interpolated with adequate 
accuracy, or U can be calculated as shown in Sect. 13.5. 

When a finish, air space or any material is added, the new U value is: 

1 

i 

+ R of added finish, air space, or material 

U from table 

(2) Thickness for tees is thickness of slab portion. For sandwich panels, t is the sum of the thick- 
nesses of the wythes. 

(3) For hollow panels (o) and (f) after thickness designates cores open or cores filled with insulation. 
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1 


ame 


IO.D \J vaiuca. iuuio vim." »»•■•. 


E— 


Outside surface 

Built-up roofing 
""" — R of Insulation, varies, 
R of Concrete, varies, 

Airspace 

Acoustical ceiling 

Inside surface 


R fe = 0.17 
R br = 033_ 
see table — 

see table 

R = 0.84 
R = 1.89 
R fl = 0.61 


— r 


mm 


mnmi inn I'nT 




iiiiiiiiiiMiniiiniiLi 

. . t ...... . ...... ... ■ ■ 

° 'n ■ ■ ■ • " ' ' ■ ' ■ o 

.'. : • . ■..:-: -. 1 ■ ° ' 

:..*.... c. ... ■• *. . . .... °. .-■..».. - 

J 1 [////777 rv^r/ / // / , 










\ ^-^ 






7/////7////////S////////S//S 


With or 






V ^ i--i /^~ii: 


Without Acoustical Ceiling 






OUopCMUCU ucmiiy 


Concrete 

Weight 

pcf 


Pre- 
stressed 
Concrete 
Member 


Thickness 
t and R 

of 
Concrete 


Without Ceiling 


With Ceiling 




Applied Direct 




Suspended 






Top Insulation Resistance, R 




t< 2 > R 


None 


4 8 12 


None 


4 8 


12 


None 


4 8 12 
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Solid 

slabs 

and 

tees 


2 0.15 

3 0.23 

4 0.30 

5 0.38 

6 0.45 
8 0.60 


.79 

.75 
.71 
.67 
.64 
.58 


.19 .11 .08 
.19 .11 .07 
.18 .11 .07 
.18 .11 .07 
.18 .10 .07 
.18 .10 .07 


.32 
.31 
.30 
.30 
.29 
.27 


.14 .09 
.14 .09 
.14 .09 
.14 .09 
.13 .09 
.13 .09,, 


.07 
.07 
.07 
.06 
.06 
.06 


.25 

.25 
.24 
.24 
.23 
.23 


.13 .08 .06 
.12 .08 .06 
.12 .08 .06 
.12 .08 .06 
.12 .08 .06 
.12 .08 .06 




Hollow 

core 
slabs< 3) 

Rectang- 
ular 
cores 

Oval 
cores 

Circular 
cores 


8(0) 1 .69 

(f) 3.49 

12(o) 1.91 

(f) 5.01 


.36 
.22 
.33 
.16 


.15 -09 .07 
.12 .08 .06 
.14 .09 .07 
.10 .07 .05 


.21 
.15 
.20 
.12 


.12 .08 
.10 .07 
.11 .08 
.08 .06 


.06 
.06 
.06 
.05 


.18 

.14 
.17 
.11 


.10 .07 .06 
.09 .07 .05 
.10 .07 .06 
.08 .06 .05 


6(0) 1.21 

8(0) 1.44 

10(o) 1.73 


.43 
.39 
.35 


.16 .10 .07 
.15 .09 .07 
.15 .09 .07 


.24 
.23 

.21 


.12 .08 
.12 .08 
.11 .08 


.06 
.06 

.06 


.20 
.19 

.18 


.11 .08 .06 
.11 .08 .06 
.10 .07 .06 




6(0) 0.92 

(f) 1-71 

8(0) 0.88 


.49 
.34 
.50 


.17 .10 .07 
.15 .09 .07 
.17 .10 .07 


.25 
.21 
.26 


.13 .08 
.11 .08 
.13 .08 


.06 
.06 
.06 


.21 
.18 
.21 


.11 .08 .06 
.10 .07 .06 
.11 .08 .06 






Solid 

slabs 

and 

tees 


2 0.38 

3 0.57 

4 0.76 

5 0.95 

6 1.14 
8 1.52 


.67 

.60 
.53 
.49 
.44 
.38 


.18 .11 .07 
.18 .10 .07 
.17 .10 .07 
.16 .10 .07 
.16 .10 .07 
.15 .09 .07 


.30 
.28 
.27 
.25 
.24 
.22 


.14 .09 
.13 .09 
.13 .08 
.13 .08 
.12 .08 
.12 .08 


.06 
.06 
.06 
.06 
.06 
.06 


.24 
.23 
.22 
.21 
.20 
.19 


.12 .08 ,06 
.12 .08 .06 
.12 .08 .06 
.11 .08 .06 
.11 .08 .06 
.11 .08 .06 






, 


110 


Hollow 

core 
slabs< 3 > 

Rectang- 
ular 
cores 


8(0) 2.00 

(f) 4.41 

12(0) 2.59 

(f) 6.85 


.32 
.18 
.27 
.13 


.14 .09 .07 
.11 .07 .06 
.13 .09 .06 
.08 .06 .05 


.20 
.13 
.18 
.10 


.11 .08 
.09 .06 
.11 .07 
.07 .06 


.06 
.05 
.06 
.05 


.17 
.09 
.16 
.09 


.10 .07 .06 
.07 .05 .04 
.10 .07 .05 
.07 .05 .04 



(1) When insulations having other R values are used, U values can be interpolated with adequate accuracy, or U can be calcu- 
lated as shown in Sect. 13.5. 

When a finish, air space or any material is added, the new U value is; 

1 

} + r f added finish, air space, or material 

U from table 

(2) Thickness for tees is thickness of slab portion. 

(3) For hollow panels (o) and (f) after thickness designates cores open or cores filled with insulation. 
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Table 13.7 U values: roofs with built-up roofing, summer conditions, heat flow downward* 1 * 











- Outside surface 

- Built-up roofing 


n, varies 
i, varies, 












r 




n fe - 0.25 


. \ 








R br = 0.33 -" - "* v 

see table """"*" 

<$99 table 


nrnrninniiiTnTiu]! 


ill! 


lliillMI 

. '. - : .o ' ° 

• . a. . . . •. . . . 


IllHl 1 L 

o ■ ■ ■ ■ ■ o 

■ o °. 

« ■ ■ ° • 


- R of Insulatio 

__— R of Concrete 

Airspace 

- Acoustical ceiling 

- Inside surface 


R a - 1.00. 
R c = 1.89^ 
R fi = 0.92 ^^ 






or Without 


77/Z/777 /////// 


77777/77 777 777/777777777777 '77 


With* 


Acoustical Ceiling 


f y WSt/SW^ 




Suspended Ceiling 


Concrete 

Weight 

pcf 


Pre- 
stressed 
Concrete 
Member 


Thickness 
t and R 

of 
Concrete 


Without Ceiling 




With Ceiling 






Applied Direct 


Suspended 




Top Insulation Resistance, R 


t <2> R 


None 


4 8 12 


None 


4 8 12 


None 


4 8 12 
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Solid 
slabs 
and 
tees 


2 0.15 

3 0.23 

4 0.30 

5 0.38 

6 0.45 
8 0.60 


.61 
.58 
.56 
.53 
.51 
.48 


.18 .10 .07 
.17 .10 .07 
.17 .10 .07 
.17 .10 .07 
.17 .10 .07 
.16 .10 .07 


.28 
.28 
.27 
.27 
.26 
.25 


.13 .09 .06 
.13 .09 .06 
.13 .09 .06 
.13 .08 .06 
.13 .08 .06 
.13 .08 .06 


.22 
.22 
.21 
.21 
.21 
.20 


,12 .08 .06 
.12 .08 .06 
.12 .08 .06 
.11 .08 .06 
.11 .08 .06 
.11 .08 .06 


Hollow 
cored 
slabs* 3 * 

Rectang- 
ular 
cores 

Oval 
cores 

Circular 
cores 


8(0) 1.69 

(f) 3.49 

12(0) 1.91 

(f) 5.01 


.31 
.20 
.29 
.15 


.14 .09 .07 
.11 .08 .06 
.13 .09 .06 
.10 .07 .05 


.20 
.15 

.19 
.12 


.11 .08 .06 
.09 .07 ,05 
.11 .08 .06 
.08 .06 .05 


.16 
.13 
.16 
.11 


.10 .07 .06 
.08 .06 .05 
.10 .07 .05 
.07 .06 .05 


6(0) 1.21 

8(0) 1.44 

10(0) 1.73 


.37 
,34 

.31 


.16 .10 .07 
.14 .09 .07 
.14 .09 .07 


.22 
.21 
.20 


.12 .08 .06 
.11 .08 .06 
.11 .08 .06 


.18 

.17 
.16 


.10 .07 .06 
.10 .07 .06 
.10 .07 .06 


6(0) 0.92 

(f) 1.71 

8(0) 0.88 


.41 
.31 
.42 


.16 .10 .07 
.14 .09 .07 
.16 .10 .07 


.23 
.20 
.23 


.23 .08 .06 
.11 .08 .06 
.12 .08 .06 


.19 
.16 
.19 


.11 .07 .06 
.10 .07 .06 
.11 .08 .06 


110 


Solid 
slabs 
and 
tees 


2 0.38 

3 0.57 

4 0.76 

5 0.95 

6 1.14 
8 1.52 


.53 
.48 
.44 
.41 
.38 
.33 


.17 .10 .07 
.16 .10 .07 
.16 .10 .07 
.16 .10 .0*7 
.15 .09 .07 
.14 .09 .07 


.27 
.25 
.24 
.23 
.22 
.20 


.13 .08 .06 
.13 .08 .06 
.12 .08 .06 
.12 .08 .06 
.12 .08 .06 
.11 .08 .06 


.21 
.20 
.19 
.19 
.18 
.17 


.11 .08 .06 
.11 .08 .06 
.11 .08 .06 
.11 .07 ,06 
.10 .07 .06 
.10 .07 .06 






Hollow 

core 
slabs* 3 * 

Rectang- 
ular 
cores 


8(0) 2.00 

(f) 4.41 

12(0) 2.59 

(f) 6.85 


.29 
.17 
.25 
.12 


.13 .09 .06 
.10 .07 .06 
.12 .08 .06 
.08 .06 .05 


.19 
.13 
.17 

.10 


.11 .07 .06 
.08 .06 .05 
.10 .07 .06 
.07 .05 .04 


,16 
.11 
.14 
.09 


.11 .07 .05 
.08 .06 .05 
.09 .07 .05 
.07 .05 .04 



(11 



When insulations having other R values are used, U values can be interpolated with adequate accuracy, or U can be calcu- 
lated as shown in Sect. 13.5. 

When a finish, air space or any material is added, the new U value is: 

1 



1 



U from table 



■+ R of added finish, air space, or material 



(2) 
(3) 



Thickness for tees is thickness of slab portion. 

For hollow panels (o) and (f) after thickness designates cores open or cores filled with insulation. 
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Table 13.8 Outdoor temperatures, latitudes, and degree days 











Winter 














temperatures 


D 




Summer 
(design dry bulb) 






















Med. of 






Winter 


temperatures* 1 ' 




Latitude* 1 * 


annual 






degree 




City 


deg. 


min. 


extremes 


99% 


97V2 % 


days* 2 ' 




UNITED STATES 
















Albuquerque, N.M. 


35 


00 


6 


14 


17 


4,400 


94 


Atlanta, Ga. 


33 


40 


14 


18 


23 


3,000 


92 


Baltimore, Md. 


39 


20 


12 


16 


20 


4,600 


92 


Birmingham, Ala. 


33 


30 


14 


19 


22 


2,600 


94 


Bismarck, N.D. 


46 


50 


-31 


-24 


-19 


8,800 


91 


Boise, Ida. 


43 


30 





4 


10 


5,800 


93 


Boston, Mass. 


42 


20 


-1 


6 


10 


5,600 


88 


Burlington, Vt. 


44 


30 


-18 


-12 


-7 


8,200 


85 


Charleston, W. Va. 


38 


20 


1 


9 


14 


4,400 


90 


Charlotte, N.C. 


35 


10 


13 


18 


22 


3,200 


94 


Casper, Wyo. 


42 


50 


-20 


-11 


-5 


7,400 


90 


Chicago, III. 


41 


50 


-5 


-3 


1 


6,600 


91 


Cincinnati, Ohio 


39 


10 


2 


8 


12 


4,400 


92 


Cleveland, Ohio 


41 


20 


_2 


2 


7 


6,400 


89 


Columbia, S.C. 


34 


00 


16 


20 


23 


2,400 


96 


Dallas, Texas 


32 


50 


14 


19 


24 


2,400 


99 


Denver, Colo. 


39 


50 


-9 


-2 


3 


6,200 


90 


Des Moines, Iowa 


41 


30 


-13 


-7 


-3 


6,600 


92 


Detroit, Mich 


42 


20 





4 


8 


6,200 


88 


Great Falls, Mont. 


47 


30 


-29 


-20 


- 16 


7,800 


88 


Hartford, Conn. 


41 


50 


-4 


1 


5 


6,200 


88 


Houston, Texas 


29 


50 


24 


29 


33 


1,400 


94 


Indianapolis, Ind. 


39 


40 


-5 





4 


5,600 


91 


Jackson, Miss. 


32 


20 


17 


21 


24 


2,200 


96 


Kansas City, Mo. 


39 


10 


-2 


4 


8 


4,800 


97 


Las Vegas, Nev. 


36 


10 


18 


23 


26 


2,800 


106 


Lexington, Ky. 


38 


00 





6 


10 


4,600 


92 


Little Rock, Ark. 


34 


40 


13 


19 


23 


3,200 


96 


Los Angeles, Calif. 


34 


00 


38 


42 


44 


2,000 


90 


Memphis, Tenn 


35 


00 


11 


17 


21 


3,200 


96 


Miami, Fla. 


25 


50 


39 


44 


47 


200 


90 


Milwaukee, Wis. 


43 


00 


-11 


-6 


-2 


7,600 


87 


Minneapolis, Minn. 


44 


50 


-19 


-14 


-10 


8,400 


89 


New Orleans, La. 


30 


00 


29 


32 


35 


1,400 


91 


New York, N.Y. 


40 


50 


6 


11 


15 


5,000 


91 


Norfolk, Va. 


36 


50 


18 


20 


23 


3,400 


91 


Oklahoma City, Okla. 


35 


20 


4 


11 


15 


3,200 


97 


Omaha, Neb. 


41 


20 


-12 


-5 


- 1 


6,600 


94 


Philadelphia, Pa. 


39 


50 


7 


11 


15 


4.400 


90 


Phoenix, Ariz. 


33 


30 


25 


31 


34 


1,800 


106 


Pittsburgh, Pa. 


40 


30 


1 


7 


11 


6,000 


88 


Portland, Maine 


43 


40 


- 14 


-5 





7,600 


85 


Portland, Ore. 


45 


40 


17 


21 


24 


4,600 


85 


Portsmouth, N.H. 


43 


10 


-8 


-2 


3 


7,200 


86 


Providence, R.I. 


41 


40 





6 


10 


6,000 


86 


Rochester, N.Y. 


43 


10 


-5 


2 


5 


6,800 


88 


Salt Lake City, Utah 


40 


50 


~2 


5 


9 


6,000 


94 


San Francisco, Calif. 


37 


50 


38 


42 


44 


3,000 


77 


Seattle, Wash. 


47 


40 


22 


28 


32 


5,200 


79 


Sioux Falls, S.D. 


43 


40 


-21 


-14 


-10 


7,800 


92 


St. Louis, Mo. 


38 


40 


1 


7 


11 


5,000 


94 


Tampa, Fla. 


28 


00 


32 


36 


39 


680 


91 


Trenton, N.J. 


40 


10 


7 


12 


16 


5,000 


90 


Washington, D.C. 


38 


50 


12 


16 


19 


4,200 


92 


Wichita, Kan. 


37 


40 


- 1 


5 


9 


4,600 


99 


Wilmington, Del. 


39 


40 


6 


12 


15 


5,000 


90 


ALASKA 
















Anchorage 


61 


10 


-29 


-25 


-20 


10,800 


70 


Fairbanks 


64 


50 


-59 


-53 


-50 


14,280 


78 


CANADA 
















Edmonton, Alta. 


53 


30 


-30 


-29 


-26 


11,000 


83 


Halifax, N.S. 


44 


40 


_4 





4 


8,000 


80 


Montreal, Oue. 


45 


30 


-20 


- 16 


- 10 


9,000 


86 


Saskatoon, Sask. 


52 


10 


-37 


-34 


-30 


11,000 


86 


St. John, Nwf. 


47 


40 


1 


2 


6 


8,600 


77 


Saint John, N.B. 


45 


20 


-15 


-12 


-7 


8,200 


79 


Toronto, Ont. 


43 


40 


-10 


-3 


1 


7.000 


87 


Vancouver, B.C. 


49 


10 


13 


15 


19 


6,000 


78 


Winnipeg, Man. 


49 


50 


-31 


-28 


-25 


10,800 


87 



{1 ) Handbook of Fundamentals, American Society of Heating, Refrigerating, and Air-Conditioning 

Engineers, Inc., New York, 1972. 
(2) Local Climatologicaf Annual Summary, U.S. Department of Commerce, Environmental Science 

Services Administration, Asheville, N.C. 
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13.7 DESIGN TEMPERATURES AND 

TEMPERATURE DIFFERENCES 

(SUMMER COOLING) 

For buildings that are to be cooled, the mini- 
mum indoor temperature, t; for habital spaces 
recommended by the ASHRAE Standard is 78 F. 
The hourly heat gain through both opaque and 
glass areas is calculated using the combined effects 
of solar radiation and outdoor air temperature, t . 
However the procedure to calculate heat gains 
through opaque areas is different than through 
glass. 

Heat gain through opaque areas is calculated in 
one step using an equivalent temperature differ- 
ence (TD eq ) that takes into account the effects of 
solar radiant temperature, air temperature, mass, 
insulation, and color. For walls the average TD eqw 
suggested by the Standard for all latitudes are 
given in Table 13.9. 



Table 13.9 Wall temperature difference, TD ( 



eqw 



Weight of Wall 
lb / ft 2 


TD 

eqw 

°F 


0-25 

26-40 

41 - 70 

71 & above 


44 
37 
30 
23 



These values were derived from "Air Condition- 
ing Cooling Load" chapter of the ASHRAE Hand- 
book. 

The equivalent average temperature difference 
(TD eqr ) during critical cooling hours proposed (not 
in the Standard) for roofs having horizontal sur- 
faces, latitudes 0° to 50° are given in Table 13.10. 



Table 13.10 Roof temperature difference, TD 



eqr 



Weight of Roof 
lb / ft 2 


™ eqr 
°F 


0-10 

11-50 

51 & above 


70 
50 
40 



These values were derived from "Air Condition- 
ing Cooling Load" chapter of the ASHRAE Hand- 
book, taking into account similar factors as for 
wall designs. 

Calulation of heat gain through glass is a two 
step procedure: (1) consider air temperature ef- 
fects, and (2) consider solar heat transmitted. The 
air to air temperature difference, AT f for glass is 
the outdoor design temperature t (summer) from 
Table 13.8 minus the indoor temperature, t= of the 



conditioned space, usually taken as 78 F. 

Next the solar heat gain is determined by solar 
factors. The assumed solar factor (SF) for clear 
glass in walls varies due to latitude, time, and orien- 
tation. The ASHRAE Standard suggests the follow- 
ing values for all orientations: 

Latitude, degree 
(Table 13.8) 

Solar Factor, 
Btu/hr ft 2 



25 30 35 40 45 50 



118 121 124 127 133 138 



The values are an average intended to arrive at an 
approximate heat gain through vertical glass areas 
of building envelopes. The values may be modified 
using appropriate shading coefficients, (SC) as 
determined by the designer using guidelines in the 
Handbook. 

Proposed solar factor (SF) through clear horizon- 
tally positioned glass for roof skylights may be 
assumed to be 137 Btu/hr ft. 2 This is an average, 
all latitudes, for critical cooling hours. The SF 
values, like in walls, may also be modified using ap- 
propriate shading coefficient, (SC) as determined 
by the designer following guidelines in the Hand- 
book. 

13.8 THERMAL STORAGE EFFECTS 

For some time it has been known that walls and 
roofs of concrete or any massive material react to 
temperature variations slowly and therefore reduce 
heating and cooling loads, however engineering 
application of this concept has been limited to 
only estimating mass effects. Computers now make 
it possible to better account for mass effects with 
hour by hour calculations for 24 hours, a week, a 
month, or a year. Some 24 hour peak load com- 
puter studies 2 show that as the weight of walls in- 
crease the heat flow rates and peak loads decrease. 
Fig. 13.1 compares the heat losses of three walls 
having identical steady-state U values and exposed 
to identical winter simulated temperatures. Fig. 
13.2 compares the heat gain through walls weigh- 
ing 6 psf and 50 psf, having similar U values and 
exposed to identical summer simulated tempera- 
tures. Fig. 13.3 shows a similar comparison for two 
roofs having different weights. 

13.8.1 Heating Loads 

The ASHRAE Handbook recognizes the effects 
of mass on a building's ability to retain heat, how- 
ever it does not offer a way to account for the ef- 
fect. Computer studies 3 of ten wall types each 
exposed to ten different weather conditions show 
that as the weight of walls increase the heat flow 
outward, decreases. As a result, the steady-state U 
values can be modified to account for mass effects 
on walls and roofs. The modifications change as 
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Fig. 13.1 A computer study shows that heat loss through 
walls having identical U values varies consider- 
ably due to weight. The effect of glass, occupants 
and lights accentuates the difference. 

HEAT LOSS COMPARISONS FOR WALLS 
Heat Loss, btu/hr/ft 2 







4 


8 


12 


(midnight) 






(noon) 

Time, hr 



the number of heating degree days change. The 
modification (M) factors are given in Table 13.11. 

When selecting the U values for building walls, 
or roof, the effect from mass is reflected by the 
use of M factors. Compare a building in the south 
having 200,000 sq ft of lightweight walls with a 
similar building having precast walls. Assume U = 
0.10 for the light, 5 psf, wall, (M factor = 1.0), 
and a design temperature difference At = 72 - 33 = 
39 F. The maximum heat loss is 200,000 x 0.10 x 

Fig. 13.2 Values of heat flow through two walls showing 
that peak gain for a lightweight wall is 60% 
greater than the peak gain for a heavier wall. 
Both walls are exposed to the same simulated 
summer temperatures. 

HEAT GAIN COMPARISON 
(West Walls) 

Gain, btu/hr/ft 2 




Fig. 13.3 Lightweight roofs with the same U factor as 
heavyweight roofs have almost twice the peak 
load when exposed to the same simulated 
summer temperatures. 



HEAT GAIN COMPARISON 
(Roofs) 



Gain, btu/hr/ft 2 




39 = 780,000 Btu/hr. Assume the heating degree 
days is 1400 and the heavier concrete wall weighs 
45 psf. From Table 13.11, M - 0.83. The revised 
maximum heat loss is then 200,000 x 0.10 x 0.83 
x 39 = 647,400 Btu/hr. This is 17 percent less than 
the heat loss through the lightweight wall. 

Assume that a code limits the heat loss through 
the wall by prescribing that steady-state U equals 
0.10. Weight effects can be introduced to establish 
a modified U. In the above example, U modified 
equals: 



U steady state 
M 



0.10 
0.83 



0.12 



(midnight) 



13.8.2 Cooling Loads 

The effects of mass on cooling loads is reflected 
in the designs by the use of equivalent temperature 
differences (TD eq ) as given in Tables 13.9 and 
13.10. The TD eqw (walls) and TD eqr (roofs) de- 
crease as the weight of the sections increase. 

Consider a building located anywhere within 
latitudes 0° to 50°, having 100,000 sq ft of metal 
curtain walls, weight 10 psf. From Table 13.9 the 
TD eqw is 44 F. If the U value of the walls is 0.10 
the maximum hourly heat gain is 100,000 x 0.10 
x 44 = 440,000 Btu. Change the wall to concrete, 
weight 50 psf, (TD eqw = 30); and also with a U 
value of 0.10. The maximum hourly heat gain is 
100,000 x 0.10 x 30 = 300,000 Btu. This is a re- 
duction of 32 percent because of mass effects. 

If a building code limits heat gain through 
walls, weight effects can be used to compare re- 
quired U values for lightweight and heavyweight 
walls. Use the above example for the lightweight 
walls where U = 0.10. The revised U for the 50 psf 
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Table 13.11 Modification (M) factor for heating 

(for use in modifying the steady-state U value) 



Heating 


Weight of Section, 


Ev? 


degree days 


psf 


Coefficient 




0- 10 


0.98 


1000 


11-20 


0.90 




21 - 40 


0.83 


or 


41 - 60 


0.79 




61 - 80 


0.75 


Bess 


81 - 100 


0.72 




101 - 120 


0.69 




0- 10 


0.99 


1001 


11 - 20 


0.93 




21 - 40 


0.87 


to 


41 - 60 


0.83 




61 - 80 


0.80 


2000 


81 - 100 


0.77 




101 - 120 


0.75 




0- 10 


1.00 


2001 


11-20 


0.97 




21 - 40 


0.93 


to 


41 - 60 


0.89 




61 - 80 


0.86 


4000 


81 - 100 


0.85 




101 - 120 


0.83 




0- 10 


1.00 


4001 


11 - 20 


0.98 




21 - 40 


0.96 


to 


41 - 60 


0.93 




61 - 80 


0.91 


6000 


81 - 100 


0.89 




101 -120 


0.88 




0- 10 


1.00 


6001 


11 - 20 


0.99 




21 - 40 


0.98 


to 


41 - 60 


0.96 




61 - 80 


0.94 


8000 


81 - 100 


0.92 




101 - 120 


0.91 




0- 10 


1.00 


8000 


11-20 


1.00 




21 - 40 


0.99 


and 


41 - 60 


0.98 




61 - 80 


0.96 


over 


81 - 100 


0.95 




101 - 120 


0.94 



concrete wall equals: 



TD 



eqw 



(light) 



TD eqw (heavy) 



x U - 



44 
30 



x 0.1 = 0.147 



Now consider a building having a lightweight, 8 
psf, roof located anywhere within latitudes 0° to 
50°. From Table 13.10 the TD is70F. Assume the 
roof contains 200,000 sq ft with a U of 0.13. The 
maximum hourly heat gain is then 200,000 x 0.13 
x 70 = 1,820,000 Btu. If the roof is concrete 
weighing 45 psf, the TD eqr is 50 F. The maximum 
hourly heat gain is 200,000 x 0.13 x 50 = 1,300,000 



Btu. This is 29 percent less than the heat gain 
through the lightweight roof. 

Assume heat gain through a lightweight deck 
with a U = 0.13, such as in the above example, is 
limited to 1,820,000 Btu/hr. Weight effects can be 
introduced to establish a new U value for concrete 
roofs. The revised U for the 45 psf concrete roof 
equals: 



TD eqr (light) 
TD eqr (heavy) 



x U = 



70 
50 



x 0.13 = 0.18 
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13.9 OVERALL U VALUES, 
HEATING DESIGNS 

Codes and standards recommend overal I U 
values for walls, floors, and roofs designated as U . 
The U value is the weighted average thermal trans- 
mittance of the gross area of a building envelope 
component expressed in Btu per hr per sq ft per 
°F. It includes more than one element; for example, 
opaque wall areas are combined with glazed areas 
to arrive at the overall coefficient for the entire 
wall component. The U limits vary depending on 
the geographical location of the building, its oc- 
cupancy and its height. 

For any given geographical location usually 
there are only a few U values that apply. For 
example values for Kansas City according to the 
current ASHRAE Standard are: 



not exceed the gross values allowed. The combina- 
tion of areas may consist of several walls having 
different U w values combined with the glass. In 
roofs the U r of opaque areas and the U sk of sky- 
light areas may be proportioned and combined as 
desired to conform to the allowed U or . 

To shorten design time when proportioning 
opaque and glass areas in walls, opaque wall-glass 
charts can be used. Fig. 13.4 is used to combine a 
percent of single glass (U f = 1.13) with opaque 
areas to meet a given U ow . Fig. 13.5 is for use in 
selecting the percent of double glass (U f = 0.65) 
to combine with alternate choices of U w values. 

Assume that the applicable code or standard 
limits U ow for walls to 0.30. If single glass is pro- 
posed, (U f = 1.13) and the U w of the opaque area 
is 0.17, from Fig. 13.4 the area of glass is limited 



Occupancy and Height 


U 

ow 

(walls) 


U 

or 

(roofs) 


(floors) 


One-two family residence 
Residential — 3 story or less 
Non-residential — 3 story or less 
All buildings — more than 3 story 


0.24 
0.30 
0.30 
0.36 


0.05< 1 > 
0.05< 1 > 
0.085 
0.085 


0.08 
0.08 
0.08 
0.08 



(1} These values may be 0.08 where structural system is exposed 
no suspended ceiling. 



that is, 



It should be noted that the U ow usually applies 
only to that portion of wall that is above grade and 
enclosing heated space. Basement walls below 
grade are generally not regulated as to heat trans- 
mission since heat losses to the earth are insignifi- 
cant. Consult local codes for applicable U values 
and regulations governing thermal design of various 
building components and building types. 

For heating designs, the allowable or desired 
overall U ow , U or or U of , of walls, roofs, and floors 
is calculated using the following equations. 



0.65) is limited to 



the area of double glass (U 
27 1 / 2 % of the gross wall area. 

Fig. 13.4 Wall-glass heating design chart for single glass. For 
use when combining U w of walls with single 
glass (U f = 1.13) to meet specified gross heat 
loss values, U_ t „. 



u. 



U...A + 1.13 A f 



U r 



U, 



UwA w +UfA f + U d A d 

A 
U r A r + U sk A sk 



U 



Uf|A fl + U p A p 



Ofl 



A 



(Eq. 13-3) 
(Eq. 13-4) 
(Eq. 13-5) 



ofl 



It is important to note that U w A w , or U r A r may 
be a combination of two or more opaque areas. 

13.9.1 Trade-Off Considerations, Opaque vs. Glass 



Once the U ow , U or and U of , values are estab- 
lished for a given location, the designer is free to 
proportion opaque areas and glazed areas so that 
the heat transmission through the gross areas does 
to 13 1 / 2 % of the gross area A ow . Or from Fig. 13.5 
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Fig. 13.5 Wall-glass heating design chart for double glass. 
For use when combining U w of walls with 
double glass (U f = 0.65) to meet specified 
gross heat loss values, U ow . 



U r 



U w A w +0.65A f 




0.30 



0.25 



20 25 30 

GLASS, % 

It can be seen that various combinations of glass 
and U w values can quickly be selected to comply 
with a designated U ow> 

13.10 OVERALL THERMAL TRANSMISSION 
VALUES, COOLiNG DESIGNS 

As pointed out in Sect. 13.7 the heat gain 
through both glass and opaque areas is the com- 
bined effects of solar radiation and air temperature. 
Latest codes and specifications require that a com- 
bination of glass and opaque area limit the hourly 
overall thermal transmission value (OTTV w ) for 
the walls of the building. The hourly value pro- 
posed for roofs is designated as OTTV r . 

The OTTV w and OTTV r values, Btu/hr ft 2 may 
change depending on latitude. Consult the applica- 
ble code or standard for the values. 

The OTTV w (walls) and OTTV r (roofs) are cal- 
culated using the following equations. 



OTTV w - 



(U w A w TD eqw ) + (U f A f AT f ) + (SF f SC f A f ) 



0TTV r = 

(U r A r TD eqr ) + (U $k A sk AT $k ) + (SF sk SC sk A sk ) 



A, 



(proposed) 



(Eq. 13-7) 



(Standard 90-75) 



(Eq. 13-6) 



The first part of these equations reflects heat 
gain through opaque areas. TD eqw and TD eqr values 
as affected by weight are given in Sect. 13.7. The 
second part of these equations reflects heat gain 
through glass as result of the air to air temperature 
difference, AT f and AT sk as explained in Sect. 
13.7. The third part of the equations gives the 
average solar heat gain through glass during critical 
hours. SF f , SF sk and SC criteria are also discussed 
in Sect. 13.7. 



13.10.1 Trade-Off Considerations, Opaque 
vs. Glass 

Once the limiting value for OTTV is established 
for a building at a certain latitude, the designer is 
free to proportion opaque and glazed areas so that 
the heat gain through the gross area does not ex- 
ceed the limits. As the glass area is increased the 
U w and U r values must decrease, as in heating 
design. 

It is important to note that codes and specifica- 
tions often require that the more stringent criteria, 
that is, heating criteria or cooling criteria govern. 
In most areas the heating criteria govern. 

When calculating OTTV w , many combinations 
of opaque areas and glass areas may be considered. 
Where there are many alternatives Equations 6 
and 7 can be difficult to use. To simplify the 
problem of selecting the optimum combination of 
U w A W ' TD eqw U f' A f and SC, design aid charts 
have been developed 4 using the equation for walls 
as given in the Standard. Fig. 13.6 is one of sixty 
charts developed. It is for a heavy wall, (TD eqw 
= 23) in a latitude 30° where criteria limit the 
OTTV w to 30.7 Btu/hr ft, 2 with SF f at 121 Btu/ 
hr ft. 2 It is important to note that this particular 
chart is for double glass, U = 0.61 . 

As an example, if At is 10F, glass U f value is 0.61, 
and the wall U w value is 0.18, then the double glass 
allowed is 27% W for shading coefficient (SC) of 0.80. 
This should be checked against the allowed heat loss 
as governed by the heating criteria, since most codes 
require that designs meet the most stringent con- 
ditions. 

For roofs, charts have not been developed to se- 
lect the percent of skylights, therefore Eq. 13.7 is 
used. For example, assume the criteria allows an 
OTTV r of 9.0 Btu/hr ft 2 in a 40 degree latitude. 



13-16 



Fig. 13.6 



Example of a wall-glass cooling design chart for 
double glass. For use when combining U w of 
walls with double glass (U f = 0.61) to meet 
specified overall thermal transmission values. 



OTTV w . (See Reference 4) 
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From weather data, AT sk (assumed) is 15F. From 
Sect. 13.7, SF sk = 137 Btu/hr ft 2 , and TD eqr for 
55 psf roof (assumed weight) is 40F. With U sk = 
0.61, SC = 1.0, and U r = 0.10, determine the per- 
cent of skylights allowed. 

Skylights: 

0TTV r - TP eqrUr 



%A,k 



SF sk SC sk -fU sk AT sk -TD eqr U r 



X 100 



(Eq. 13-8) 



%A> k = 



9.0- 40X0.10 



137 X 1.0 + 0.61 X 15- 40X0.10 



X100 



%A sk = 3.5 

13.11 BUILDING ENVELOPE PERFORMANCE 
AND TRADE-OFF CONSIDERATIONS 

The ASHRAE Standard and some codes permit 
component trade-offs. That is, the stated U value 
of any one assembly, such as a roof/ceiling, wall or 
floor, may be increased and the U value for other 
components decreased, provided the overall heat 
transmission for the entire building envelope does 
not exceed the total allowed by the criteria. For 
buildings where the floors are not exposed to the 
outdoors the allowed overall envelope hourly heat 
loss is At [(U ow A ow ) + (U or A or )]. All values inthe 



brackets of the equation can be altered from those 
given in the code or standard providing the summa- 
tion of the values is not increased. 

The trade-off concept is useful particularly for 
altering wall, floor or roof criteria without exceed- 
ing the total loss allowed for the envelope. The con- 
cept also permits different U w values on, for exam- 
ple, north and south exposures. Component trade- 
offs coupled with trade-off of elements of compo- 
nents, such as opaque vs. glass, as presented in 
Sect. 13.9.1 and 13.10.1, permits a great deal of 
freedom in building envelope design. Also, with 
fewer prescriptive requirements, more efficient 
building designs are possible. 

13.11.1 Design Example 

Consider a building three stories high (25 feet) 
having a plan 80 ft x 200 ft located in Chicago, 
Illinois. From Table 13.8 the design temperature, 
97-1/2% value is 1F. With t-, = 72F, At = 71F. 

Next assume that the code criteria limitations 
are, U ow - 0.265, U or = 0.08. Since the ground 
floor is either over a heated basement or on grade, 
the heat loss is insignificant and therefore disre- 
garded. The allowed envelope heat loss is then: 

Envelope loss = At (wall loss + roof loss) 

= 71(U ow /Vw + U or A r) 
= 71 [(0.265x560x25) + 
(0.08x80x200)] 

= 354,290 Btu/hr 
(263,41 - walls; 90,880 - roof) 

Now assume there are windows only on one 200 
ft side of the building and that the U ow for that side 
is 0.30. The other three windowless sides, U w = 0. 1 2. 
The actual hourly loss through walls, 71 [(0.30 x 
200 x 25) + (0.12 x 360 x 25)] = 183,180 Btu. 
The difference between the U ow A t)W and this actual 
loss, 263,410 - 183,180 = 80,230 Btu/hr. This can 
be added to the allowance through the roof which 
would then be, 90,880 + 80,230 = 171,1 10 Btu/hr. 

From the revised loss allowed through the roof, 
a new U or can be calculated, 171,1 10 + 80 x 200 x 
71 = 0.15 Btu/hr ft. 2 This revised roof design which 
changes U or from 0.08 to 0.15 means that the R is 
reduced to 12.5 - 6.67 = 5.83, representing 1 to 
1 1/4 inches less insulation. Thus the trade-off con- 
cept is an important tool when considering and 
comparing total overall heat losses through envel- 
opes. 

13.12 CONDENSATION CONTROL 

Moisture which condenses on the interior of a 
building is unsightly and can cause damage to the 
building or its contents. Even more undesirable is 
the condensation of moisture within a building wall 
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or ceiling assembly where it is not readily noticed 
until damage has occurred. All air in buildings con- 
tains some water with warm air carrying more mois- 
ture than cold air. In many buildings moisture is 
added to the air by industrial processes, cooking, 
laundering, or humidifiers. If the inside surface tem- 
perature of a wall, floor, or ceiling is too cold, the 
air contacting this surface will be cooled below its 
dew point temperature and leave its excess water on 
that surface. Condensation occurs on the surface 
with the lowest temperature. 

Once condensation occurs the relative humidity 
of the interior space of a building cannot be in- 
creased since any additional water vapor will simply 
condense on the cold surface. In effect, then, the 
inside temperature of an assembly limits the relative 
humidity which may be contained in an interior 
space. 

13.12.1 Prevention of Condensation on Wall 
Surfaces 

The U value of a wall must be such that the sur- 
face temperature will not fall below the dew point 
temperature of the room air in order to prevent 
condensation on the interior surface of a wall. 

Fig. 13.7 gives U values for any combination of 
outside temperatures and inside relative humidities 
above which condensation will occur on the interior 
surfaces. For example, if a building were located in 
an area with an outdoor design temperature of OF 
and it was desired to maintain a relative humidity 
within the building of 25%, the wall must be de- 
signed so that all components have a U value less 
than 0.80, otherwise there will be a problem with 
condensation. In many designs the desire to con- 
serve energy will dictate the use of lower U values 
than those required to avoid the condensation prob- 
lem. 

The degree of wall heat transmission resistance 
that must be provided to avoid condensation may 
be determined from the following relationship: 



R t = R f 



(ti 



t ) 



(ti 



t s > 



(Eq. 13-9) 



Dew-point temperatures to the nearest deg F for 
various values of t s and relative humidity are shown 
in Table 13.12. 

Determine R t when the room temperature and 
relative humidity to be maintained are 70F and 40%, 
and 1^ during the heating season is - 10F. 

From Table 13.12, the dew-point temperature, 
\ at 70F and 40% R.H. is45F and from Table 13.1, 
R fi = 0.68. 



Fig. 13.7 Relative humidity at which visible condensation 
occurs on inside surfaces. Inside temperature, 70F. 

1.2 



1.0 



0.8 



LU 
O 

< 0.6 



< 
DC 



0.4 



0.2 






~~ / 


i / 

— Single glass — 


/- 


/- 


10X/ 






/ 






-f 


20^ 

















Doubl 


3 glas< 


3-3/16 


'air space— - 

A 


"/ " 


— 30^, 






/ 


/ 






--Storm wine 


Jow-4' 


air space — 





- 


40%/ 














50%, 












- 




60^ 
70* 
















80^ 












RH=90% 









-30 -20 -10 10 20 30 

OUTSIDE TEMPERATURE, F 



40 



R + = 0.68 



[70-(-10)] 
[70 - 45] 



= 2.18 



13.12.2 Prevention of Condensation within Wall 
Construction 

Water vapor in air behaves as a gas and will diffuse 
through building materials at rates which depend 
upon vapor permeabilities of the materials to water 
vapor and vapor pressure differentials. The colder 
the outside temperatures the greater the pressure of 
the water vapor in the warm inside air to reach the 
cooler, drier outside air. Also, leakage of moisture 
laden air into an assembly through small cracks may 
be a greater problem than vapor diffusion. The pas- 
sage of water vapor through material is in itself gen- 
erally not harmful. It becomes of consequence 
when, at some point along the vapor flow path, a 
temperature level is encountered that is below the 
dew-point temperature and condensation results. 

Building materials have water vapor permeances 
from very low to very high, see Table 13.13. When 
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Table 13.12 Dew-point temperatures, F 



Dry Bulb 

or Room 

Temperature 








Relative Humidity — 


% 








10 


20 


30 


40 


50 


60 


70 


80 


90 


100 


40 


-9 


5 


13 


19 


24 


28 


31 


34 


37 


40 


45 


-5 


9 


17 


23 


28 


32 


36 


39 


42 


45 


50 


-1 


13 


21 


27 


32 


37 


41 


44 


47 


50 


55 


3 


17 


25 


31 


37 


41 


45 


49 


52 


55 


60 


6 


20 


29 


36 


41 


46 


50 


54 


57 


60 


65 


10 


24 


33 


40 


46 


51 


55 


58 


62 


65 


70 


13 


28 


37 


45 


51 


56 


60 


63 


67 


70 


75 


17 


31 


42 


49 


55 


60 


65 


68 


72 


75 


80 


20 


36 


46 


54 


60 


65 


69 


73 


77 


80 


85 


23 


40 


50 


58 


65 


70 


74 


78 


82 


85 


90 


27 


44 


55 


62 


69 


74 


79 


82 


86 


90 



Table 13.13 Typical permeance and permeability values 
(dry cup and similar test methods) 



Material 


Perms, (M) 


Perm-in., (fx) 


Concrete 


— 


3.2 


Woods 


— 


0.4 to 5.4 


Foam plastics 


— 


0.4 to 6.0 


Plaster on gypsum lath 


20.00 




Gypsum wallboard 


50.00 




Polyethylene, 2 mil 


0.16 




Polyethylene, 10 mil 


0.03 




Aluminum foil, 0.35 mil 


0.05 




Aluminum foil, 1 mil 


0.00 




Built-up roofing 


0.00 




Coated roof sheet and 






aluminum foil 


0.002 




Paint, 2 coats on wood, 






plaster or gypsum board 






Asphalt or oil base 


0.4 to 3.0 




Water base 


4 to 12 





properly used, low permeance materials keep mois- 
ture from entering a wall or roof assembly, and 
materials with higher permeance allow construc- 
tion moisture and moisture which enter inadvert- 
ently or by design to escape. When a material such 
as plaster or gypsum board has a permeance which 
is too high for the intended use, one or two coats 
of paint is frequently sufficient to lower the per- 
meance to an acceptable level, or a vapor barrier 
can be used directly behind such products. Poly- 
ethylene sheet, aluminum foil and roofing mate- 
rials are commonly used. Proprietary vapor barriers, 
usually combinations of foil and polyethylene or 
asphalt, are frequently used in freezer and cold 
storage construction. 

Concrete is a relatively good vapor barrier. Per- 
meance is a function of the water-cement ratio of 
the concrete. A low water-cement ratio such as 



that used in most precast concrete members results 
in concrete with low permeance. Where climatic 
conditions demand insulation, a vapor barrier is 
generally necessary in order to prevent condensa- 
tion. A closed cell insulation, if properly applied, 
will serve as its own vapor barrier. For other in- 
sulation materials a vapor barrier should be applied 
to the warm side of the insulation. 

Design Example 

The wall construction shown in Fig. 13.8 will 
be investigated for possible development of water 
vapor condensation. In roofs, the condensation 
problem is much the same as in walls. 

Fig. 13.8 Representative exterior wall panel 

1 coat flat oil paint light grey 

on 1 coat of primer concrete finish 

(typical) 

1/2 in. gypsum wallboard 



INTERIOR 
T =70F 
R.H.= 30% 




EXTERIOR 

'max ~ 95 F 
Tmin = F 

R.H. = 80% 



Step 1 

The overall vapor pressure differential through 
the wall section may be determined from saturated 
vapor pressures listed in Table 13.14 and the as- 
sumed temperatures and relative humidities: 
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RH SVP 

room vapor pressure .30 x .739 = 0.23 in. Hg 

outdoor vapor pressure .80 x .038 = 0,03 in. Hg 

overall vapor pressure n on ■ u 

,„ .- , = 0.20 in. Hg 

differential y 

This vapor differential must be distributed 
among the components of the wall section accord- 
ing to their respective vapor transfer resistances. 
Step 2 

•Determine the heat flow properties of the wall 
section from data listed in Tables 13.1 through 
13.4: 

Heat Flow 
Individual Heat Resistance 

Flow Resistances R 

Interior surface, R fj 0.68 

1/2 in. gypsum wallboard 0.45 

2 in. expanded polystrene 

insulation 8.00 

6 in. normal weight concrete, 

145 pcf 0.45 

Outside surface, R fo , 15 mph 0.17 

Total resistance, R t 9.75 

U 0.10 

StepS 

The individual heat flow resistances involved in 
the wall section together with the sum of these 
resistances are necessary to the establishment of 
the temperature gradient through the wall section 
and the location of possible vapor condensation 
points. The total temperature drop through the 
wall in this case is 70F and can be distributed 
among the individual components in proportion to 
their resistances. The interface temperatures can 
then be determined and the temperature gradient 
plotted as shown in Fig. 13.9 with the wall section 
drawn to physical scale. 

Individual Resistance, R Temperature Drop, F 

Inside air to inside surface (0.68 ^ 9.75) 70 

= 4.88 

1/2 in. gypsum wallboard (0.45 ^ 9.75) 70 

= 3.23 

2 in. expanded polystrene 

insulation (8.00 + 9.75) 70 

= 57.44 

6 in. normal weight concrete, 

145 pcf (0.45 + 9.75) 70 

- 3.23 

Outside air (15 mph wind) (0.17 + 9.75) 70 

- 1.22 

Total = 70 



As an alternate procedure to the arithmetic 
method for determination of the temperature 
gradient under steady-state parallel heat flow, a 
graphical method may be used. In the graphical 
method, a cross-section of the wall is drawn where- 
in the thickness shown for each component is pro- 
portional to its thermal resistance. Then by plot- 
ting a temperature scale on the cross-section and a 
straight line joining the inside and outside tempera- 
tures (representing the temperature gradient) the 
temperature at any point in the construction can 
be read. 

The assumed steady-state conditions are seldom 
reached owing to fluctuations in the temperatures 
to which the envelope is exposed and to the heat 
storage capacities of the concrete, see Sect. 13.8 
for a discussion on thermal storage. Unless simpli- 
fied procedures are followed the solution of practi- 
cal cases of heat flow through walls and roofs can 
become very complicated. Some inaccuracies may 
be introduced by these simplifications, but the re- 
sults obtained provide a valuable guide for design 
of walls and roofs. The determination of the inter- 
face temperatures to a precision greater than 1 F 
or 2 F is, however, unwarranted. Paths of high con- 
ductivity, called thermal bridges, do produce inac- 
curacies that often require special consideration, 
see Sect. 13.12.3. 

The temperature existing at any point in a wall 
under any given exterior and interior temperature 
conditions is of great significance in designing 
problem-free building enclosures. An ability to cal- 
culate the thermal gradient permits the designer to 
forecast the magnitude of the movements caused 
by external temperature changes, to predict the 
location of condensation and freezing planes in the 
wall, and to assess the suitability of any construc- 
tion. The temperature gradient will not, in itself, 
give the designer all the information he requires to 
select and assemble building components, but it is 
an essential first step. 

The selection of appropriate outside air tempera- 
tures requires considerable judgment. The effects 
of heat storage in materials must be recognized, as 
must the fact that wall or roof surface tempera- 
tures can be higher than air temperature because 
of solar radiation, and colder than air temperature 
because of clear sky radiation. These temperature 
modifications vary with the color, texture, thick- 
ness, weight and orientation of the surface mate- 
rials and with the intensity of the radiation. 

Step 4 

From Table 13.14 the saturated vapor pressures 
at various surfaces and interfaces within the wall 
section may be obtained from temperatures at 
these locations, using the previously calculated 
temperature drops: 
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Table 13.14 Water vapor pressures at saturation for various dry bulb temperatures 



Temp., 


SVP, 


Temp., 


SVP, 


Temp., 


SVP, 


Temp., 


SVP, 


F 


in. Hg 


F 


in. Hg 


F 


in. Hg 


F 


in. Hg 


-30 


.007 


+ 17 


.089 


+ 38 


.229 


+ 59 


.503 


-20 


.0126 


18 


.093 


39 


.238 


60 


.522 


-10 


.022 


19 


.098 


40 


.248 


61 


.540 


- 5 


.029 


20 


.103 


41 


.257 


62 


.560 





.038 


21 


.108 


42 


.268 


63 


.580 


+ 1 


.040 


22 


.113 


43 


.278 


64 


.601 


2 


.042 


23 


.119 


44 


.289 


65 


.622 


3 


.044 


24 


.124 


45 


.300 


66 


.644 


4 


.046 


25 


.130 


46 


.312 


67 


.667 


5 


.049 


26 


.137 


47 


.324 


68 


.690 


6 


.051 


27 


.143 


48 


.336 


69 


.714 


7 


.054 


28 


.150 


49 


.349 


70 


.739 


8 


.057 


29 


.157 


50 


.362 


71 


.765 


9 


.060 


30 


.165 


51 


.376 


72 


.791 


10 


.063 


31 


.172 


52 


.390 


73 


.818 


11 


.066 


32 


.180 


53 


.404 


74 


.846 


12 


.069 


33 


.188 


54 


.420 


75 


.875 


13 


.073 


34 


.195 


55 


.436 


76 


.905 


14 


.077 


35 


.203 


56 


.452 


77 


.935 


15 


.081 


36 


.212 


57 


.468 


78 


.967 


16 


.085 


37 


.220 


58 


.486 


79 
80 


.999 
1.032 



Note: 1 in. Hg (0.491) = psi Actual V.P. - SVP x RH 



Vapor Pressures at Saturation 

SVP, 
Location (Fig. 13.9) Temp., F in. Hg 

Room air 70 0.739 

Inside surface (70- 4.88) =65.12 0.625 

Interface - wallboard and 

insulation (65.12- 3.23) -61.89 0.558 

Interface - insulation and 

concrete (61.89- 57.44) = 4.45 0.047 

Outside surface (4.45 - 3.23) = 1.22 0.040 

Outside air 0.038 

These saturated vapor pressures are plotted in Fig. 
13.9 to form the SVP gradient, P s , through the wall 
section. 

Step 5 

To check the location where condensation is 
likely to take place, the vapor pressure gradient 
necessary for vapor transfer continuity, P c , is 
plotted as shown in Fig. 13.9. The vapor pressure 
gradient, P c , is obtained by a calculation procedure 
similar to that used to determine the temperature 
gradient, described in Step 3. It is based upon the 
total vapor pressure drop (.23 - .03 = .20 in. Hg) 
and the respective vapor transfer resistances of the 
different components of the section from Table 
13.13, thus: 



Vapor Transfer 

Resistance, 

Wall Components 1 1 . . , 

— or — in. Hg 

M (Ji y 



V.P. Drop 

for V.P. for 

Continuity Continuity 







Inside 
surface film 

1 coat of primer 
and paint 

14 in. gypsum 



.50 (.50^3.06) .20= .033 



.02 (.02-K3.06) .20= .001 



wallboard 

2 in. insulation .67 (.67-K3.06) .20- .044 

6 in. concrete 1.87 (1.87-K3.06) .20 = .122 

Outside 
surface film 











= 



.230 
.197 

.196 

.152 
.030 

.030 



Total R = 3.06 Total drop = .20 

The actual vapor pressure drop, P a , from the in- 
side surface of the wall to any material interface 
may be taken as the difference between the vapor 
pressure at the inside wall surface and the saturated 
vapor pressure at the material interface. 

Continuous vapor flow conditions are preserved 
provided this vapor pressure does not exceed the 
saturation vapor pressure. If P c does cross P s , con- 
densation will occur, usually at the nearest outer 
interface or surface. For discontinuous vapor flow 
the vapor flow to and away from the condensation 
surface, must be recalculated. The difference will 
be equal to the condensation rate. The vapor flow 
to or from a point is equal to the actual vapor 
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Fig. 13.9 Thermal and water vapor gradients across 
representative exterior walls for 
extreme winter conditions 
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CONDENSATION 
SURFACE 

pressure difference divided by the vapor resistance 
to or from that point. 

To ensure that condensation does not take place 
the fundamental requirement is that, at all points 
through the thickness of the building enclosure, 
the vapor pressure set by the condition of continu- 
ous flow (P c ) must be less than the maximum per- 
missible vapor pressure set by the saturation vapor 
pressure (P s ) corresponding to the temperature at 
that point. This condition can be achieved either 
by changing the various vapor flow resistances to 
reduce the values of P c , (i.e., by adding a vapor 
barrier), by changing the various thermal resist- 
ances to raise the temperature and thus the values 
of P s , or by a combination of both methods. 

13.12.3 Thermal Bridges 

High conductivity metal paths through the wall 
or solid concrete paths through sandwich panels 
may lead to localized cold areas where surface 
condensation may occur. Because of the many 
variables and indeterminates, measured values 



and calculated values of heat flow differ. However, 
the zone method (explained in great detail in the 
ASHRAE Handbook, Chapter 20) can be used with 
a reasonable degree of accuracy. 

With the zone method, the panel is divided into 
Zone A, which contains the thermal bridge, and 
Zone B, the remaining area where thermal bridges 
do not occur as shown in Fig. 13.10. The width of 
Zone A is calculated as W = m + 2d, where m is the 
width or diameter of the metal or other conductive 
bridge material and d is the distance from the panel 
surface to the metal. After the width (W) and area 
of Zone A are calculated, the heat transmissions of 
the zonal sections are determined and converted 
to area resistances, which are then added to obtain 
the total resistance (R) of that portion of the 
panel. The resistance of Zone A is combined with 
that of Zone B to obtain the overall resistance and 
the gross transmission value, U . (Where U is the 
overall weighted average heat transmission coeffi- 
cient of the panel.) 

For example, in Fig. 13.10, if the tie diameter 
is 1/4 in., the width (W) of Zone A is 0.25 + 2 x 
1.375 = 3 in. The gross U of the panel then varies 
with the width of Zone B. If Zone B is 13 in. wide 
(16 in. - 3 in.), U = 0.15; if 21 in. wide (24 - 3), 
U =. 0.138; or if 29 in. wide (32 - 3), U = 0.132. 

Fig. 13.10 Zonal separation of panel for use 

in calculating effect of thermal bridges 
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CHAPTER 14 

ACOUSTICAL PROPERTIES OF 
PRECAST CONCRETE 
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14.1 GLOSSARY 

Airborne Sound - sound that reaches the point of 
interest by propagation through air. 

Background Level - the ambient sound pressure 
level existing in a space. 

Decibel (dB) — a logarithmic unit of measure of 
sound pressure or sound power. Zero on the 
decibel scale corresponds to a standardized 
reference pressure (0.0002 microbar) or 
sound power (10~ 12 watt). 

Flanking Transmission — transmission of sound by 
indirect paths other than through the primary 
barrier. 

Frequency (Hz) — the number of complete vibra- 
tion cycles per second. 

Impact Insulation Class (IIC) — a single figure rat- 
ing of the overall impact sound insulation 
merits of floor-ceiling assemblies in terms of 
a reference contour (ASTM E492). 

Impact Noise — the sound produced by one object 
striking another. 

Loudness — the intensive attribute of an auditory 
sensation dependent on the sound pressure 
and frequency of the wave form. 

Noise — unwanted sound. 

Noise Reduction Coefficient (NRC) - the arith- 
metic average of the sound absorption coeffi- 
cients at 250, 500, 1000 and 2000 Hz ex- 
pressed to the nearest multiple of 0.05 
(ASTM C423). 

Noise Reduction (NR) — the difference in decibels 
between the space-time average sound pres- 
sure levels produced in two enclosed spaces 
by one or more sound sources in one of them. 

Preferred Noise Criterion (PNC) — a series of 
curves, used as design goals to specify satisfac- 
tory background sound levels as they relate to 
particular use functions. 

Reverberation — the persistence of sound in an en- 
closed or partially enclosed space after the 
source of sound has stopped. 

Sabin — the unit of measure of sound absorption 
(ASTMC423). 

Sound Absorption Coefficient — the fraction of 
randomly incident sound energy absorbed or 
otherwise not reflected (ASTM C423). 

Sound Pressure Level (SPL) — the squared ratio, 
expressed in decibels, of the sound pressure 
under consideration to the standard reference 
pressure of 0.0002 microbar. 



Sound Transmission Class (STC) — the single num- 
ber rating system used to give a preliminary 
estimate of the sound insulation properties 
of a partition system (ASTM E413). 

Sound Transmission Loss (TL) — the ratio, ex- 
pressed on the decibel scale, of the airborne 
sound pressure incident on the sound barrier 
that is transmitted by the barrier and radiated 
on the other side (ASTM E90). 

Structure Borne Sound — sound that reaches the 
point of interest over at least part of its path 
by vibrations of a solid structure. 

14.2 GENERAL 

The basic purpose of architectural acoustics is to 
provide a satisfactory environment in which de- 
sired sounds are clearly heard by the intended lis- 
teners and unwanted sounds (noise) are isolated or 
absorbed. 

Under most conditions, the architect/engineer 
can determine the acoustical needs of the space 
and then design the building to satisfy those needs. 
Good acoustical design utilizes both absorptive and 
reflective surfaces, sound barriers and vibration iso- 
lators. Some surfaces must reflect sound so that 
the loudness will be adequate in all areas where lis- 
teners are located. Other surfaces absorb sound to 
avoid echoes, sound distortion and long reverbera- 
tion times. Sound is isolated from rooms where it 
is not wanted by selected wall and floor-ceiling 
constructions. Vibrations generated by mechanical 
equipment must be isolated from the structural 
frame of the building. 

Most acoustical situations can be described in 
terms of: (1) sound source, (2) sound transmission 
path, and (3) sound receiver. Sometimes the source 
strength and path can be controlled and the re- 
ceiver made more attentive by removing distraction 
or made more tolerant to disturbance. Acoustical 
design must include consideration of these three 
elements. 

14.3 APPROACHING THE DESIGN PROCESS 

Criteria must be established before the acousti- 
cal design of a building can begin. Basically a sat- 
isfactory acoustical environment is one in which 
the character and magnitude of all sounds are com- 
patible with the intended space function. 

Although a reasonable objective, it is not always 
easy to express these intentions in quantitative 
terms. In addition to the amplitude of sound, the 
properties such as spectral characteristics, con- 
tinuity, reverberation and intelligibility must be 
specified. 

People are highly adaptable to the sensations of 
heat, light, odor, sound, etc. with sensitivities vary- 
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ing widely. The human ear can detect a sound in- 
tensity of rustling leaves, 10 dB, and can tolerate, if 
even briefly, the powerful exhaust of a jet engine 
at 120 dB, 10 12 times the intensity of the rustling 
sound. 

14.4 DEALING WITH SOUND LEVELS 

The problems of sound insulation are usually 
considerably more complicated than those of 
sound absorption. The former involves reductions 
of sound level, which are of greater orders of mag- 
nitude than can be achieved by absorption. These 
large reductions of sound level from space to space 
can be achieved only by continuous, impervious 
barriers. If the problem also involves structure 
borne sound, it may be necessary to introduce re- 
silient layers or discontinuities into the barrier. 

Sound absorbing materials and sound insulating 
materials are used for different purposes. There is 
not much sound absorption from an 8-in. concrete 
wall; similarly, high sound insulation is not available 
from a porous, lightweight material that may be 
applied to room surfaces. It is important to recog- 
nize that the basic mechanisms of sound absorp- 
tion and sound insulation are quite different. 

14.5 SOUND TRANSMISSION LOSS 

Sound transmission loss measurements are made 
at 16 frequencies at one-third octave intervals cov- 
ering the range from 125 to 4000 Hz. The testing 
procedure is ASTM Specification E90, Laboratory 
Measurement of Airborne Sound Transmission 
Loss of Building Partitions. To simplify specifica- 
tion of desired performance characteristics the sin- 
gle number Sound Transmission Class (STC) was 
developed. 

Airborne sound reaching a wall, floor or ceiling 
produces vibrations in the wall and is radiated with 
reduced intensity on the other side. Airborne 
sound transmission loss of walls and floor-ceiling 
assemblies is a function of its weight, stiff ness and 
vibration damping characteristics. 

Weight is concrete's greatest asset when it is used 
as a sound insulator. For sections of similar design, 
but different weights, the STC increases approxi- 
mately 6 units for each doubling of weight as 
shown in Fig. 14.1. 

Precast concrete walls, floors and roofs usually 
do not need additional treatments in order to pro- 
vide adequate sound insulation. If desired, greater 
sound insulation can be obtained by using a resil- 
iency attached layer(s) of gypsum board or other 
building materials. The increased transmission loss 
occurs because the energy flow path is now in- 
creased to include a dissipative air column and ad- 
ditional mass. 

The acoustical test results of both airborne 
sound transmission loss and impact insulation of 



Fig. 14.1 Sound transmission class as a function of 

weight of floor or wall based on experimental 
data. 
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4, 6 and 8 in. flat panels, a 14 in. double tee, and 
6 and 8 in. hollow-core slabs are shown in Figs. 
14.2, 14.3 and 14.4. 

Table 14.1 presents the ratings for various pre- 
cast concrete walls and floor-ceiling assemblies. 
The effects of various assembly treatments on 
sound transmission can also be predicted from re- 
sults of previous tests as shown in Table 14.2. The 
improvements are additive, but in some cases the 
total effect may be slightly less than the sum. 
14.6 IMPACT NOISE REDUCTION 

Footsteps, dragged chairs, dropped objects, 
slammed doors, and plumbing generate impact 
noises. Even when airborne sounds are adequately 
controlled there can be severe impact noise 
problems. 

The test method used to evaluate systems for 
impact sound insulation is described in ASTM 
Specification E492, Laboratory Measurement of 
Impact Sound Transmission Using the Tapping 
Machine. As with the airborne standard, measure- 
ments are made at 16 one-third octave intervals but 
in the range from 100 to 3150 Hz. For perfor- 
mance specification purposes the single number 
Impact Insulation Class (IIC) is used. 

In general, thickness or unit weight of concrete 
does not greatly affect the transmission of impact 
sounds as shown in the following table: 



Thickness, in. 


Unit Weight of Concrete, pcf. 


IIC 


5 


79 

114 
144 


23 
24 
24 


10 


79 

114 
144 


28 
30 
31 
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Fig. 14.2 Acoustical test data of solid flat concrete panels. Total weight: 4 in. panel = 54 psf; 6 in. panel = 75 psf; and 
8 in. panel = 95 psf. 
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Fig. 14.4 Acoustical test data of hollow-core panels. Total weight: 6 in. hollow-core - 45 psf ; and 8 in. hollow-core - 57 psf. 
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Structural concrete floors in combination with 
resilient materials effectively control impact 
sounds. One simple solution consists of good car- 
peting on resilient padding. Table 14.2 shows that 
a carpet and pad over a bare concrete slab will in- 
crease the impact noise reduction from 43 to 56 
points. The overall efficiency varies according to 
the characteristics of the carpeting and padding 
such as resilience, thickness and weight. So called 
resilient flooring materials, such as linoleum, rub- 
ber, asphalt vinyl, vinyl asbestos, etc., are not en- 
tirely satisfactory directly on concrete, nor are par- 
quet or strip wood floors when applied directly. 
Impact sounds also may be controlled by providing 
a discontinuity in the structure such as would be 
obtained by adding a resiliently-mounted plaster or 
drywall suspended ceiling or a floating floor con- 
sisting of a second layer of concrete cast over re- 
silient pads, insulation boards or mastic. The thick- 
ness of floating slabs is usually controlled by struc- 
tural requirements, however, 8 psf is adequate in 
most instances. 

14.7 ABSORPTION OF SOUND 

A sound wave always loses part of its energy as 



it is reflected by a surface. This loss of energy is 
termed sound absorption. It appears as a decrease 
in sound pressure of the reflected wave. The sound 
absorption coefficient is the fraction of energy in- 
cident but not reflected per unit of surface area. 
Sound absorption can be specified at individual 
frequencies or as an average of absorption coeffi- 
cients (NRC). 

A dense non-porous concrete surface typically 
absorbs 1 to 2 % of incident sound and has an NRC 
of 0.015. There are specially fabricated units with 
porous concrete surfaces which provide greater 
absorption. In the case where additional sound ab- 
sorption of precast concrete is desired, a coating of 
acoustical material can be spray applied, acoustical 
tile can be applied with adhesive, or an acoustical 
ceiling can be suspended. Most of the spray applied 
fire retardant materials used to increase the fire re- 
sistance of precast concrete and other floor-ceiling 
systems can also be used to absorb sound. The 
NRC of the sprayed fiber types range from 0.25 to 
0.75. Most cementitious types have an NRC from 
0.25 to 0.50. 

If an acoustical ceiling were added to Assem- 
bly 7 of Table 14.1 (as in Assembly No. 9), the 
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Table 14.1 Airborne sound transmission and impact insulation class ratings from tests of precast concrete assemblies 



'Estimated values 
sound entry through a floor or roof would be re- 
duced 5 dB. In addition, the acoustical ceiling 
would absorb a portion of the sound after entry 
and provide a few more decibels of quieting. Use of 
the following expression can be made to determine 
the intra room noise or loudness reduction due to 
the absorption of sound. 



Assembly 
No. 


Description 


STC 


IIC 




Wall Systems 






1 


4 in. flat panel, 54 psf 


49 


_ 


2 


6 in. flat panel, 75 psf 


55 


— 


3 


Assembly 2 with wood furring, 3/4 in. insulation and 1/2 in. 
gypsum board 


58* 




4 


Assembly 2 with 1/2 in. space, 1 5/8 in. metal stud row, 1 1/2 in. 
insulation and 1/2 in. gypsum board 


63* 




5 


8 in. flat panel, 100 psf 


58 


— 


6 


14 in. prestressed tees with 4 in. flange, 75 psf 


54 


— 




Floor-Ceiling Systems 






7 


14 in. prestressed tees with 2 in. concrete topping, 75 psf 


54 


24 


8 


Assembly 7 with carpet and pad, 76 psf 


54 


72 


9 


Assembly 7 with resiliency suspended acoustical ceiling with 
1 1/2 in. mineral fiber blanket above, 77 psf 


59 


51 


10 


Assembly 9 with carpet and pad, 78 psf 


59 


82 


11 


8 in. hollow-core prestressed units, 57 psf 


50 


28 


12 


Assembly 11 with carpet and pad 


50 


73 


13 


8 in. hollow-core prestressed units with 1/2 in. wood block 
flooring adhered directly, 58 psf 


51 


47 


14 


Assembly 13 except 1/2 in. wood block flooring adhered to 1/2 in. 
sound-deadening board underlayment adhered to concrete, 60 psf 


52 


55 


15 


Assembly 14 with acoustical ceiling, 62 psf 


59 


61 


16 


4 in. flat slabs, 54 psf 


49 


25 


17 


5 in. flat slabs, 60 psf 


52* 


24 


18 


6 in. flat slabs, 75 psf 


55 


34 


19 


8 in. flat slabs, 95 psf 


58 


34* 


20 


10 in. flat slabs, 120 psf 


59* 


31 


21 


5 in. flat slab concrete with carpet and pad, 61 psf 


52* 


68 


22 


10 in. flat slab concrete with carpet and pad, 121 psf 


59* 


74 



NR = 10log 10 
where 



A + A a 



(Eq. 14-1) 



NR = sound pressure level reduction — dB 
A = original absorption - Sabins 
A a = added absorption — Sabins 
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Values for A and A a are the products of the ab- 
sorption coefficients of the various room materials 
and their surface areas. 

A plot of this equation is shown in Fig. 14.5. 
For an absorption ratio of 5, the decibel reduction 
is 7 dB. Note that the decibel reduction is the 
same, regardless of the original sound pressure level 
and depends only on the absorption ratio. This is 
due to the fact that the decibel scale is itself a 
scale of ratios, rather than difference in sound 
energy. 

While a decibel difference is an engineering 
quantity which can be physically measured, it is 
also important to know how the ear judges the 
change in sound energy due to sound conditioning. 
Apart from the subjective annoyance factors asso- 



Table 14.2 Typical improvements for wall, floor, and 
ceiling treatments used with precast 
concrete elements 



Treatment 


Increase Sn Ratings 


Air- 
borne 

(STC) 


Impact 
(IIC) 


Wall furring, 3/4 in. insulation & 
1/2 in. gypsum board attached to 
concrete wall 


3 





Separate metal stud system, 
1 1/2 in. insulation in stud cavity 
& 1/2 in. gypsum board attached 
to concrete wall 


5 to 10 





2 in. concrete topping (24 psf) 


3 





Carpets and pads 





43 to 56 


Vinyl tile 





3 


1/2 in. wood block adhered to 
concrete 





20 


1/2 in. wood block and resilient 
fiber underlayment adhered to 
concrete 


4 


26 


Floating concrete floor on fiber- 
board 


7 


15 


Wood floor, sleepers on concrete 


5 


15 


Wood floor on fiberboard 


10 


20 


Acoustical ceiling resiliency 
mounted 
if added to floor with carpet 


5 
5 


27 
10 


Plaster or gypsum board ceiling 
resiliency mounted 

with insulation in space above 

ceiling 


10 
13 


8 
13 


Plaster direct to concrete 









Example: The performance of a 2 in. concrete topping, 
carpet and pad added to 8 in. hollow-core prestressed 
floor units is calculated as follows: 



sorption ratio. (The curve is drawn for loudness 
within the normal range of hearing and does not 
apply to extremely faint sounds.) Referring again 
to the absorption ratio of 5, the loudness is read 
from Fig. 14.6 as approximately 40 percent. 

14.8 ACCEPTABLE NOISE CRITERIA 

As a rule, a certain amount of continuous sound 
can be tolerated before it becomes noise. An 
"acceptable" level neither disturbs room occupants 
nor interferes with the communication of wanted 
sound. 

The most generally accepted and commonly 
used noise criteria today are expressed as the Pre- 
ferred Noise Critera (PNC) curves Fig. 14.7. 1 These 
values are the result of extensive studies based on 
the human response to both sound pressure level 
and frequency and take into account the require- 
ments for speech intelligibility. The figures in Table 
14.3 represent general acoustical goals. They 
can also be compared with anticipated noise levels 

Fig. 14.5 Relation of decibel reduction of reflected 
sound to absorption ratio. 
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14.6 Relation of percent loudness reduction of 
reflected sound to absorption ratio. 
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ciated with excessive sound reflection, the ear can 
make accurate judgments of the relative loudness 
between sounds. An approximate relation between 
percentage loudness, reduction of reflected sound 
and absorption ratio is plotted in Fig. 14.6. 

The percentage loudness reductions does not de- 
pend on the original loudness, but only on the ab- 
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in specific rooms to assist in evaluating noise reduc- 
tion problems. 

A low background level obviously is necessary 
where listening and speech intelligibility is im- 
portant. Conversely, higher ambient levels can per- 
sist in large business offices or factories where 
speech communication is limited to short dis- 
tances. Often it is just as important to be interested 
in the minimum as in the maximum permissible 
levels of Table 14.3. In an office or residence, it is 
desirable to have a certain ambient sound level to 
assure adequate acoustical privacy between spaces, 
thus minimizing the transmission loss requirements 
of unwanted sound (noise). 

These undesirable sounds may be from an ex- 
terior source such as automobiles or aircraft, or 
they may be generated as speech in an adjacent 
classroom or music in an adjacent apartment. They 
also may be direct impact-induced sound such as 
foot-falls on the floor above, rain impact on a light- 
weight roof construction or vibrating mechanical 

Fig. 14.7 Preferred noise criteria (PNC) curves 



Table 14.3 Recommended category classification and 
suggested noise criteria range for steady 
background noise as heard in various indoor 
functional activity areas. 1 
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31.5 


63 


125 


250 


500 1000 2000 4000 8000 


curves 


Hz 


Hz 


Hz 


Hz 


Hz 


Hz 


Hz 


Hz 


Hz 


PNC-15 


58 


43 


35 


28 


21 


15 


10 


8 


8 


PNC-20 


59 


46 


39 


32 


26 


20 


15 


13 


13 


PNC-25 


60 


49 


43 


37 


31 


25 


20 


18 


18 


PNC-30 


61 


52 


46 


41 


35 


30 


25 


23 


23 


PNC-35 


62 


55 


50 


45 


40 


35 


30 


28 


28 


PNC-40 


64 


59 


54 


50 


45 


40 


35 


33 


33 


PNC-45 


67 


63 


58 


54 


50 


45 


41 


38 


38 


PNC-50 


70 


66 


62 


58 


54 


50 


46 


43 


43 


PNC-55 


73 


70 


66 


62 


59 


55 


51 


48 


48 


PNC-60 


76 


73 


69 


66 


63 


59 


56 


53 


53 
58 | 


PNC-65 


79 


76 


73 


70 


67 


64 


61 


58 



Type of space 




(and acoustical requirements) 


PNC curve 


Concert halls, opera houses, and reci- 


10 to 20 


tal halls (for listening to faint musi- 




cal sounds) 




Broadcast and recording studios (dis- 


10 to 20 


tant microphone pickup used) 




Large auditoriums, large drama thea- 


Not to exceed 


ters, and churches (for excellent 


20 


listening conditions) 




Broadcast, television, and recording 


Not to exceed 


studios (close microphone pickup 


25 


only) 




Small auditoriums, small theaters, 


Not to exceed 


small churches, music rehearsal 


35 


rooms, large meeting and confer- 




ence rooms (for good listening), or 




executive offices and conference 




rooms for 50 people (no amplifica- 




tion) 




Bedrooms, sleeping quarters, hospi- 


25 to 40 


tals, residences, apartments, hotels, 




motels, etc. (for sleeping, resting, 




relaxing) 




Private or semiprivate offices, small 


30 to 40 


conference rooms, classrooms, li- 




braries, etc. (for good listening con- 




ditions) 




Living rooms and similar spaces in 


30 to 40 


dwellings (for conversing or listen- 




ing to radio and TV) 




Large offices, reception areas, retail 


35 to 45 


shops and stores, cafeterias, restau- 




rants, etc. (for moderately good lis- 




tening conditions) 




Lobbies, laboratory work spaces, 


40 to 50 


drafting and engineering rooms, 




general secretarial areas (for fair lis- 




tening conditions) 




Light maintenance shops, office and 


45 to 55 


computer equipment rooms, kitch- 




ens, and laundries (for moderately 




fair listening conditions) 




Shops, garages, power-plant control 


50 to 60 


rooms, etc. (for just acceptable 




speech and telephone communica- 




tion). Levels above PNC 60 are not 




recommended for any office or com- 




munication situation. 




For work spaces where speech or 


60 to 75 


telephone communication is not re- 




quired, but where there must be no 




risk of hearing damage 
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equipment. 

Thus, the designer must always be ready to ac- 
cept the task of analyzing the many potential 
sources of intruding sound as related to their fre- 
quency characteristics and the rates at which they 
occur. The level of toleration that is to be expected 
by those who will occupy the space must also be 
established. Figs. 14.8 and 14.9 are the spectral 
characteristics of common noise sources. 

With these criteria, the problem of sound isola- 
tion now must be solved, namely the reduction 
process between the high unwanted noise source 
and the desired ambient level. For this solution, 
two related yet mutually exclusive processes must 
be incorporated, i.e., sound transmission loss and 
sound absorption. 

14.9 ESTABLISHMENT OF NOISE 
INSULATION OBJECTIVES 

Often acoustical control is specified as to the 
minimum insulation values of the dividing partition 
system. Municipal building codes, lending institu- 
tions and the Department of Housing and Urban 
Development (HUD) list both airborne STC and 
impact IIC values for different living environments. 
For example, the HUD minimum property stan- 
dards 2 are: 



LOCATION 

Between living units 

Between living units and 
public space 



Fig. 14.8 Sound pressure levels — exterior noise sources 
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Fig. 14.9 Sound pressure levels — interior noise sources 
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FREQUENCY, Hz 

Other community ordinances are more specific, 
listing the sound insulation criteria with relation to 
particular ambient environments. 3 





GRADE B 
Suburban 


GRADE BB 

Residential 

Urban & 

Suburban 


GRADE IBB 
Urban 


Ambient 
Level 


PNC 20-25 


PNC 25-30 


PNC 35 + 


Walls 


STC 55 


STC 52 


STC 48 


Floor-Ceiling 


STC 55 


STC 52 


STC 48 


Assemblies 


IIC 55 


IIC 52 


IIC 48 



63 125 250 500 1000 2000 4000 8000 

FREQUENCY, Hz 



Once the objectives are established, the designer 
then should refer to available data, e.g., Fig. 14.1 
or Table 14.1, and select the system which best 
meets these requirements. In this respect, concrete 
systems have superior properties and can with min- 
imal effort comply with these criteria. When the in- 
sulation value has not been specified, selection of 
the necessary barrier can be determined analyt- 
ically by (1) identifying exterior and/or interior 
noise sources, and (2) by establishing acceptable 
interior noise criteria. 

Design Example 

Assume a precast prestressed concrete office 
building is to be erected adjacent to a major high- 
way. Private and semiprivate offices will run along 
the perimeter of the structure. The first step is to 
determine the degree of insulation required of the 
exterior wall system. 
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Sound Pressure Level — (dB) 
Frequency (Hz) 63 125 250 500 1 000 2000 4000 8000 

Bus Traffic 

Source Noise 80 83 85 78 74 68 62 

(Fig. 14.8) 

Private Office 
Noise Criteria 
- PNC 35 
(Fig. 14.7) 

Required 
Insulation 



58 



55 50 45 40 35 30 28 28 



25 33 40 38 39 38 34 30 



The 500 Hz requirement, 38 dB, can be used as 
the first approximation of the wall STC category. 
However, if windows are planned for the wall, a 
system of about 50-55 STC should be selected 
(see following composite wall discussion). Indivi- 
dual transmission loss performance values of this 
system are then compared to the calculated needs. 



Frequency (Hz) 



Sound Pressure Level — (dB) 

125 250 500 1000 2000 4000 



Required Insulation 

6 in. Precast Solid 
Concrete Wall 
(Fig. 14.2) 

Deficiencies 



33 40 38 39 38 34 



38 43 52 59 67 72 



The selected wall should meet or exceed the in- 
sulation needs at all frequencies. However, to a- 
chieve the most efficient design conditions, certain 
limited deficiencies can be tolerated. Experience 
has shown that the maximum deficiencies are 3 dB 
at two frequencies or 5 dB on one frequency 
point. 

14.10 COMPOSITE WALL CONSIDERATIONS 

Doors and windows are often the weak link in 
an otherwise effective sound barrier. Minimal 
effects on sound transmission loss will be achieved 
in most cases by a proper selection of glass, Table 
14. 4. 4 Mounting of the glass in its frame should be 
done with care to eliminate noise leaks and to re- 
duce the glass plate vibrations. 

Sound transmission loss of a door depends upon 
its material and construction, and the sealing be- 
tween the door and the frame. 5 There is a mass 
law dependence of STC on weight (psf) for both 
wood and steel doors. The approximate relation- 
ships are: 

For steel doors: STC = 15 + 27 log W 

For wood doors: STC = 12 + 32 log W 

where W = weight of the door, psf 

These relationships are purely empirical and a large 
deviation can be expected for any given door. 



For best results, the distances between adjacent 
door and/or window openings should be maxi- 
mized, staggered when possible and held to a min- 
imum area. Minimizing openings retains the acou- 
stical properties of precast concrete. The design 
characteristics of a door or window system must 
be analyzed prior to specification. Such qualities 
as frame design, door construction and glazing 
thickness are vital performance criteria. Installa- 
tion procedures must be exact and care given to 
the frame of each opening. Gaskets, weather- 
stripping and raised threshold serve as both ex- 
cellent thermal and acoustical seals and are rec- 
ommended. 

Fig. 14.10 can be used to calculate the effective 
acoustic isolation of a wall system which contains 
a composite of elements, each with known indi- 
vidual transmission loss data. 

Design Example 

To complete the office building wall acoustical 
design from Sect. 14.9 assume the following: 

I.The glazing area represents 10% of the ex- 
terior wall area. 

2. The windows will be double glazed with a 
38 STC acoustical insulation rating. 

The problem now becomes the task of deter- 
mining the combined effect of the concrete-glass 
combination and a redetermination of criteria com- 
pliance. 

Fig. 14.10 Chart for calculating the effective transmis- 
sion loss of a composite barrier. NOTE: for 
purposes of approximation STC values can be 
used in place of TL values. 
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FOR EFFECTIVE TL OF COMPOSITE BARRIER 
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Frequency (Hz) 



Sound Pressure Level — (dB) 

125 250 500 1000 2000 4000 



6 in. Precast Solid 












Concrete Wall 38 


43 


52 


59 


67 


72 


(Fig. 14.2) 












Double Glazed 
Windows (Table 14.4) 


28 


35 


38 


41 


44 


Correction (Fig. 14.10) -2 


-6 


-7 


-11 


-15 


-19 


Combined 
Transmission Loss 


37 


45 


48 


52 


53 


Insulation Require- 
ments 


40 


38 


39 


38 


34 


Deficiencies — 


3 


— 


— 


— 


— 


The maximum deficiency is 


3 dB and 


occurs at 



only one frequency point. The 6-in. precast con- 
crete wall with double glazed windows will provide 
the required acoustical insulation. 

Floor-ceiling assembly acoustical insulation re- 
quirements are determined in the same manner as 
walls by using Figs. 14.2 and 14.9. 



14.11 LEAKS AND FLANKING 

The performance of a building section with an 
otherwise adequate STC can be seriously reduced 
by a relatively small hole or any other path which 
allows sound to bypass the acoustical barrier. All 
noise which reaches a space by paths other than 
through the primary barrier is called flanking. 
Common flanking paths are openings around doors 
or windows, at electrical outlets, telephone and 
television connections, and pipe and duct penetra- 
tions. Suspended ceilings in rooms where walls do 
not extend from the ceiling to the roof or floor 
above allow sound to travel to adjacent rooms. 

Anticipation and prevention of leaks begins at 
the design stage. Flanking paths (gaps) at the peri- 
meters of interior precast walls and floors are gen- 
erally sealed during construction with grout or dry- 
pack. In addition, all openings around penetrations 
through walls or floors should be as small as pos- 
sible and must be sealed airtight. The higher the 
STC of the barrier, the greater the effect of an un- 
sealed opening (see Fig. 14.10). 



Table 14.4 Acoustical properties of glass 

(a) Sound Transmission Class (STC) 



Type and Overall 


inside 


Construction 


Outside 




Thickness 


Light 


Space 


Light 


STC 


1/8" Plate or float 


— 


— 


1/8" 


23 


1/4" Plate or float 


__ 


— 


1/4" 


28 


1/2" Plate or float 


— 


— 


1/2" 


31 


1 " Insulated glass 


1/4" 


1/2" Air Space 


1/4" 


31 


1/4" Laminated 


1/8" 


.030 Vinyl 


1/8" 


34 


1 1/2" Insulated glass 


1/4" 


1 " Air Space 


1/4" 


35 


3/4" Plate or float 


— 


— 


3/4" 


36 


1 " Insulated glass 


1/4" 


1/2" AirSpace 


1/4" 
Laminated 


38 


1 " Plate or Float 


— 


— 


1" 


37 


2 3/4" Insulated glass 


1/4" 


2" Air Space 


1/2" 


39 


4 3/4" Insulated glass 


1/4" 


4" Air Space 


1/2" 


40 


6 3/4" Insulated glass 


1/4" 


6" Air Space 


1/4" 
Laminated 


42 



(b) Transmission Loss (dB) 



125 160 200 250 315 400 



Frequency (Hz) 

500 630 800 1000 1250 1600 2000 2500 3150 4000 



24 



22 



24 



24 



21 



1/4 inch plate glass — 28 STC 

23 21 23 26 27 33 



36 



37 



39 



40 



40 



25 



25 



22 



1 inch insulating glass with 1/2 inch air space — 31 STC 

20 24 27 27 30 32 33 35 34 29 



31 



33 



36 



30 



29 



26 



1 inch insulating glass laminated with 1/2 inch air space — 38 STC 

28 31 34 35 37 37 38 38 40 41 



40 



41 



44 
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Fig. 14.1 1 Effect of safing insulation seals 
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With 6 in. thick safing insulation 
steel bent plate added 



Combined 
Transmission Loss 

14STC 

28STC 

30STC 
42STC 

38STC 
45STC 



Perimeter leakage more commonly occurs at the 
intersection between an exterior curtain wail and 
floor slab. It is of vital importance to seal this gap 
in order to retain the acoustical integrity of the 
system as well as provide the required fire stop be- 
tween floors. One way to achieve this seal is to 
place a 4 pcf density mineral wool blanket between 
the floor slab and the exterior wall. Fig. 14.11 
demonstrates the acoustical isolation effects of this 
treatment. See Chapter 12 for a discussion on the 
fire aspects of this treatment. 

in exterior walls, the proper application of seal- 
ant and backup materials in the joints between 
units will not allow sound to flank the wall. 

If the acoustical design is balanced, the max- 
imum amount of acoustic energy reaching a space 
via flanking should not equal the energy transmit- 
ted through the primary barriers. 

Although not easily quantified, an inverse rela- 
tionship exists between the performance of an ele- 
ment as a primary barrier and its propensity to 
transmit flanking sound. In other words, the proba- 
bility of existing flanking paths in a concrete struc- 
ture is much less than in one of steel or wood 
frame. 

In addition to using basic structural materials, 
flanking paths can be minimized by: 

1. Interrupting the continuous flow of energy 
with dissimilar materials, i.e., expansion or 
control joints or air gaps. 

2. Increasing the resistance to energy flow with 
floating floor systems, full height and/or 
double partitions and suspended ceilings. 



14.12 VIBRATION ISOLATION 

The isolation of vibrations produced by equip- 
ment with unbalanced operating or starting forces 
can frequently be accomplished by mounting the 
equipment on a heavy concrete slab placed on re- 
silient supports. A slab of this type is called an in- 
ertia block. 

Inertia blocks can provide a desirable low center 
of gravity and compensate for thrusts such as those 
generated by large fans. For equipment with less 
unbalanced weight, a "housekeeping" slab is some- 
times used below the resilient mounts to provide a 
rigid support for the mounts and to keep them 
above the floor where they remain cleaner and easi- 
er to inspect. This slab may also be mounted on 
pads of precompressed glass fiber or neoprene. 

The natural frequency of the total load on resili- 
ent mounts must be well below the frequency gen- 
erated by the equipment. The required weight of 
an inertia block depends on the total weight of the 
machine and the unbalanced force. For a long- 
stroke compressor, five to seven times its weight 
might be needed. For high pressure fans, one to 
five times the fan weight is frequently sufficient. 

Simplified theory shows that for 90% vibration 
isolation a single resiliently-supported mass should 
have a natural frequency about one-third the dri- 
ving frequency. For 99% isolation the natural fre- 
quency of a resiliency mounted mass is a function 
of the static deflection of the resilient supports; 
this makes determination of the natural frequency 
simple. A floor supporting resiliency mounted 
equipment must be stiff and heavy. If the static de- 
flection of a floor supporting resilient mounts ap- 
proaches the static deflection of the mounts, the 
floor then becomes a part of the vibrating system 
and little vibration isolation is achieved. Therefore, 
floors supporting heavy rotating or reciprocating 
equipment often must be stiffer than floors de- 
signed to meet ordinary structural design criteria 
with floor deflection not more than about 1/6 or 
1/8 of mount deflections. This means that, in the 
initial planning stage, vibrating systems should be 
kept away from long spans and located close to 
vertical supports. Sometimes, additional columns 
may be installed directly under the equipment. For 
example, a 20 ft span, with the usual 1/360 of 
span deflection, will deflect 0.67 in. at maximum 
allowable load. This is the static deflection re- 
quired of isolation mounts for 90% isolation of an 
800 CPM machine. To obtain 90% isolation on 
such a floor the static deflection of the resilient 
mounts has to be increased six to eight times. How- 
ever, floors are seldom loaded to the design limits 
and loading at center of span can often be avoided. 
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With a moderate floor load good isolation is usual- 
ly provided if the static deflection of the mounts is 
increased by an amount equal to 1/360 of the floor 
span. 
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CHAPTER 15 

GUIDE SPECIFICATIONS FOR 
ARCHITECTURAL PRECAST CONCRETE 



This Document 

This document provides a basis for specifying in- 
plant fabrication and field erection of architectural 
precast concrete with a variety of textures and fin- 
ishes. It does not include field-fabricated precast 
concrete panels, precast structural concrete; nor 
does it include dampproofing, special coatings ap- 
plied to the panels, calking around the panels, or 
loose attaching hardware. 



Drawings and Specifications 

Drawings: 

The Architects or Engineers plans will show loca- 
tions and necessary sections and dimensions to de- 
fine the size and shape of the architectural precast 
concrete. Indicate location of joints, both functional 
and aesthetic and illustrate details between units. 
When more than one type of panel material or fin- 
ish is used, indicate the location of each type on the 
drawings. Illustrate the details of corners of the 
structure and interfacing with other materials. 
Whether sizes and locations of steel reinforcement, 
and details and locations of typical and special con- 
nection items and inserts are shown may be deter- 
mined by local practices. If reinforcement and con- 
nections are not detailed, identify the requirements 
for design and indicate load support points and 
space allowed for connections. 

Specifications: 

Describe the type and quality of the materials in- 
corporated into the units, the design strength of the 
concrete, the finishes, and the tolerances for cast- 



ing and erection. The methods and techniques re- 
quired to achieve similar results will vary with indi- 
vidual precasters. Specifying the results desired 
without specifically defining manufacturing pro- 
cedures will ensure a concise and accurate interpre- 
tation, and in turn encourage the best competitive 
bidding. 

Coordination: 

The responsibility for supply of items to be placed 
on or in the structure in order to receive the pre- 
cast concrete units depends on the type of struc- 
ture and varies with local practice. Clearly specify 
responsibility for supply and installation of hard- 
ware. When building frame is structural steel, erec- 
tion hardware is normally supplied and installed as 
part of the structural steel. When building frame is 
cast-in-place concrete, hardware, if not predesigned 
or shown on drawings, is normally supplied by pre- 
cast manufacturer and placed by the General Con- 
tractor to a hardware layout prepared by the pre- 
cast supplier. Assurance that type and quantity of 
hardware items required to be cast into the precast 
units for other trades are specified and not dupli- 
cated, is of greater importance than the supplier. 
Specialty items, however, should be supplied from 
the trade requiring them. Verify that materials 
specified in the section on flashings are galvanically 
compatible with reglets or counterflashing receivers 
installed under this section. Check that concrete 
coatings, adhesives, and sealants specified in other 
sections are compatible with each other and with 
the form release agents or surfaces to which they 
are to be applied. 



Guide Specification 



This Guide Specification is intended to be used 
as a basis for the development of an office master 
specification or in the preparation of specif ications 
for a particular project In either case, this Guide 
Specification must be edited to fit the conditions 
of use. Particular attention should be given to the 
deletion of inapplicable provisions. Include neces- 
sary items related to a particular project Include 
appropriate requirements where blank spaces have 
been provided. 



SECTION 03410 
ARCHITECTURAL PRECAST CONCRETE 

PART 1 -GENERAL 

1.01 DESCRIPTION: 

A. Related Work Specified Elsewhere: 

1. Concrete Reinforcement: 
Section 



2. Cast-in-Place Concrete: 
Section 

3. Precast Structural Concrete: 
Section 

4. Structural Steel Framing: 
Section 



5. Dampproofing: Section. 

6. Insulation: Section 



7. Flashing and Sheet Metal: 
Section 

8. Sealants and Calking: Section 

9. Painting: Section 



B. Work Installed but Furnished by Others: 



1 . Counterflashing receivers or reglets, 
Section 

2. Inserts for window washing equipment, 
Section 

C. Testing Agency Provided by Owner. 



NOTES TO SPECIFIERS 



1.01. A. 1 Architectural precast concrete 
steel requirements are different from cast- 
in-piace reinforcing and should be sped- 
tied in this section. 

1.01. A. 2 Placement of anchorage devices 
in cast~in-place concrete for precast panels. 

1.01. A. 3 Precast floor, roof slabs, beams, 
columns, and other structural elements. 

1.01.AA Steel supporting structure and 
sometimes loose anchors. 

1.01. A. 5 For exposed face of panels. 

1.01.A.6 Insulation job-applied to precast 
panels. 

1.01. A. 7 Counterflashing inserts and re- 
ceivers, unless included in this section. 

1.01.A.8 Panel joint calking and sealing. 

1.01.A.9 Field touch-up painting. Delete 
when specified in this section. 

1.01.B Delete when furnished by precast 
manufacturer. 



1.01.C Delete when testing agency is pro- 
vided by precast manufacturer or contrac- 
tor. Coordinate with Division 1. 
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GUIDE SPECIFICATIONS 



1.02 QUALITY ASSURANCE: 

A. Acceptable Manufacturers: Minimum of 



years production experience in architectural precast 
concrete work of quality and scope required on this 
project. 



1. Manufacturer must be able to show that he has 
experienced personnel, physical facilities, estab- 
lished quality control procedures, and a man- 
agement capability sufficient to produce the 
required units without causing delay to the pro- 
ject. 

2. When requested by the Architect, the manu- 
facturer shall submit written evidence of the 
above requirements. 

** OR ** 

A. Acceptable Manufacturers: 

1 - 

2 



#* * * *# 



B. Erector Qualifications: Regularly engaged for at 

least years in erection of architectural 

precast concrete units similar to those required on 
this project. 

C. Qualifications of Welders and Tackers: In Accor- 
dance with AWS D 1 .0 - 

D. Testing: In general compliance with testing pro- 
visions of Prestressed Concrete Institute MNL-117, 
"Manual for Quality Control for Plants and Pro- 
duction of Architectural Precast Concrete Products." 



E. Testing Agency: 
1. Not less than. 



NOTES TO SPECIFIERS 



1.02. A Experience required is usually 2 
to 5 years. The manufacture of architec- 
tural precast concrete requires a greater 
degree of craftsmanship than most other 
concrete products, and therefore requires 
some prequalification of the manufacturer. 
Plant certification, as provided in the PCI 
Plant Certification Program, is satisfactory 
evidence. 



years experience in per- 
forming concrete tests of type specified in this 
section. 

2. Capable of performing testing in accordance with 
ASTM E 329 - 

3. Inspected by Cement and Concrete Reference 
Laboratory of the National Bureau of Standards. 



1. 02. B Experience required is usually 2 
to 5 years. 



1.02.C Qualified within the past year de- 
lete when welding is not required. 



1.02.E Delete when provided by Owner. 

1.02.E. 1 Usually 2 to 5 years experience 
is adequate. 
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GUIDE SPECIFICATIONS 

Requirements of Regulatory Agencies: Architect 
will specify manufacture and installation of archi- 
tectural precast concrete to meet requirements of 



G. Allowable Tolerances: 



1. Manufacture and install wall panels so that 
each panel after erection complies with the 
dimensional tolerances listed in PCI MNL 117. 

H. JobMock-Up: 

1. After standard samples are accepted for color 
and texture, submit full-scale unit meeting 
design requirements. 



NOTES TO SPECIFIERS 

1.02. F Local building code or other gov- 
erning code relating to precast concrete. 
For projects in Canada, the following 
standards from the National Building Code 
of Canada should be listed in addition to, 
or in place of the U.S. Standards, where 
appropriate: 

CSA W47. 1 Certification of Companies 
for Fusion Welding of Steel Structures 

CSA W59.1 General Specification for 
Welding of Steel Structures 

CSA W186 Welding of Reinforcing Bars 
in Reinforced Concrete Construction 

CSA A23. 1 Concrete Materials and Me- 
thods of Concrete Construction 

CSA A23.2 Methods of Test for Concrete 

CSA A 23. 3 Code for the Design of Con- 
crete Structures for Buildings 

CSA A23.3. 1 Commentary on CSA Stan- 
dard A23. 3 

CSA A 23. 4 Precast Concrete Materials 
and Construction 

CSA A 197 Precast Concrete Wall Panels 

CSA A251 Qualification Code for Manu- 
facturers of Architectural and Structural 
Precast Concrete 

1.02.G For manufacturing, and after 
manufacturing. The tolerances listed in 
PCI MNL 1 17 are also listed in Chapter 3 
of this Manual. Most manufacturers can 
meet closer tolerances, if required, but 
closer tolerances normally increase costs. 



1.02. H. 1 Full-scale samples or inspection 
of the first production unit are sometimes 
required, especially when a new design 
concept or new manufacturing process or 
other unusual circumstance indicates that 
proper evaluation cannot otherwise be 
made. It is difficult to assess appearance 
from small samples. 
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GUIDE SPECIFICATIONS 

2. Mock-up to be standard of quality for archi 
tectural precast concrete work, when accepted by 
Architect/Engineer. 

3. Incorporate mock-up into work in location re- 
viewed by Architect/Engineer after keeping unit 
in plant for checking purpose. 

I . Source Qual ity Control : 

1. Quality control and inspection procedures to 
comply with applicable sections of PCI MNL 117. 

2. Water absorption test on unit shall be conducted 
in accordance with PCI MNL 117. 



1.03 SUBMITTALS: 
A. Samples: 



1. Submit samples representative of finished ex- 
posed face showing typical range of color and 
texture prior to commencement of manufac- 
ture. 



in. x 12 in. 
representative 



2. Sample size: approximately 12 
and of appropriate thickness, 
of the proposed finished product. 

B. Erection Shop Drawings: 



1. Content: 

a. Unit shapes (elevations and sections), and 
dimensions. 

b. Finishes. 



NOTES TO SPECIFIERS 

1.02 H. 2 Use to determine range of ac- 
ceptability with respect to color and tex- 
ture variations, surface defects and over- 
all appearance. 

1.02.H.3 Delete when mock-up is not to 
be included in work. State how long unit 
should be kept. 



1.02.1.2 Water absorption test is an early 
indication of weather staining (rather than 
durability). Verify the water absorption 
of the proposed face mix, which for aver- 
age exposures and based upon normal 
weight concrete (150 lbs per cubic foot) 
should not exceed 5% to 6% by weight. 
As an improved weathering (staining) pre- 
caution, lower absorption between 3% to 
4% (by weight) is feasible with some con- 
crete mixes and consolidation methods. 
In order to establish comparable absorp- 
tion figures for ail materials the current 
trend is to specify absorption percentages 
by volumes. The stated limits for absorp- 
tion would in volumetric terms corres- 
pond to 12% to 14% for average expo- 
sures and 8% to 10% for special condi- 
tions. 



1. 03. A Number of samples and submittal 
procedures should be specified in Division 
1. 

1.03. A. 1 If the back face of a precast 
unit is to be exposed, samples of the 
workmanship, color, and texture of the 
backing should be shown as well as the 
facing. 



1.03.B Production shop drawings, except 
for shape drawings, are not submitted for 
approval, except in special cases where the 
Architect, Engineer of Record, or Con- 
tractor agrees to assume responsibility. 
However, record copies are frequently re- 
quested. Guidelines for the preparation of 
drawings are given in the "PCI Architec- 



ts 



GUIDE SPECIFICATIONS 

c. Reinforcing, joint, and connection details. 

d. Lifting and erection inserts. 

e. Location and details of hardware attached to 
structure. 

f . Other items cast into panels. 

g. Handling procedures and sequence of erection 
for special conditions. 

h. Relationship to adjacent material. 

2. Show location of unit by same identification 
mark placed on panel. 

C. Test Reports: Submit on request, reports on mater- 
ials, compressive strength tests on concrete and 
water absorption tests on units. 

D. Design Calculations: Prepare and submit on request 
structural design calculations for units in accordance 
with the PCI MNL 121 "Manual for Structural De- 
sign of Architectural Precast Concrete". 

1.04 PRODUCT DELIVERY, STORAGE, AND HANDLING: 

A. Delivery and Handling: 

1. Handle and transport units in a position consis- 
tent with their shape and design in order to avoid 
excessive stresses or damage. 

2. Lift or support units only at the points shown on 
the erection shop drawings. 

3. Place nonstaining resilient spacers of even thick- 
ness between each unit. 

4. Support units during shipment on nonstaining 
shock-absorbing material. 

5. Do not place units on ground. 

B. Storage at Jobsite: 

1. Store units to protect from contact with soil, 
staining, and from physical damage. 

2. Store units, unless otherwise specified, with 
nonstaining, resilient supports located in same 
positions as when transported. 

3. Store units on firm, level, and smooth surfaces. 

4. Place stored units so that identification marks are 
discernible. 



NOTES TO SPECIFIERS 



tural Precast Concrete Drafting Hand- 
book". 



1. 03. B.1.g If sequence of erection is criti- 
cal to the structural stability of the struc- 
ture it should be noted on the plans and 
specified. 



1.03.C Schedule of required tests, num- 
ber of copies of test reports, and how dis- 
tributed are included in Testing Labora- 
tory Services, Section 

1.03. D Design and construction responsi- 
bilities are discussed in the Introduction 
of MNL 121. 
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GUIDE SPECIFICATIONS 



NOTES TO SPECIFIERS 



PART 2 - PRODUCTS 

2.01 MATERIALS: 
A. Concrete: 

1. Portland cement: 

a. ASTM C 150 - 
color. 



-, type 



b. For exposed surfaces use same brand, type, and 
source of supply throughout. 



2. Air entraining agent: ASTM C 260 -. 



3. Water reducing, retarding, accelerating admix- 
tures: ASTM C 494 - 



4. Coloring agent: 

a. Synthetic mineral oxide. 

b. Harmless to concrete set and strength. 

c. Stable at high temperature. 

d. Sunlight and alkali-fast. 
5. Aggregates: 

a. Provide fine and coarse aggregates for each 
type of exposed finish from a single source (pit 
or quarry) for entire job. They shall be clean, 
hard, strong, durable, and inert, free of staining 
or deleterious material. 



2.01.A.1.a Type: [IfGeneral use)], 
[IUfHigh early strength)]. Color: (grey), 

(white), (buff). 

2.01. A. l.b To minimize color variation. 
Specify source of supply when color 
shade is important. 

2.01. A.2 Delete if air entrainment is not 
required. 

2.01. A.3 Delete if water reducing retard- 
ing or accelerating admixtures are not re- 
quired. Calcium chloride or admixtures 
containing significant amounts of calcium 
chloride should not be allowed. 

2.01. A A Investigate use of naturally 
colored fine aggregate in lieu of coloring 
agent. 



2.01. AA.b Consider effects upon con- 
crete prior to final selection. 



b. ASTM C33-. 



** OR ** 



b. ASTM C 330 



# * * * * * 



c. Material and Color: 



2.01. A. 5. a Base choice on visual inspec- 
tion of concrete sample and on assessment 
of certified test reports. Use same type 
and source of supply to minimize color 
variation. Fine aggregate is not always 
from same source as coarse aggregate. 



2. 1.A. 5. b Grading requirements 
generally waived or modified. 



are 



2.01.A.5.C Specify type of stone desired 
such as crushed marble, quartz, limestone, 
granite, or locally available gravel. Some 
lightweight aggregates, limestones, and 
marbles may not be acceptable as facing 
aggregates. Omit where sample is to be 
matched. 



15-7 
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d. Maximum Size and Gradation: 



6. Water: Free from deleterious matter that may 
interfere with the color, setting or strength of 
the concrete. 

B. Reinforcing Steel: 

1. Material: 



a. Bars: 



(1) Deformed steel: 
ASTM A 615 -. 
grade 



b. Wire fabric: 



(1) Welded steel: ASTM A 185 -, 

(2) Welded deformed steel: 
ASTM A 497 - __^_ 



c. Fabricated steel bar or rod mats: 
ASTM A 184 - 

d. Prestressing strand: 

ASTM A 416 - , 

grade 

C. Cast-in-Anchors: 



1. Materials: 

a. Carbon steel bars: 
ASTM A 306 - 



grade 65. 



b. Structural steel: ASTM A 36 - . 



c. Stainless steel: ASTM A 666 - 
type 304. Grade 

d. Carbon steel plate: ASTM A 283 - 
grade 



NOTES TO SPECIFIERS 

2.01.A.5.d State required sieve analysis. 
Omit where sample is to be matched. 

2.01. A.6 Potable water is ordinarily ac- 
ceptable. 



2.01. B. 1 Grades of reinforcing are deter- 
mined by the structural design of the pre- 
cast units. Use grade 40 for non-structural 
applications. Panels are designed as rela- 
tively crack free sections so benefit of 
higher grade steel is not utilized. 

2.01. B.I. a State plain or galvanized. Use 
galvanizing only where corrosive environ- 
ment or severe exposure conditions justify 
extra cost. Availability of galvanized bars 
should be verified. 

2.01.B.1.a.(1) (40), (60) 



2.01.B.1.b State plain or galvanized. Use 
galvanizing only where corrosive environ- 
ment or severe exposure conditions justify 
extra cost. 



2.01.B.1.d Occasionally used in long 
and /or thin panels. 
(250), (270) 

2.01. C Loose attachment hardware spe- 
cified under Miscellaneous Metals. 



2.01.C.1.a For completely encased an- 
chors. 

2.01. C. hb For carbon steel clip anchors. 

2.01. C. 1.c Stainless steel anchors for use 
when resistance to staining merits extra 
cost. (A), (B). 

201. C. Id (A),(B),(C),(D). 
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GUIDE SPECIFICATIONS 



e. Malleable iron castings: 

ASTM /KM- grade 



f. Carbon steel castings: 

ASTM A 27 - grade 60-30. 

g. Anchor bolts: ASTM A 307 - 

** OR ** 
A 325 



** ## ** 



h. Welded headed studs: AWS D1.1, Part VI 
Section 4 



2. Finish: 

a. Shop primer: FS TT-P-86 

base paint, type I. 

** OR ** 

a. Shop primer: SSPC-Paint 14 - 

** OR ** 

a. Shop primer: Manufacturer's standard. 

** ** *■* 

b. Hot-dip galvanized: ASTM A 153 



, oil 



c. Cadmium coating: ASTM A 165 - . 



NOTES TO SPECIFIERS 

2.01.C.1.e (32510), (35018). 

2. 1. C. 1. f For cast steel casting clamps. 

2.01.C.1.g For steel bolts, nuts and 
washers. 



2.01.C.2.a For exposed carbon steel 
anchors. 



d. Zinc rich coating: MIL-P-21035 

self curing, one component, sacrificial organic 
coating. 

D. Receivers for Flashing: 28 ga. formed 



** OR ** 

D. Receivers for Flashing: Polyvinyl chloride extru- 
sions. 



2.01. C. 2. b For exposed carbon steel 
anchors where corrosive en vironmen t 
justifies the additional cost Field weld- 
ing should not be permitted on galvan- 
ized element. 

2.01.C.2.C Particularly appropriate for 
threaded fasteners. 

2.01.C.2.d For field spot painting. 



2.01. D (stainless steel), (copper), (zinc). 
Coordinate with flashing specification to 
avoid dissimilar metals. Delete when in- 
cluded in flashing and sheet metal section. 
Specify whether precaster or Others fur- 
nish. 
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E. Sandwich Panel Insulation. 



F. Grout: 

1 . Cement grout: Portland cement, sand, and 
water sufficient for placement and hydration. 

2. Nonshrink grout: Premixed, packaged ferrous 
and non-ferrous aggregate shrink-resistant grout. 

3. Epoxy-resin grout: Two-component mineral- 
filled epoxy-polysufide, FS MMM-G-560 

Type grade C. 



2.02 MIXES: 



A. Concrete Properties: 



1. Water-cement ratio: Maximum 40 lbs. of water 
to 100 lbs. of cement. 

2. Air entrainment: Amount produced by adding 
dosage of air entraining agent that will provide 
19% ± 3% of entrained air in standard 1:4 sand 
mortar as tested according to ASTM C 185 - 



** OR ** 
2. Air entrainment: Minimum 3%; maximum 6%. 



# # * * # * 



3. Coloring agent: Not more than 10% of cement 
weight. 



4. 28 day compressive strength: Minimum of 5000 
psi when tested by 6 x 12 or 4 x 8 in. cylinders. 



NOTES TO SPECIFIERS 



2.0 1. E Specify type of insulation such as 
foamed plastic (polystyrene and polyure- 
thane), glasses (foamed glass and fiber- 
glass), foamed or cellular lightweight con- 
cretes, or lightweight mineral aggregate 
concretes. Thickness of sandwich panel in- 
sulation governed by wall U-value require- 
ments. 

2.01. F Indicate required strengths on 
contract drawings. 



2.01. F. 3 Check with local suppliers to 
determine availability and types of epoxy- 
resin grouts. 



2.02. A The back-up concrete and the sur- 
face finish concrete can be of one mix de- 
sign, depending upon resultant finish, or 
the surface finish (facing mix) concrete 
can be separate from the back-up concrete. 
Clearly indicate specific requirements or 
allow manufacturer's option. 

2.02. A. 1 Keep to a minimum consistent 
with strength and durability requirements 
and placement needs. 

2.02. A. 2 Gradation characteristics of 
most facing mix concrete will not allow 
use of a given percentage of air. 



2.02.A.2 PCI recommends this range of 
air entraining be stated in preference to 
specified percentage. 

2.02.A.3 Amount used should not have 
any detrimental effects on concrete qual- 
ities. 



2.02. A A Vary strength to match require- 
ments. Strength requirements for facing 



15-10 



GUIDE SPECIFICATIONS 



** OR ** 

4. 28 day compressive strength: Minimum 6250 psi 
when tested on 4 in. cubes. 



*# ** ** 



B. Facing Mix: 

1. Minimum thickness of face mix after consoli- 
dation shall be at least one in. or a minimum 
of 1 1/2 times the maximum size of aggregates 
used; whichever is larger. 

2. Water-cement and cement-aggregate ratios of face 
and back-up mixes shall be similar. 



2.03 FABRICATION: 

A. Manufacturing procedures shall be in general com- 
pliance with PCI MNL-117. 

B. Finishes: 



NOTES TO SPECIFIERS 



mixes and back-up mixes may differ. Also 
the strength at time of removal from the 
forms should be stated if critical to the 
engineering design o f the units. The 
strength level of the concrete should be 
considered satisfactory if the average of 
each set of any three consecutive cylinder 
strength tests equals or exceeds the speci- 
fied strength and no individual test falls 
below the specified value by more than 
500 psi. 



2.02. A.4 Vary strength to match design 
requirements. Strength requirements for 
facing mixes and back-up mixes may dif- 
fer. Also the strength at time of removal 
from the forms should be stated if criti- 
cal to the engineering design of the units. 
The strength level of the concrete should 
be considered satisfactory if the average 
of each set of any three consecutive cube 
strength tests equals or exceeds the speci- 
fied strength and no individual test falls 
below the specified value by more than 
500 psi. 

2.02. B Delete if separate face mix is not 
used. 

2.02. B.1 Minimum thickness should be 
sufficient to prevent bleeding through of 
the backup mix. 

2.02. B. 2 Similar behavior with respect to 
shrinkage is necessary in order to avoid 
undue bowing and warping. 



1 . Exposed face to match approved sample or mock- 
up panel. 



2.03. B Finishing techniques used in indi- 
vidual plants may vary considerably from 
one part of the continent to another, and 
between individual plants. Many plants 
have developed specific techniques sup- 
ported by skilled operators or special fa- 
cilities. 

2.03. B.1 Preferable to match sample 
rather than specify method of exposure. 
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** OR ** 
1. Smooth finish: 

a. As cast using flat smooth non-porous molds. 

** OR ** 

1. Smooth finish: As cast using fluted, sculptured, 
board finish or textured form liners. 

** OR ** 

1. Textured finish: 

a. Achieve finish on face surface of precast con- 
crete units by form liners applied to inside of 

forms. 

b. Distress finish by breaking off portion of face 
of each flute. 

c. Achieve uniformity of cleavage by alternately 
striking opposite sides of flute. 

** OR ** 

1 . Exposed aggregate finish : 

a. Apply even coat of retardant to face of mold. 

b. Remove units from forms after concrete har- 
dens. 

c. Expose coarse aggregate by washing and brush- 
ing or lightly sandblasting away surface mortar. 

d. Expose aggregate to depth of 



** OR ** 
1. Exposed aggregate finish: 

a. Immerse unit in tank of acid solution. 

** OR ** 

a. Treat surface of unit with brushes which have 
been immersed in acid solution. 



NOTES TO SPECIFIERS 



2.03. B. 1 Difficult to obtain satisfactory 
finish. 



2.03. B. 1.a Many standard shapes of pla- 
stic form liners are readily available. 

2.03.B.l.b Delete if distressed finish is 
not desired. 



2.03.B.1.d Finishes obtained vary from 
light etch to a depth of reveal of 1/2 in., 
but must relate to the size of aggregates. 
Matrix can be removed to a maximum 
depth of one-third the average diameter of 
coarse aggregate but not more than one- 
half the diameter of smallest sized coarse 
aggregate. 



2. 03. B. 1 Use reasonably acid resistant ag- 
gregates such as quartz or granite. 
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b. Protect hardware, connections and insulation 
from acid attack. 

** OR ** 

1. Exposed aggregate finish: Use power or hand tools 
to remove mortar and fracture aggregates at the 
surface of units (bushhammer). 

** OR ** 

1 . Exposed aggregate finish: 

a. Hand place large facing aggregate or brick, or 
cobblestones over form bottom. 

b. Produce mortar joints by keeping cast concrete 
1/2 in. to 1 in. from face of unit. 



NOTES TO SPECIFIERS 



** OR ** 



1. Sandblasted finish: Sandblast away 

cement-sand matrix to expose aggregate face. 



of 



** OR ** 
1. Honed or polished finish: 



a. Polish surface by continued mechanical abra- 
sion with fine grit, followed by special treat- 
ment which includes filling of all surface holes 
and rubbing, 

** OR ** 

1. Veneer faced finish: 

a. Cast concrete over ceramic tile, brick or cut 
stone placed in the bottom of the mold. 



b. Connection of cut stone face material to con- 
crete shall be by mechanical means. 



2.03. B. 1 Use with softer aggregates such 
as dolomite and marble. 



2.03. B. 1 Exposure of aggregate by sand- 
blasting can vary from 1/16 in. or less to 
over 3/8 in. Remove matrix to a maxi- 
mum depth of one-third the average dia- 
meter of coarse aggregate but not more 
than one-half the diameter of smallest 
sized coarse aggregate. Depth of sand- 
blasting should be adjusted to suit the 
aggregate hardness and size. 

2. 03. B. 1 Honing and polishing of concrete 
are techniques which require highly skilled 
personnel. Use with aggregates such as 
marble, onyx, and granite. 

2.03. B. 1.a Delete if polished surface not 
desired. 



2.03. B. 1.a Full scale mock-up units with 
cut stone in actual production sizes, along 
with casting and curing of the units under 
realistic production conditions are essen- 
tial for each new or major application or 
configuration of the cut stones. Bowing 
should be carefully measured over several 
weeks in the normal storage area and the 
final details of stone sizes and fastening 
determined to suit the observed behavior. 

2,03.B.1.b Provide a complete bond- 
breaker between the cut stone face mate- 
rial and the concrete. Ceramic tile and 
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** *# ** 



2 back surfaces of precast concrete units 

after striking surfaces flush to form finish lines. 



C. Cover: 



1. Provide at least 3/4 in. cover for reinforcing steel. 



2. Do not use metal chairs, with or without coating, 
in the finished face. 

3. Provide embedded anchors, inserts, plates, angles 
and other cast-in items with sufficient anchorage 
and embedment for design requirements. 

D. Curing: 



1. Cure precast units until 2000 psi minimum com- 
pressive strength has developed before removing 
the units from the form. 

E. Panel Identification: 

1. Mark each precast panel to correspond to identi- 
fication mark on shop drawings for panel location. 

2. Mark each precast panel with date cast. 

F. Acceptance: Architectural precast units which do not 
meet the color and texture range or the dimensional 
tolerances may be rejected at the option of the Ar- 
chitect, if they cannot be satisfactorily corrected. 

2.04 CONCRETE TESTING: 

A. Make one compression test at 28 days for each day's 
production of each type of concrete. 

B. Specimens: 

1. Provide two test specimens for each compression 
test. 

2. Obtain concrete for specimens from actual pro- 
duction batch. 

3. 6 in. x 12 in. or 4 in. x 8 in. concrete test cylinder 
ASTMC31- 



NOTES TO SPECIFIERS 



brick are bonded to the concrete. 

2.03. B. 2 (Smooth float finish), (Smooth 
steel trowel), (Light broom), (Stippled 
finish). Use for exposed back surfaces of 
units. 



2. 03. C.I Increase cover requirements 
when units are exposed to corrosive en- 
vironment or severe exposure conditions. 

2. 03. C. 2 For smooth cast facing, stainless 
steel chairs may be permitted. 



2.03. D A wide variation exists in accep- 
table curing methods, ranging from no 
curing in some warm humid areas, to care- 
fully controlled moisture-pressure-temper- 
ature-curing. Consult with local panel 
manufacturers to avoid unrealistic curing 
requirements. 

2. 03. D. 1 Stripping strength should be set 
by the plant based on the characteristics 
of the product and plant facilities. 



2.04. A This test should be only a part of 
an in-pi ant quality control program. 



2.04. B. 1 One test specimen may be used 
to check the stripping strength. 
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** OR ** 
sized concrete cube, 



** ** ** 



4. Cure specimens using the same methods used for 
the precast concrete units until the units are 
stripped then moist cure specimens until test. 

Keep quality control records available for the Ar- 
chitect upon request for two years after final ac- 
ceptance. 



PART 3 -EXECUTION 

3.01 INSPECTION: 

A. Before erecting architectural precast concrete the 
General Contractor shall verify that structure and 
anchorage inserts not within tolerances required to 
erect panels have been corrected. 

B. Determine field conditions by actual measurements. 



3.02 ERECTION: 

A. Clear, well-drained unloading areas and road access 
around and in the building (where appropriate) shall 
be provided and maintained by the General Contrac- 
tor to a degree that the hauling and erection equip- 
ment for the architectural precast concrete products 
are able to operate under their own power. 

B. Erect adequate barricades, warning lights or signs to 
safeguard traffic in the immediate area of hoisting 
and handling operations. 

C. Set precast units level, plumb, square and true with- 
in the allowable tolerances. General Contractor shall 
be responsible for providing lines, center and grades 
in sufficient detail to allow installation. 

D. Provide temporary supports and bracing as required 
to maintain position, stability and alignment as units 
are being permanently connected. 

E. Non-cumulative tolerances for location of precast 
units shall be in accordance with PCI MNL 117. 



NOTES TO SPECIFIERS 



2.04. B. 3 Specify size. Cube specimens are 
usually 4 in. units, but 2 in. or 6 in. units 
are sometimes required. Larger specimens 
give more accurate test results than smaller 
ones. Source: (molded individually), 
(sawed from slab). 



2.04. C These records should include mix 
designs, test reports, inspection reports, 
member identification numbers along with 
date cast, shipping records and erection re- 
ports. 
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F. Set non-load bearing units dry without mortar, at- 
taining specified joint dimension with lead, plastic 
or asbestos cement spacing shims. 



G. Fasten precast units in place by bolting or welding, 
or both. 



3.03 PATCHING: 

A. Mix and place patching mixture to match color and 
texture of surrounding concrete and to minimize 
shrinkage. 



B. Adhere large patch to hardened concrete with bond- 
ing agent. 

3.04 CLEANING: 



A. After Installation:. 



shall clean soiled pre- 
cast concrete surfaces with detergent and water, using 
fiber brush and sponge, and rinse thoroughly with 
clean water. 

** OR ** 

A. Clean precast concrete panels with , 



* # *# * * 



B. Use acid solution only to clean particularly stub- 
born stains after more conservative methods have 
been tried unsuccessfully. 

C. Use extreme care to prevent damage to precast con- 
crete surfaces and to adjacent materials. 



NOTES TO SPECIFIERS 



3.02, F Shims should be near the back of 
the unit to prevent their causing spall on 
face of unit if shim is loaded. The selection 
of the width and depth of field-molded 
sealants, for the computed movement in a 
joint, should be based on the maximum 
allowable strain in the sealant. 

3.02. G The erector shall protect units 
from damage caused by field welding or 
cutting operations and provide non-com- 
bustible shields as necessary during these 
operations. Precast units shall be fastened 
in place as indicated on the approved erec- 
tion drawings. 



3. 03. A Patching is normally accomplished 
prior to final cleaning and calking. It is 
recommended that the precaster execute 
ail repairs or approve the methods pro- 
posed for such repairs by other qualified 
personnel. The precaster should be com- 
pensated for repairs of any damage for 
which he is not responsible. Patching 
should be acceptable providing the struc- 
tural adequacy of the product and the ap- 
pearance is not impaired. 

3. 03. B Bonding agent should no t be used 
with small patches. 

3.04 State whether erector or General 
Contractor responsible for cleaning. 



3. 04. A (acid- free commercial cleaners), 
(steam cleaning), (water blasting), (sand 
blasting). Use sand blasting only for units 
with original sand blasted finish. Ensure 
that materials of other trades are protected 
when cleaning panels. 
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D. Rinse thoroughly with clean water immediately after 
using cleaner. 

3.05 PROTECTION: 

A. The erector shall be responsible for any chipping, 
spalling, cracking or other damage to the units after 
delivery to the job site. After installation is com- 
pleted, any further damage shall be the responsiblity 
of the General Contractor. 

* END OF SECTION * 



NOTES TO SPECIFIERS 



The following should be placed in the General Conditions 
Section of the project specifications and renumbered for that section: 



A.I Payments 



A.1.1 



A.1.2 



Monthly progress payments equal to 90% of the in 
plant value will be made to the manufacturer for all 
products fabricated and stocked in the manufacturers 
plant prior to delivery. Progress payments shall not 
relieve the manufacturer from compliance with terms 
of his contract with the Buyer. 



Full payment for all products delivered and/or in- 
stalled will be made within 35 days of completion of 
all work under the contract and acceptance by the 
Architect. 



Industry practice is to fabricate, in ad- 
vance, products for each individual job in 
accordance with design requirements and 
dimensions for that job. Such products 
cannot normally be used on any other pro- 
ject. As monthly payment would be made 
for such products if they were fabricated 
on the site, mont/y progress payments for 
such material fabricated off site and stored 
for delivery and erection as scheduled is 
justified. 
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Inspection Checklist 

During Manufacture: 

A. Check qualifications of testing agencies. 

B. Where in-plant testing is to be performed, see that 
manufacturer's testing equipment is calibrated by 
testing agency personnel, and that manufacturer's 
testing personnel are qualified to perform work. 

C. Check casting and after-casting tolerances. Inspec- 
tors should be provided with quality instruments for 
measuring tolerances. 

D. Verify that production panels match texture and 
color of accepted job mock-up or panel samples. 

E. Examine concrete test results. 
Before Erection: 

A. Check precast concrete panel erector's experience 
and qualifications. 

B. Check welder's qualifications. 

C. Assure that precast concrete panels are stored on site 
with resilient and stain resistant spacers. 

D. Verify that panel identification marks are easily dis- 
cernible. 

E. Check field dimensions affecting erection. 
During Erection: 

A. Check erection tolerances. 

B. See that walls are clean and exposed metal spot paint- 
ed. 

After Erection: 

A. Inspect repairs for accurate color and texture match 
of surrounding concrete. 

B. Inspect panels after cleaning to see that they are 
properly prepared to receive calking and dampproof- 
ing. 
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Tables of Metric Conversion 

International System of Units (SI) 

SI Base Units 



Quantity 


Name 


Symbol 


length 


meter 


m 


mass 


kilogram 


kg 


time 


second 


s 


electric current 


ampere 


A 


thermodynamic temperature 


kelvin 


K 


amount of substance 


mole 


mol 


luminous intensity 


candela 


cd 



SI Supplementary Units 



Quantity 


Name 


Symbol 


plane angle 
solid angle 


radian 
steradian 


rad 
sr 



SI Derived Units 









In Terms 


In Terms 


Quantity 


Name 


Symbol 


of 
Other Units 


of 
Base Units 


frequency 


hertz 


Hz 


— 


s- 1 


force 


newton 


N 


— 


m • kg • s~ 2 


pressure, stress 


pascal 


Pa 


N/m 2 


m -i • kg • s~ 2 


energy, work, quantity 
of heat 


joule 


J 


N • m 


m 2 • kg • s" 2 


power 


watt 


W 


J/s 


m 2 • kg • s- 3 



SI Derived Units 



Quantity 


Description 


In Terms 

of 

Other Units 


In Terms 

of 
Base Units 


area 


square meter 


— 


m 2 


volume 


cubic meter 


— 


m 3 


density, mass density 


kilogram per cubic 
meter 


— 


kg/m 3 


specific volume 


cubic meter per 
kilogram 


— 


m 3 /kg 


moment of force 


newton meter 


N°m 


m 2 »kg®s- 2 


heat capacity 


joule per kelvin 


J/K 


m 2 «kg«s- 2 *K- 1 


specific heat capacity 


joule per kilogram 
kelvin 


J/kg*K 


m 2 «s- 2 «K- 1 


thermal conductivity 


watt per meter 
kelvin 


W/rmK 


m«kg«s- 3 K~ 1 



Other Units to Use with SI 



Quantity 


Name 


Symbol 


Value in SI Units 


time 


minute 


min 


1 min = 60s 




hour 


h 


1 h = 3600s 


plane angle 


degree 


o 


1° = (7r/180)rad 




minute 


/ 


1 ' = (tt/10 800) rad 


temperature 


degree 
Celsius 


°C 


1°C (interval) = 1 K 
0°C = 273.15 K 


mass 

„. 


tonne 


t 


1 t = 1000 kg 



Conversion Factors 

U.S. Customary to SI 



To convert from 


to 


multiply by 


Length 


foot 
inch 


meter (m) 
millimeter (mm) 


0.3048 
25.4 


Area 


square foot 
square inch 


square meter (m 2 ) 
square millimeter (mm 2 ) 


0.0929 
645.2 


Volume (capacity) 


cubic foot 
gallon (U.S. liquid) 


cubic meter (m 3 ) 
cubic meter (m 3 ) 


0.02832 
0.003785 


Force 


kip 
pound 


kilonewton (kN) 
newton (N) 


4.448 
4.448 


Pressure or Stress (Force per Area) 


kip/square inch (ksi) 
pound/square foot 
pound/square inch (psi) 
pound/square inch (psi) 


megapascal (MPa) 
kilopascal (kPa) 
kilopascal (kPa) 
megapascal (MPa) 


6.895 
0.04788 
6.895 
0.006895 



To convert from 



to 



multiply by 





Bending Moment or Torque 




inch-pound 


newton-meter (N®m) 


0.1130 


foot-pound 


newton-meter (N®m) 


1.356 


foot-kip 


newton-meter (•) 


1.356 


Mass 


pound (avdp) 


kilogram (kg) 


0.4536 


ton (short, 2000 lb) 


kilogram (kg) 


907.2 


ton (short, 2000 lb) 


tonne (t) 


0.9072 


Mass per Volume 


pound/cubic foot 


kilogram/cubic meter (kg/m 3 ) 


16.02 


pound/cubic yard 


kilogram/cubic meter (kg/m 3 ) 


0.5933 


Temperature 


deg Fahrenheit (F) 


deg Celsius (C) 


C = (F- 32)5/9 


deg Fahrenheit (F), interval 


deg Celsius (C), interval 


5/9 


Other 


section modulus in. 3 


mm 3 


16,387 


moment of inertia in. 4 


mm 4 


416,231 


Coefficient of heat transfer, 
Btu/ft 2 hr °F 


W/m 2 *°C 


5.678 


Modulus of elasticity, psi 


MPa 


0.006895 


Thermal conductivity, 
Btu/in./ft 2 hr °F 


W/m«°C 


0.1442 


Thermal expansion in./in. °F 


mm/mm® °C 


1.800 


f c , psi 


MPa 


0.083036 f' c 



INDEX 



Page No. 

Absorption 9-4 

Absorption of sound 14-5 

Acceptable noise criteria 14-7 

Acoustical properties 14-1 to 14-13 

Acoustical test data 14-4, 14-5 

Airborne sound 14-3 

Aircraft cable 4-15 

Air-entrained concrete 1-4 

Alignment connections 2-93 

Allowable loads 

Fresh concrete 7-2 

Connectors 6-9 

Lateral on forms 7-3 

Allowable stresses 

Elastomeric 2-67 

Sandwich panels 6-3 

Segmental 10-6 

Transportation 4-23 

Welds 2-60 

Amplification factor 4-24 

Anchorage elements 2-35 

Anchorage strengths 2-27 

Anchor plates 10-7 

Anchor plate connections 2-5, 2-96 

Angles 2-41 

Angle gages 2-41, 2-43 

Angle seat connections 2-90 

Architectural details 

Column covers 8-3 

Sandwich panels 6-12 

Spandrels 11-8 

Architectural precast concrete used as forms. 7-1 to 7-12 

Arc welding 2-47 

Aspect ratio 5-30 

Auxiliary bracing 4-23 

Axial deformations 5-30 

Bars 2-19 

Bar, prestressing, properties 1-25 

Base shear 11-3 

Bearing — concrete on steel 2-47 

Bearing connectors 2-22 

Bearing pads 2-3, 2-67 

Bearing strength 2-33 

Bearing wall design 5-10 to 5-23 

Bolts 

Allowable loads 2-19, 2-20 

Bearing capacity 2-33, 2-34 

Capacity 2-22 

Dimensions 2-20, 2-23 

Expansion inserts 2-4 

Group action 2-40 

Loop inserts 2-3 

Reduction factors 2-40 

Standard usage 2-10 

Bolts, cast-in 2-3 

Bond, lifting loops 4-13 

Bond breaker, veneer panels 9-5 

Bowing 3-3, 6-10 

Brick 9-3, 9-6 



Page No. 

Camber, forms 7-4 

Cantilevers 5-7 

Capacity reduction factors 2-16 

Carbon equivalent 2-48 

Cast-in bolts 2-3 

Cast-in seat connections 2-89 

Cement grout 2-40 

Center of rigidity 5-25 

Ceramic products 9-3 

Clearance 2-9, 3-7 

Closed joints 2-82, 10-3 

Coefficients of friction 2-75 

Columns, architectural forms 7-3 

Column covers 8-1 to 8-6, 12-12 to 12-14 

Column shortening 5-5 

Composite design 7-4 

Composite walls, acoustical 14-10 

Compression members, forms 7-5 

Compression reinforcement 2-45 

Compressive strength 1-2 to 1-4 

Concrete 1-2 to 1-7 

Concrete capacity reduction factor 2-16 

Concrete bearing 2-46 

Concrete bearing capacity 2-44 

Concrete properties 1-2 to 1-11 

Condensation 13-18 to 13-22 

Confined bearing 2-46 

Connections 

Analysis and design 2-17 

Cast-in place 2-88 

Cold weather protection 2-10 

Clearance 2-8 

Design loads 5-30 

Earthquake forces 2-14 

Eccentricities 2-16 

Erection considerations 2-9, 5-30 

Field concreting 2-10 

Fire protection 12-10 

Floor to wall 2-85 

Guidelines 2-36 

Load bearing walls 2-75 

Load-deformation 2-33 

Production considerations 2-6 

Protection 2-8 

Seismic 11-4, 11-7 

Structural design 2-14 

Tolerances 2-9, 2-17 

Types 2-18 

Typical loads 2-11 

Construction joints 7-6 

Control joints, sandwich panels 6-11 

Cooling loads 13-13 

Corbel design 2-72 

Corbel seat connections 2-89, 2-101 

Core wall 5-39 

Corners 

Movement 5-61 

Sandwich panels 6-11 

Corrosion protection 2-8 

Couplers 10-6 



Page No. 

Cover 1-27,1-28 

Crack control 7-4 

Crack width 4-5 

Creep 1-8 to 1-11, 2-11, 4-20 

Critical buckling load 5-13 

Curing 

Sandwich panels 6-3 

Techniques 1-3, 1-4 

Deflections 5-24, 10-7 

Deformations 5-4 

Deformed bars, stud welding 2-67 

Design, preliminary considerations 5-3, 5-41 

Design models 5-35 

Design temperature 5-60, 13-7, 13-12 

Development length 1-21, 1-22, 4-4 

Dew point 13-2, 13-19 

Diaphragm 5-55 

Differential movements 2-12 

Differential temperature 4-18 

Dimensional tolerances 3-4 

Direct seat connections 2-89 

Dowels 2-5, 2-40, 2-105 

Draft 4-2 

Drift 5-29,11-6 

Drying Shrinkage 1-8 

Drypack 1-11 to 1-13 

Ductility 2-28, 2-32, 2-39, 4-12 

Dynamic stresses 4-24, 4-25 

Earthquake design 11-1 to 11-22 

Eccentricities 2-6 

Eccentricity 

Minimum 5-14 

Sandwich panels 6-11 

Edge distance 2-22, 2-33, 2-36, 2-39, 2-43 

Effective flange width 5-31, 5-32 

Elastic shortening 2-12 

Elastomeric bearing pads 2-14, 2-67 

Electrodes 2-47, 2-48 

Embedded steel shapes 2-6, 2-44, 2-97 

Embedment length 2-38 

Embedment 2-41, 2-45 

Epoxy 1-13, 2-5, 2-42, 10-4 

Equivalent diagonals 5-62 

Equivalent moment of inertia 5-15 

Equivalent strut 5-62 

Equivalent thickness 5-15 

Erection 4-25, 15-1 5 to 15-17 

Euler curve 5-15 

Expansion inserts 2-5, 2-38 to 2-40, 2-103 

Exterior forms 7-2 

Factor of safety 

Lateral stability 4-21 

Temporary bracing 4-26 

Fabric bearing pads 2-68 

Field welding 2-10 

Fillet welds 2-51, 2-52, 2-61, 2-63 

Fire 

Barriers 12-8 

Endurance 12-4 

Protection, connections 2-8, 12-10 

Resistance 12-1 to 12-14 

Flat panels, handling 4-11 

Flexural 

Deformation 5-30, 5-31 
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Tension 1-5 

Floor beams 5-60 

Forms, precast as 7-1 to 7-1 1 

Form ties 7-5 

Frequency 

Acoustical 14-10 

Dynamic stresses 4-24 to 4-26 

Friction 2-47, 2-75 

Frictionless pads 2-70 

Galvanizing 1-28 

Granite 9-5 

Groove welds 2-50, 2-61 

Grout 1-11 to 1-13, 2-5 

Grouting, segmental 10-8 

Grout joints 2-79 

Guide specifications 15-1 to 15-18 

Handling 4-3, 4-5, 4-11, 4-13 

Hanger 

Connections 2-92 

Reinforcing 2-33 

Headed concrete anchors 2-23 

Heating loads 13-12, 13-13 

Horizontal force factor 11-3 

Horizontal joint, shear-design 5-54 

Impact noise 14-3 

Importance factor 11-3 

Infill panels 5-61, 5-62 

Inserts 2-8, 2-34 

Inspection 2-8, 15-18 

Insulation 

Installation 6-5 

Sandwich panels 6-4 

Thermal properties 13-5 

Interaction 

Architectural forms 7-2 

Curves 5-18 

Diagram, bolts 2-24 

Sandwich panels 6-3 

Joint types, welding 2-50, 2-53 

Joints 

Architectural forms 7-6 

Earthquake 11-6 

Fire 12-9 to 12-12 

Force systems 2-80 

Grooved joints 2-76 

Hinge Connections 2-76 

Horizontal 2-79 

Keyed 2-77 

Locations 2-18 

Segmental 10-2 

Veneer 9-7 

Vertical 2-76, 5-29 

Kern 5-14 

Lap lengths 1-21, 1-22 

Lateral buckling 4-22 

Lateral deflection 5-29 

Lateral load connections 5-52 

Lateral loads 5-31, 5-45 

Lateral pressure of fresh concrete 7-2 

Lateral stability 4-20 

Lead 2-72 
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Lifting loops 4-14 

Limestone 9-7, 9-9 

Linear connections 2-79 

Loads, uniform distribution 5-11 

Load bearing walls 5-10 

Connections 2-75 

Loads . 5-11 

Load limits 4-22 

Load multipliers . 4-5, 5-31 

Location of connections 2-13 

Loop inserts 2-22, 2-35 

Low friction washers 2-10 

Low rise building 5-25, 5-31 

Manufacture 

Specification 15-11 to 15-14 

Tolerances 3-2 to 3-5 

Masonry connections 2-93 

Materials 1-1 to 1-29 

Materials specification 15-7 to 15-11 

Mechanical connections 2-77 

Minimum reinforcing 5-3, 5-13, 6-3 

Misalignment allowance 2-9 

Modeling 5-39 

Modulus of elasticity 1-6, 1-7 

Moment of inertia, sandwich panels 6-3 

Moment magnifier . . 5-13 

Mortars 1-11 to 1-13 

Mullions 5-12, 5-30, 5-45, 5-46, 5-48, 8-1 to 8-6 

Natural stone 9-5, 9-7 

Neoprene bearing pads 2-67, 5-51 

Noise control 14-9 

Non-load bearing walls 4-3 

Connections 2-89 

Non-uniform concrete bearing 2-46 

Nuts, standard dimensions 2-21 

Open joints 10-3, 2-81 

Panel size 2-13 

Panels with openings 5-5 

Partial shear cones 2-29 

Permeance 13-2, 13-19 

Plate seat connections 2-91 

Plastics 2-72 

Plastic coated tendons , 4-5 

Plug welds 2-51 

Poisson's ratio 1-7 

Polar moment of inertia 2-66 

Post-tensioning 2-6, 2-84 

Segmental 10-7 

Precast concrete used as forms 7-1 to 7-11 

Composite design 7-4 

Construction considerations 7-5 

Crack control 7-4 

Deflection 7-4 

Formwork accessories 7-3 

Joints 7-6 

Preheat temperatures 2-50 

Pretensioning 4-4 

Prestressing 

Sandwich panels 6-4 

Veneer panels 9-3 

Steel properties 1-25 

Tendons 1-24 to 1-28 

Product analysis 4-1 to 4-46 
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Properties of materials 

Concrete 1-2 to 1-11 

Thermal 13-4 to 13-6 

Reinforcement 1-13 to 1-29 

Protection 2-6, 2-8 

Pullout strength 2-36 

Quality control, stud welding 2-67 

Radius of gyration 5-14 

Rate of placement 7-3 

Reinforcement 1-13 to 1-28 

Connections 2-6 

Controlled cracking 4-5, 4-7 

Corbels 2-74 

Minimum 5-3 

Sandwich panels 6-3 

Segmental 10-6 

Welding 2-6, 2-50, 2-65 

Reinforcing bars . ■ 1-18 to 1-24 

Reinforcing bar properties 1-19 

Relative humidity 13-2 

Restrained volume changes 2-12 

Ribbed Panels 

Design for production 4-15 

Fire 12-5 

Handling 4-11 

Sandwich 6-3, 6-8 

Wall 5-15 

Rolling blocks 4-13 

Safety factors 2-16, 4-10 

Sandwich panels 6-1 to 6-15 

Allowable load on connectors 6-9, 6-10 

Architectural design considerations 6-10 

Bond breaker 6-5 

Cladding panels — structural design 6-11 

Composite 6-2 

Details 6-12 

Fire 12-5 to 12-7 

Non-composite 6-2 

Panel size 6-6 

Ribbed panels 6-8 

Seismic 11-7 

Shear connectors 6-7 

Tension-compression ties 6-7 

Wythe connectors 6-6 

Screw threads 2-20 

Sealants — thermal 14-12 

Seat connections 2-3,2-45 

Segmental concrete 10-1 to 10-23 

Deflections 10-7 

Epoxy 10-4 

Grouting 10-8 

Seismic design 11-1 to 11-22 

Settlement 4-18 

Shape details 4-2 

Shear Cones 2-27 

Shear Connectors 6-7 

Shear Deformation 5-30, 5-31 

Shear Distribution 5-53 

Shear Friction 2-46, 2-47, 2-72, 2-77, 5-29 

Shear Lag 5-31 , 5-40 

Shear Walls 2-86, 5-24, 5-25, 5-35 

Sheathing 10-7 

Shrinkage 1-8, 2-1 1 , 4-20 

Sidesway 5-13 
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Skew bolt 2-37 

Slender beams 5-6 

Slenderness 5-13, 5-14, 5-15 

Sleeve anchors 6-7 

Slot welds 2-51 

Soil modulus 5-25 

Solid wall panels 5-13 

Sound absorption 14-5 

Sound transmission class (STC) 14-3 

Spandrels 

Load bearing 5-8 

Non-load bearing 5-6 

Special anchorage systems 2-8 

Specifications 15-1 to 15-18 

Splitting tension , 1-5, 1-6 

Stainless steel 2-48, 6-7 

Standardization 2-6 

Steel — capacity reduction factor 2-16 

Steel stresses for crack widths 4-5 

Stiffeners 2-43 

Stone anchorage 9-5, 9-8 

Storage 4-18 

Strain compatability 5-14 

Strand 

Maximum size 4-4 

Prestressing, properties 1-25 

Strenghtening of existing structures — seismic ... 11-8 

Stress limitations 4-3 

Stripping forces 4-3, 4-1 1 

Struts 2-35, 2-36 

Studs 2-19, 2-23 

Stud welding 2-67 

Suction, brick 9-4 

Surface conductance 13-2 

Swivel plates 4-15 

Tack welds 2-50 

Tall structures 5-30, 5-31, 5-33, 5-34, 5-41 

Temporary bracing 4-26 

Temporary connections 2-9 

Temporary strengthening 4-24 

Tensile strength 1-4 to 1-6 

TFE bearing pads 2-70, 2-71, 2-72 

Thermal 

Bridges 6-5, 13-22 

Conductance 13-2 

Design 13-1 to 13-22 

Expansion 1-8 

Resistance 13-2 

Storage 13-12 

Thermite welding 2-10 

Thin grout joints 2-79 

Threads 2-21 , 2-22 

Threaded insert 2-8, 7-5 

Tie back connections 2-5, 2-91, 2-94 

Minimum horizontal force 2-15 

Tolerances 2-8, 3-1 to 3-9 

Cast-in-place frame 3-6 

Clearance 3-7 

Column covers 8-2 

Composite structure 3-7 

Connections 2-8, 3-8 

Dimensional 3-4 

Erection 2-9, 3-5 to 3-9 

Interfacing 3-5 

Joints 3-8, 3-9 

Mullions 8-2 
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Natural stone 9-5 

Precast frame 3-7 

Steel frame 3-6, 3-7 

Torsion 5-8, 5-39, 11-6 

Transportation 4.3, 4-22 

Tube structure 5-30 

U-values 13-7, 13-8 to 13-10, 13-15 

Unbonded tendons 10-8 

Unconfined bearing 2-46 

Vapor pressure 13-21 

Veneered face panels 9-1 to 9-14 

Anchorage to stone facing 9-5 

Bond 9-4 

Structural clay products 9-3 

Vertical joints 2-76, 5-29, 5-56 

Vibrations 2-36, 2-38 

Vibration isolation 14-12 

Vierendeel truss 5-11, 5-23, 5-30, 5-45, 10-2, 10-8 

Volumechanges 1-7 to 1-11, 2-6, 2-11, 5-60 



Walls 

Acoustical properties 

Architectural forms 

Deflection 

Deformation 

Fire endurance 

Joints 

Preliminary design 

Restraining forces 

Ties 

Vertical joints 

Floor to wall connections 2-85, 

Wall to foundation connections 

Warpage 3-3, 

Wedge inserts 

Weld groups 

Welded connections 

Welded wire fabric 1-14 to 

Welding 

Allowable stresses 

Carbon equivalent 

Concrete cracking 

Edge preparation 

Electrodes 

Joint types 2-50, 

Preheat 

Quality 2-47, 

Stainless steel 

Welds 

Design 

Symbols 

Types 

Wind 4-27,5-5, 

Window walls 2-106, 

Wire sizes 

Wood 

Wythe connectors 
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. 7-3 
5-24 
5-4 
12-3 
2-77 
. 5-3 
. 5-4 
. 9-4 
5-29 
2-86 
2-86 
5-24 
2-36 
2-62 
2-47 
1-18 
2-10 
2-60 
2-48 
2-66 
2-50 
2-47 
2-52 
2-48 
2-49 
2-48 

2-52 
2-58 
2-50 
5-29 
12-7 
2-36 
2-72 
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